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Static and Seismic Pile Foundation Design by Load Tests
and Calculation Models
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(3 Dr. Victor de Mello Goa Lecture, presented on September 20 , 2019, in Farmagudi, Goa, India)
P.S. Sêco e Pinto
Abstract. In this paper geotechnical design is addressed and particularly Static and Seismic Pile Foundation Design by
Load Tests and Calculation Models. Within this framework Eurocode 7 - Geotechnical Design and Eurocode 8 - Design of
Structures for Earthquake Resistance are introduced. The ultimate limit states and the serviceability limit states are
discussed. Potential liquefiable soils and remedial measures are addressed. Two case histories related with pile design,
namely the New Tagus bridge foundation design and the pile design and liquefaction potential evaluation of Leziria bridge
foundations based in Eurocodes 7 and 8, are presented. Some conclusions are drawn.
Keywords: bridges, case histories, eurocodes, liquefaction, pile foundations.

Foreword
Prof. Victor de Mello acted as President of the International Society for Soil Mechanics and Foundations Engineering during the tenure 1981-1985 and will be remembered for his actions and passion to implement geotechnical
activities worldwide.
Professor Victor de Mello is a man of prodigious energy and fine intellect. A genial thinker, Victor de Mello
was one the bright talents that have enlightened the Geotechnical Engineering road.
I had the opportunity to meet Prof. Victor de Mello in
Mozambique in 1972, when he was acting as Consulting
Expert for Massingir dam and I was initiating my first steps
in geotechnical engineering. My debt of gratitude for him is
so huge and I would like to recall this Master who taugh me
to think, to investigate, to be in Geotechnique and whose
friendship was for me a great lesson.
Professor Victor de Mello was often invited to be
Keynote Speaker at international conferences of geotechnical engineering and other events and we always listened
to his lectures with great interest and pleasure, as they were
challenging and opened new avenues of research.
I would like to highlight from Prof. Victor de Mello
outstanding curriculum: i) his solid scientific background
and research contributions to the advancement of knowledge of embankment dams and special foundations; ii) his
significant contribution as author/co-author of papers for
Journals, widely accepted throughout the world; (iii) his excellent lecturing and teaching ability to communicate, to
support and to encourage students; (iv) his skill to establish
synergies with Industry.

His legacy will last for many generations and will always be a source of great inspiration for all geotechnical
engineers.
Victor de Mello has oriented his existence to a great
and noble ideal and has always taught us that the correct
method to learn science is to pursue the discovery of the scientific truth.
His legacies, where the Scientist, the Professor and
the Engineer are integrated into one soul, were the beauty
and the truth friendly given. I believe that everybody will
fully agree with me in classifying his activity with five E’s Exciting, Elegant, Efficient, Excellent and Extraordinary.
But it is not sufficient to remember the Master, it is important to follow his example, to give continuity with energy
and perseverance to his heritage. This will be the best contribution of the current and next generations to honor Victor
de Mello memory.

1. Introduction
The Commission of the European Communities
(CEC) initiated in 1975 the establisment of a set of harmonized technical rules for the structural and geotechnical design of buildings and civil engineering works based on
article 95 of the EC Treaty. In a first stage, they would serve
as alternative to the national rules applied in the various
Member States and in a final stage they will replace them.
From 1975 to 1989, the Commission, with the help of
a Steering Committee with Representatives of the Member
Ststes, developed the Eurocodes programme.
The Commission, the Member states of the EU and
EFTA decided in 1989, based on an agreement between the
Commission and CEN, to transfer the preparation and the
publication of the Eurocodes to CEN.

Pedro S. Sêco e Pinto, Dr., Consulting Geotechnical Engineer, National Laboratory of Civil Engineering (LNEC), University of Coimbra, Coimbra, ISSMGE President
(2005-2009), Portugal. e-mail: pinto.pss@gmail.com.
Invited Lecture, no discussions.
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The Structural Eurocode programme comprises the
following standards:
EN 1990 Eurocode - Basis of structural design
EN 1991 Eurocode 1 - Actions on structures
EN 1992 Eurocode 2 - Design of concrete structures
EN 1993 Eurocode 3 - Design of steel structures
EN 1994 Eurocode 4 - Design of composite steel and
concrete structures
EN 1995 Eurocode 5 - Design of timber structures
EN 1996 Eurocode 6 - Design of masonry structures
EN 1997 Eurocode 7 - Geotechnical design
EN 1998 Eurocode 8 - Design of structures for earthquake resistance
EN 1999 Eurocode 9 - Design of aluminium structures.
The work performed by the Commission of the European Communities (CEC) in preparing the “Structural
Eurocodes” in order to establish a set of harmonised technical rules is impressive.
The current tendency is to prepare unified codes for
different regions but keeping the freedom for each country
to choose the safety level defined in each National Document of Application. The global safety factor was replaced
by partial safety factors applied to actions and to the
strength of materials.
In this lecture, a summary of the main topics covered
by Eurocodes 7 and 8 for Static and Seismic Pile Foundation Design by Load Tests and Calculation Models is addressed for a better understanding of the New Tagus and
Leziria bridges foundation design.
In dealing with these topics, we should never forget
the memorable lines of Lao-Tze, Maxin 64 (550 B.C.):

Section 3: Geotechnical data
Section 4: Supervision of construction, monotoring
and maintenance
Section 5: Fill, dewatering, ground improvement and
reinforcement
Section 6: Spread foundations
Section 7: Pile foundations
Section 8: Anchorages
Section 9: Retaining structures
Section 10: Hydraulic failure
Section 11: Overall stability
Section 12: Embankments.
2.2.1. Design requirements

The Eurocode 7 (EC7) “Geotechnical Design” gives a
general basis for the geotechnical aspects of the design of
buildings and civil engineering works. A link is established
between the design requirements addressed in Part 1 and
the results of laboratory tests and field investigations run
according to standards, codes and other accepted documents covered by Part 2.
EN 1997 is concerned with the requirements for
strength, stability, serviceability and durability of structures. Other requirements, e.g. concerning thermal or sound
insulation, are not considered.

The following factors shall be considered when determining the geotechnical design requirements:
• site conditions with respect to overall stability and
ground movements;
• nature and size of the structure and its elements, including any special requirements such as the design life;
• conditions with regard to its surroundings (neighbouring
structures, traffic, utilities, vegetation, hazardous chemicals, etc.);
• ground conditions;
• groundwater conditions;
• regional seismicity;
• influence of the environment (hydrology, surface water,
subsidence, seasonal changes of temperature and moisture
For each geotechnical design situation it shall be verified that no relevant limit state is exceeded.
Limit states can occur either in the ground or in the
structure or by combined failure in the structure and the
ground.
Limit states should be verified by one or a combination of the following methods: design by calculation, design by prescriptive measures, design by load tests and
experimental models and an observational method.
To establish geotechnical design requirements, three
Geotechnical Categories, 1, 2 and 3 are introduced:
• Geotechnical Category 1 includes small and relatively
simple structures.
• Geotechnical Category 2 includes conventional types of
structure and foundation with no exceptional risk or difficult soil or loading conditions.
• Geotechnical Category 3 includes: (i) very large or unusual structures; (ii) structures involving abnormal risks,
or unusual or exceptionally difficult ground or loading
conditions; and (iii) structures in highly seismic areas.

2.2. Eurocode 7 - Geotechnical design - Part 1

2.2.2. Geotechnical design by calculation

The following subjects are covered in EN 1997-1 Geotechnical Design:
Section 1: General
Section 2: Basis of geotechnical design

Design by calculation involves:
• actions, which may be either imposed loads or imposed
displacements, for example from ground movements;
• properties of soils, rocks and other materials;

“The journey of a thousand miles begins with
one step”.

2. Eurocode 7 - Geotechnical Design
2.1. Introduction
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• geometrical data;
• limiting values of deformations, crack widths, vibrations, etc.
• calculation models.
The calculation model may consist of: (i) an analytical model; (ii) a semi-empirical model; or (iii) a numerical
model.
Where relevant, it shall be verified that the following
limit states are not exceeded:
• loss of equilibrium of the structure or the ground, considered as a rigid body, in which the strengths of structural
materials and the ground are insignificant in providing
resistance (EQU);
• internal failure or excessive deformation of the structure
or structural elements, including footings, piles, basement walls, etc., in which the strength of structural materials is significant in providing resistance (STR);
• failure or excessive deformation of the ground, in which
the strength of soil or rock is significant in providing resistance (GEO);
• loss of equilibrium of the structure or the ground due to
uplift by water pressure (buoyancy) or other vertical actions (UPL);
• hydraulic heave, internal erosion and piping in the
ground caused by hydraulic gradients (HYD).
The selection of characteristic values for geotechnical
parameters shall be based on derived values resulting from
laboratory and field tests, complemented by well-established experience.
The characteristic value of a geotechnical parameter
shall be selected as a cautious estimate of the value affecting the occurrence of the limit state.
For limit state types STR and GEO in persistent and
transient situations, three Design Approaches are outlined.
They differ in the way they distribute partial factors between actions, the effects of actions, material properties
and resistances. In part, this is due to differing approaches
to the way in which allowance is made for uncertainties in
modeling the effects of actions and resistances.
In Design Approach 1, partial factors are applied to
actions, rather than to the effects of actions and ground parameters.
In Design Approach 2, partial factors are applied to
actions or to the effects of actions and to ground resistances.
In Design Approach 3, partial factors are applied to
actions or the effects of actions from the structure and to
ground strength parameters.
It shall be verified that a limit state of rupture or excessive deformation will not occur.
It shall be verified serviceability limit states in the
ground or in a structural section, element or connection.
2.2.3. Design by prescriptive measures
In design situations where calculation models are not
available or not necessary, the exceedance of limit states

Soils and Rocks, São Paulo, 42(3): 211-244, September-December, 2019.

may be avoided by the use of prescriptive measures. These
involve conventional and generally conservative rules in
the design, and attention to specification and control of materials, workmanship, protection and maintenance procedures.
2.2.4. Design by load tests and experimental models
When the results of load tests or tests on large or small
scale models are used to justify a design, the following features shall be considered and allowed for:
• differences in the ground conditions between the test and
the actual construction;
• time effects, especially if the duration of the test is much
less than the duration of loading of the actual construction;
• scale effects, especially if small models are used. The effect of stress levels shall be considered, together with the
effects of particle size.
Tests may be carried out on a sample of the actual
construction or on full scale or smaller scale models.
2.2.5. Observational method
When prediction of geotechnical behaviour is difficult, it can be appropriate to apply the approach known as
“the observational method”, in which the design is reviewed during construction.
The following requirements shall be met before construction is started:
• the limits of behaviour which are acceptable shall be established;
• the range of possible behaviour shall be assessed and it
shall be shown that there is an acceptable probability that
the actual behaviour will be within the acceptable limits;
• a plan of monitoring shall be devised, which will reveal
whether the actual behaviour lies within the acceptable
limits. The monitoring shall make this clear at a sufficiently early stage and with sufficiently short intervals to
allow contingency actions to be undertaken successfully;
• the response time of the instruments and the procedures
for analyzing the results shall be sufficiently rapid in relation to the possible evolution of the system;
• a plan of contingency actions shall be devised, which
may be adopted if the monitoring reveals behaviour outside acceptable limits.
2.3. Eurocode 7 - Part 2
EN 1997-2 is intended to be used in conjunction with
EN 1997-1 and provides rules supplementary to EN 1997-1
related to the:
• planning and reporting of ground investigations;
• general requirements for a number of commonly used
laboratory and field tests;
• interpretation and evaluation of test results;
• derivation of values of geotechnical parameters and coefficients.
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The field investigation programme shall contain:
• a plan with the locations of the investigation points including the types of investigations;
• the depth of the investigations;
• the type of samples (category, etc.) to be taken including
specifications on the number and depth at which they are
to be taken;
• specifications on the groundwater measurement;
• the types of equipment to be used;
• the standards that are to be applied.
The laboratory test programme depends in part on
whether comparable experience exists.
The extent and quality of comparable experience for
the specific soil or rock should be established.
The results of field observations on neighbouring
structures, when available, should also be used.
The tests shall be run on specimens representative of
the relevant strata. Classification tests shall be used to
check whether the samples and test specimens are representative.
This can be checked in an iterative way. In a first step,
classification tests and strength index tests are performed
on as many samples as possible to determine the variability
of the index properties of a stratum. In a second step, the
representativeness of strength and compressibility tests can
be checked by comparing the results of the classification
and strength index tests of the tested sample with entire results of the classification and strength index tests of the
stratum.
Figure 1 shows the flow chart that demonstrates the
link between design and field and laboratory tests. The design part is covered by EN 1997-1; the parameter values
part is covered by EN 1997-2.

3. Eurocode 8 - Design of Structures for
Earthquake Resistance
3.1. Introduction
Eurocode 8 (EC8), “Design of Structures for Earthquake Resistance”, deals with the design and construction
of buildings and civil engineering works in seismic regions
and it is divided in six Parts.
Part 1 is divided in 10 sections:
Section 1 - contains general rules, seismic actions and
rules for buildings;
Section 2 - contains the basic performance requirements and compliance criteria applicable to buildings and
civil engineering works in seismic regions;
Section 3 - gives the rules for the representation of
seismic actions and their combination with other actions;
Section 4 - contains general design rules relevant specifically to buildings;
Section 5 - presents specific rules for concrete buildings;
Section 6 - gives specific rules for steel buildings;
Section 7 - contains specific rules for composite
steel-concrete buildings;
Section 8 - presents specific rules for timber buildings;
Section 9 - gives specific rules for masonry buildings;
Section 10 - contains fundamental requirements and
other relevant aspects for the design and safety related to
base isolation.
Further Parts include the following:
Part 2 contains provisions relevant to bridges.
Part 3 presents provisions for the seismic strengthening and repair of existing buildings.

Figure 1 - Flow chart that demonstrates the link between design and field and laboratory tests.
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Part 4 gives specific provisions relevant to tanks, silos
and pipelines.
Part 5 contains specific provisions relevant to foundations, retaining structures and geotechnical aspects and
complements the rules of Eurocode 7, which do not cover
the special requirements of seismic design.
Part 6 presents specific provisions relevant to towers,
masts and chimneys.

Artificial accelerograms shall match the elastic response spectrum. The number of the accelerograms to be
used shall give a stable statistical measure (mean and variance) and a minimum of 3 accelerograms should be used
and also some others requirements should be satisfied.
For structures with special characteristics, spatial models of the seismic action shall be used based on the principles of the elastic response spectra.

3.2. Seismic action

3.3. Ground conditions and soil investigations

The definition of Actions (with the exception of seismic actions) and their combinations is treated in Eurocode
1 “Actions on Structures”.
In general, the national territories are divided by the
National Authorities into seismic zones, depending on the
local hazard.
The earthquake motion in EC 8 is represented by the
elastic response spectrum definedag by 3 components.
In EC 8, in general, the hazard is described in terms of
a single parameter, i.e. the value ag of the effective ground
acceleration in rock or firm soil called “design ground acceleration” (Fig. 2) expressed in terms of: a) the reference
seismic action associated with a probability of exceedance
(PNCR) of 10 % in 50 years; or b) a reference return period
(TNCR) = 475, where: Se (T) elastic response spectra, T: vibration period of a linear single-degree-of-freedom system,
ag: design ground acceleration, TB, TC: limits of the constant
spectral acceleration branch, TD: value defining the beginning of the constant displacement response range of the
spectra, S: soil factor with reference value 1.0 for subsoil
class A, h: damping correction factor with reference value
1.0 for 5 % viscous damping.
It is recommended the use of two types of spectra:
Type 1 if the earthquake has a surface wave magnitude, Ms,
greater than 5.5, and Type 2 in other cases.
The seismic motion may also be represented by
ground acceleration time-histories and related quantities
(velocity and displacement).

Figure 2 - Elastic response spectra (after EC8).
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For the ground conditions five ground types A, B, C,
D and E are considered:
Ground type A - rock or other geological formation,
including at most 5 m of weaker material at the surface,
characterized by a shear wave velocity Vs of at least
800 m/s;
Ground type B - deposits of very dense sand, gravel or
very stiff clay, at least several tens of m in thickness, characterized by a gradual increase of mechanical properties
with depth shear wave velocity between 360-800 m/s,
NSPT > 50 blows and cu > 250 kPa.
Ground type C - deep deposits of dense or medium
dense sand, gravel or stiff clay with thickness from several
tens to many hundreds of meters, characterized by a shear
wave velocity from 160 m/s to 360 m/s, NSPT from 15 to
50 blows and cu from 70 to 250 kPa.
Ground type D - deposits of loose to medium cohesionless soil (with or without some soft cohesive layers),
or of predominantly soft to firm cohesive soil, characterized by a shear wave velocity less than 180 m/s, NSPT less
than 15 and cu less than 70 kPa.
Ground type E - a soil profile consisting of a surface
alluvium layer with Vs,30 values of type C or D and thickness varying between about 5 m and 20 m, underlain by
stiffer material with Vs,30 > 800 m/s.
Ground type S1 - deposits consisting - or containing a
layer at least 10 m thick - of soft clays/silts with high plasticity index (PI > 40) and high water content, characterized
by a shear wave velocity less than 100 m/s and cu between
10-20 kPa.
Ground type S2 - deposits of liquefiable soils, of sensitive clays, or any other soil profile not included in types
A-E or S1.
For the five Ground type the recommended values for
the parameters S, TB, TC, TD, for Type 1 and Type 2 are given
in Tables 1 and 2.
The recommended Type 1 and Type 2 elastic response spectra for ground types A to E are shown in Figs. 3
and 4.
The recommended values of the parameters for the
five ground types A, B, C, D and E for the vertical spectra
are shown in Table 3. These values are not applied for
ground types S1 and S2.
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Table 1 - Values of the parameters describing the Type 1 elastic
response spectra.
Ground type

S

TB (s)

TC (s)

TD (s)

1.0

0.15

0.4

2.0

B

1.2

0.15

0.5

2.0

C

1.15

0.20

0.6

2.0

D

1.35

0.20

0.8

2.0

E

1.4

0.15

0.5

2.0

A

Table 2 - Values of the parameters describing the Type 2 elastic
response spectra.
S

TB (s)

TC (s)

TD (s)

A

1.0

0.05

0.25

1.2

B

1.35

0.05

0.25

1.2

C

1.5

0.10

0.25

1.2

D

1.8

0.10

0.30

1.2

E

1.6

0.05

0.25

1.2

Ground type

Figure 4 - Recommended Type 2 elastic response spectra (after
EC8).
Table 3 - Recommended values of the parameters for the vertical
elastic response spectra.
avg/ag

TB (s)

TC (s)

TD (s)

Type 1

0.9

0.05

0.15

1.0

Type 2

0.45

0.05

0.15

1.0

Spectrum

Figure 3 - Recommended Type 1 elastic response spectra (after
EC8).

4. Foundation Design
4.1. Introduction
The foundation system is presented, with particularly
emphasis to soil-structure interaction. The serviceability
limit states are introduced.
For pile design, the following limit states shall be
considered (Eurocode 7, 1997a): (i) loss of overall stability;
(ii) bearing resistance failure of the pile foundation; (iii) uplift or insufficient tensile resistance of the pile foundation;
(iv) failure in the ground due to transverse loading of the
pile foundation; (v) structural failure of the pile in compression, tension, bending, buckling or shear; (vi) combined
failure in the ground and in the pile foundation; (vii) com-
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bined failure in the ground and in the structure; (viii) excessive settlement; (ix) excessive heave; (x) excessive lateral
movement of the ground; and (xi) unacceptable vibrations.
For the Soil-Structure Interaction (SSI) the design engineers ignore the kinematic component, considering a
fixed base analysis of the structure, due to the following
reasons: (i) in some cases the kinematic interaction may be
neglected; (ii) aseismic building codes, with a few exceptions e.g. Eurocode 8 do not refer it; (iii) kinematic interaction effects are more difficult to assess than inertial forces.
For slender tall structures, structures founded in very
soft soils and structures with deep foundations, the SSI
plays an important role.
The Eurocode 8 states:” Bending moments developing due to kinematic interaction shall be computed only
when two or more of the following conditions occur simultaneously: (i) the ground profile is of class D, S1 or S2, and
contains consecutive layers with sharply differing stiffness;
(ii) the zone is of moderate or high seismicity, a > 0.10; (iii)
the supported structure is of importance class I or II”.
Piles and piers shall be designed to resist the following action effects: (i) inertia forces from the superstructure;
and (ii) kinematic forces resulting from the deformation of
the surrounding soil due to the propagation of seismic
waves (Fig. 5). The decomposition of the problem in steps
is shown in Fig. 5 (Gazetas & Mylonakis, 1998).
The complete solution is a very time consuming 3D
analysis.
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Figure 5 - Soil-structure interaction problem (after Gazetas & Mylonakis, 1998).

To analyze the internal forces along the pile, as well
as the deflection and rotation at the pile head, discrete models (based in Winkler spring model) or continuum models
can be used.
For simplicity a linear soil behaviour is assumed.
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The following effects shall be included: (i) flexural
stiffness of the pile; (ii) soil reactions along the pile; (iii)
pile-group effects; and (iv) the connection between pile and
structure.
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4.2. Serviceability limit states
To prevent the occurrence of an ultimate limit state or
a serviceability limit state the foundation movements shall
not reach certain limit values (Sêco e Pinto & Sousa Coutinho, 1991).
Burland & Wroth (1974) proposed a consistent set of
definitions based on the displacements, that are illustrated
in Fig. 6:
• rotation (q) is the change in gradient of a line joining two
reference points;
• the angular strain (a), defined in Fig. (6a), is positive for
upward concavity (sagging) and negative for downward
concavity (hogging);
• relative deflection (D) is the displacement of a point relative to the line connecting two reference points on either
side (see Fig. 6(b));

Figure 6 - Definition of foundation movements (after Burland &
Wroth, 1974).

• relative rotation b - is the rotation of the line joining two
points;
• average horizontal strain (en) is defined as the change of
length dL over the length L.
• deflection rate D/L, where L is the distance between the
two reference points defining D;
• tilt (w) describes the rigid body rotation.
Table 4 presents a summary of allowable deformations proposed by different authors and EC7.
Following EC7, the settlements for pile foundations
for ultimate limit states and serviceability limit states shall
include:
• the settlement of a single pile;
• the additional settlement due to group action.
The selection of design values for limiting movements shall take account of the following:
(i) the confidence to specify the acceptable value of
the movement; (ii) the type of structure; (iii) the type of
construction material; (iv) the type of foundation; (v) the
type of ground; (vi) the mode of deformation; and (vii) the
proposed use of the structure.
Bozozuk (1981), based on the observation of 150
cases related with the allowable displacemet in bridge
foundation piles, has proposed the limits for vertical and
horizontal settlement, SV and SH, defined in Table 5.
Moulton (1986) based on the analysis of 314 bridges
located in the United States and Canada has confirmed the
proposal of Bozozuk (1981).
Burland et al. (1977) have proposed 6 categories for
damage in buildings shown in Table 6, where categories 0,
1 and 2 are related with esthetic damage, categories 3 and 4
are related with serviceability limit states and category 5
with ultimate limit states (stability).
Burland et al. (1977) have introduced the concept of
limiting tensile strain, elim, to define the ultimate limit state.
Boscardin & Cording (1989) develop the concept of
differing levels of tensile strain and based on the analysis of
17 cases have proposed Table 7 to establish the relationship

Table 4 - Allowable deformations.
A - Concrete buildings and reinforced walls
Allowable values for rotations
Structural damage & cracks on walls

Skempton & MacDonald
(1956)

Meyerhof
(1956)

Polshin &
Tokar (1957)

Bjerrum
(1963)

EC7
(1994)

1/150

1/250

1/200

1/150

1/150

1/300

1/500

1/500

1/500

1/300

B - Wall without reinforcement
Deflection ratio D/L
Deform. È
Deform. Ç

Meyerhof (1956)

Polshin & Tokar (1957)

Burland & Wroth (1975)

1/2500

L/H < 3 1/3500 to 1/2500;

1/2500 L/H = 1

L/H > 5 1/2000 to 1/1500

1/1250 L/H = 5

-

-

1/5000 L/H = 1
1/2500 L/H = 5
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Table 5 - Limit values for bridge foundations (after Bozozuk,
1981).

Table 7 - Categories of damages in buildings (after Boscarding &
Cording, 1989).

Damage classification

Limit values

Degree of severity

Allowable or acceptable

SV < 50 mm

Category of
damage

SH < 25 mm

0

Negligible

0-0.05

50 mm = SV = 100 mm

1

Very slight

0.05-0.075

25 mm = SH = 50 mm

2

Slight

0.075-0.15

SV < 100 mm

3

Moderate

SH > 50 mm

4 to 5

Severe to very severe

With acceptable damages
Non acceptable

Limiting tensile strain
(%)

0.15-0.3
> 0.3

Table 6 - Damages categories in buildings (after Burland et al., 1977).
Damage category

Degree of severity

Description of damage

0

Negligible

Hairline cracks 0.1 mm

1

Very light

Fine cracks easily treated

2

Light

Cracks easily filled

3

Moderate

Cracks required some opening

4

Severe

Extensive repair working involving breaking and replacement

5

Very severe

Major repair involving partial or complete rebuilding

between the category of damage and the limiting tensile
strain.
Burland (1995) proposed three levels of risk for buildings: (i) preliminary evaluation; (ii) evaluation of second
level; (iii) detailed evaluation.
The computation of the differential settlement shall
take into consideration: (i) the variation of the ground properties; (ii) the distribution of loads; (iii) the construction
methodology; (iv) the stiffness of the structure.

5. New Tagus Bridge
5.1. Introduction
The 18 km Tagus Bridge from Sacavém to Montijo
(Lisbon, Portugal), integrates the North viaduct, the Expo
viaduct, the cable stayed bridge, the central viaduct and the
South viaduct (Fig. 7).
The bridge foundations are composed by bored and
driven piles.
The central viaduct, 6.5 km long, is supported on 648
driven piles up to 60 m long. Related the central viaduct
each pier is supported by eight piles with of 1.7 m diameter
except in the vicinity of shipping channels.
Three channels cross the Tagus bridge: the main thoroughfare under the cable stayed bridge, and the piles supporting these piers are 2.2 m in diameter, to minimize
possible ship impact; and two smaller channels under the
central viaduct.
Driven piles were installed by large barge mounted
cranes with a capacity around 58 ton.
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For the foundations of the cable stayed bridge, with
0.83 km long, and the south viaduct, with 3.9 km long,
bored piles were used. For the cable stayed 148 piles with
2.2 m diameter were used. For the south viaduct 60 piles
with 2 m diameter and 280 piles with 1.8 m diameter were
used.
For the north viaduct, 1.4 km long, and for the Expo
viaduct 0.7 km long, bored piles, with 1.8 m diameter were
used.
One of the most important key issues for design is the
risk of earthquakes, as Lisbon was wiped out by an earthquake in 1755 with 8.5 of Richter magnitude. During a serious seismic event the new Tagus bridge will be the main
access for emergency vehicles crossing the estuary.
5.2. Main geological conditions
Based on the geological data obtained by two implemented site investigation programmes, the ground is composed by the following two main units (Fig. 7), namely: a)
Alluvial deposits (Al), aged Holocene and Pleistocene; and
b) the bedrock under alluvial deposits, composed by PlioPleistocene materials.
The maximum observed thickness of Al is around
78 m and in average, its thickness varies between 60 and
70 m.
Five sub-units were identified, named a0, a1, a2a, a2b
and a3. The a0 to a2b units show the common geological
structure of alluvial deposits, with lenticular or interstratified layers, with exhibiting lateral variations within each
sub-unit.
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Figure 7 - Simplified geotechnical profile (after Oliveira, 1997).

At the bottom of the alluvial deposits occurs a gravel
layer (a3), integrating fine to coarse gravel, with sand, cobbles and occasionally boulders. The coarser elements (cobbles and occasionally boulders) occur scattered or concentrated in some zones, raising difficulties for the drilling
equipment to cross the a3 layer.
The general description of each type of the differentiated alluvial deposits is the following (Oliveira, 1997):
a0: This unit is composed by silty to very silty clay
(mud), dark grey, with a maximum thickness around 35 m.
a1: Fine to medium sand with shells and shell fragments.
a2a: Silty clay to clayey silt.
a2b: Yellowish brown to grey medium to coarse (occasionally fine) sand.
a3: Fine to coarse gravel, rounded to angular, with
sand, cobbles and occasionally some boulders.
The bedrock under the alluvial deposits is composed
by Plio-Pleistocene materials.
5.3. Pile load tests

iii) to optimize the construction method.
Load tests were carried out on trial piles which were
built for test purposes before the final design.
The results of load tests were used to calibrate the design parameters and to optimize pile lengths, based on the
interpretation of site investigation and laboratory and situ
tests (Sêco e Pinto & Oliveira, 1998).
5.3.2. Vertical pile load tests
Vertical load tests were performed on 3 piles located
at main bridge (P8), central viaduct (P31) and South viaduct (P79).
The construction of bored piles has respected the following procedure:
(i) installation by vibro-driving, with a SOILMECH VTE
12000, of a permanent casing, with an exterior diameter of 1216 mm and a thickness of 8 mm, and 16 mm at
the shoe level with a length of 40 m;

5.3.1. Introduction

(ii) excavation of the soil inside the casing with a bucket of
1180 mm diameter and a SOILMECH rotary machine
RT - 3ST;

Pile load tests were performed with the following
purposes:
i) to determine the response of a representative pile related
the settlement and limit load;
ii) to verify the performance of individual piles and to extrapolate for the overall pile foundation behavior;

(iii) boring below the bottom of the casing for a length
higher than 19 m with a bucket using a polymeric drilling fluid GEOMUD - 15 mixed with salty Tagus water
with the following composition: 2 kg of polymer per
1000 L of water. The mixture had a Marsh viscosity
40” and a density 1.035.
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Load tests were carried out on several test piles and
the test locations were representative of the pile where the
most adverse ground conditions are believed to occur.
The following equipment for the vertical load tests
was installed: 8 electrical displacement transducers, 2 mechanical dial gauges, 2 strips of LCPC removable exten-6
someters, with a resolution of 10 , 1 temperature sensor, 1
high precision pressure transducer, 1 hydraulically operated pump, 4 hydraulic jacks and 1 optical level.
The loading program consisted in reaching 20000 kN
with 8 load increments.
A general view for vertical pile load tests is presented
in Fig. 8.
The load - settlement curves for piles P8, P31 and P
79 are shown in Fig. 9.
For the definition of the failure loads the criteria of
settlement equal to 10 % of the pile diameter, i.e. at 120 mm
settlement, was used. A comparison between the predicted
failure loads, based from CPT tests, and the observed values is shown in Table 8.

Table 8 - Failure loads.
P8

P31

P79

m

p

m

p

15

20.3

15

21.4

m

P31i
p

m

> 21.15 > 22.7 > 17.5

m - measured. p - predicted loads in MN.

With the exception of P79 (the length of this pile was
increased 10 m) the observed values are lower than the predicted loads and the difference were attributed to the lower
shaft friction values. The results of P31i have shown an insufficient gain of the bearing capacity with soil grouting.
5.3.3. Horizontal pile load tests
Horizontal load tests were performed on 2 piles located at main bridge (P8) and south pylon.
The piles were constructed by the same procedure already described.
The installed equipment has integrated: (i) - horizontal displacement; (ii) - load cell; (iii) - strain along the shaft
using strain gauges; (iv) - displacement along the vertical
using inclinometer tubes; (v) - temperature.
The loading program consisted of: 10 load increments
from 50 kN to 500 kN.
Figure 10 shows a general view for horizontal pile
load tests.
To evaluate the effect of ship impact, a second series
of load increments were applied, form 500 kN to 1 000 kN,
for the south pylon, after 10 h.
The load displacement curve measured at 0.95 m below load level is shown in Fig. 11.
The computed values for pile displacements, bending
moments and shear forces are shown in Fig. 12.
5.3.4. Dynamic pile tests

Figure 8 - General view for vertical pile load tests.

For a better characterization of the dynamic behaviour of the alluvial material for the bridge foundation a
forced vibration test of a group of two piles was performed.
The piles with 1.20 m of diameter and 60 m long were connected by a cap with 5.5 ´ 3.5 ´ 1.2 m.

Figure 9 - Load settlement curves for vertical test.

Figure 10 - General view for horizontal pile load tests.
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Figure 13 - General view of the shaker.
Figure 11 - Measured load displacement curve for horizontal
tests.

This equipment was placed in several points in order
to monitoring the horizontal and vertical displacements
(Fig. 14).
During the test time series of velocity were recorded
on several points. The digital treatment of this time series
was performed by a computer program developed at
LNEC. Treated series are transported for frequency domain
and the displacements were obtained by integration.
For the interpretation of the test results a 3D model
was used, to represent the soil, the two piles and the cap.
For the material behavior a simplified model was
adopted considering for the piles a continuous, homogenous and isotropic material with a linear and elastic behaviour. The soil was considered a continuous material, with
elastic behaviour, and composed of various homogeneous
layers.
Figure 15 shows the configuration of the two first
modes of vibration and respective frequencies (observed
and computed). The first vibration mode corresponds to the
bending of both piles following a direction perpendicular to
the vertical plan that encloses both of them. The second
mode corresponds to the bending of both piles in the vertical plan that contains them.

Figure 12 - Computed values for pile displacements, bending moments and shear forces.

A 3D finite element model was implemented for the
interpretation of the observed behaviour. The soil - pile system was discretized with 3D finite elements of the second
degree (cubic with 20 nodal points). The numerical results
were compared with the observed values, in terms of displacement transfer functions.
To impose on the pile cap, harmonic horizontal loads,
with different amplitudes and frequencies a shaker
(Fig. 13), built in LNEC, was used.
The excitation frequencies were applied in steps of
0.1 Hz in the range from 0.5 to 20 Hz approximately.
Velocity transducers and accelerometers were installed to assess the dynamic response of the structure, for the
various frequencies of excitation.
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Figure 14 - General view of the velocity transducers.
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Figure 16 - Displacement transfer functions. Comparison between computed and observed values (adapted from Oliveira et
al., 1996).

Figure 15 - Configuration of the two first vibration modes. Observed and computed frequencies (adapted from Oliveira et al.,
1996).

The modal damping values used in the mathematical
model were based in the best adjustment to the transfer
functions observed in the test. The adopted values are presented in Table 9.
The observed and calculated frequencies by the mathematical model are presented in Table 10. There is a good
agreement for the two first vibration modes.
The displacement transfer functions of the force applied by the shaker are shown in Fig. 16.
Table 9 - Modal damping values adopted in the mathematical
model.

The results observed in the test and those computed
by the mathematical model in terms of displacement transfer functions of the force applied have shown that: (i) In order to improve the pile behaviour field tests instrumented
piles are highly recommended for design purposes; (ii) The
results of load tests performed in New Tagus bridge and
Lezíria bridge for design purposes have shown how they
should be used to calibrate the design parameters, to check
the performance of individual piles,to allow judgement of
the overall pile foundation, and to assess the suitability of
the construction method.
The good agreement obtained shows that the mathematical model is well calibrated for simulation of the behaviour of the soil-pile system. The variation of pile maximum displacement with depth according to directions X
and Y, as well as some displacement transfer functions
computed at different depths, are shown in Fig. 17.
5.4. Reception tests for piles

Vibration modes

1

2

3

Damping modal in % of the critical damping

7

13

20

Table 10 - Frequencies of the first vibration modes.
Vibration modes

1

2

3

4

Observed frequencies

1.7

2.7

-

-

Calculated frequencies

1.76

2.29

8.78

11.70
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Taking into account that the development and implementation of load tests is very costly and can only be performed in a small number of piles, non-destructive techniques, e.g. the use of core sampling and integrity tests to
control the final quality of the piles, are getting more popular.
To assess the quality of piles sonic tests were performed. The involved costs are small, the execution is fast,
it is possible to perform a great number of tests and the prin-
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iv) Cumulative experience that will be important for the design of more economic and safer bridges.
5.5.2. Quantities to be measured
For the superstructure, the measurement of the following quantities was proposed:
a) deck vertical displacement; b) pier cross-sections
rotations; c) internal deck and piers deformation; d) internal
deck deformation due to time-dependent effects; e) deck
and stay temperatures; f) air temperature, relative humidity
and wind speed; g) seismic and wind induced acceleration
in the deck and piers; h) force in stays.
Related with the infrastructure the following measurements were proposed:
a) pile head displacements using electronic theodolites and appropriate reflectors; b) installation of inclinometers to measure horizontal displacements along the pile
shaft; c) strain distribution of the piles using extensometers;
d) recording of the accelerations, velocities and displacements along the piles and in selected points of the ground
(to assess amplification effects) by 3D accelerographs.
5.5.3. Warning levels

Figure 17 - Variation with depth of maximum displacement of
piles. X and Y directions (adapted from Oliveira et al., 1996).

cipal structural singularities of the piles can be detected.
With this technique, a blow on the pile head is performed
with a hammer and the response is recorded by an accelerometer.
Also sonic diagraph tests were done and a continuous
recording was performed along the length of the pile of the
velocity of sonic waves between the source and the geophones introduced in two pipes attached to the pile reinforcement.
5.5. Monitoring during construction and long term
5.5.1. Introduction
The designer faces always the difficult task to define
the loads and to characterize the materials for the project. In
spite of the great progress performed in these domains it is
necessary to compare the model with the prototype response in order to assess the structural behaviour and to define the corrective actions to be implemented in case of an
anomalous behaviour.
The following advantages of instrumentation of
bridges are pointed out:
i) Validation of design criteria and calibration of the model.
ii) Analysis of bridge behaviour during his life.
iii) Definition of corrective measures for the rehabilitation
of the structure, if needed.
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Four warning levels were defined:
(i) warning level 1 - no interruption of traffic; (ii)
warning level 2 - limitation of traffic; (iii) warning level 3 interruption of traffic; (iv) warning level 4 - decision concerning the traffic.
For warning levels 1 to 3, the maintenance team can
deal with the problem alone. For warning level 4, the decision will be taken by a specialist.
5.5.4. Inspections
To complement the data given by the instrumentation
of the bridge regular inspections would be performed.
Four levels of inspection were proposed:
i) The reference situation corresponds to a detailed inspection of all parts of the structure (foundations, bearings
and decks) and the measurement of all the instruments
with the purpose to characterize the initial state of the
bridge before opening to the traffic;
ii) The daily inspections aim at an efficient visual checking
of the superstructure (drainage systems, road surface,
expansion joints, handrail, gantries, safety barriers,
lighting, etc.) to detect the need for small repairs;
iii) The annual inspections are related with the visual inspection of the foundations (measurements by sensors
placed into the piles), supporting structures, bearings,
expansion joints, superstructures and equipment.
iv) After the opening to traffic, the first detailed inspection
will be done after two years. During bridge operation,
the frequency of the inspections is five years.
v) After a ship impact or earthquake with a magnitude superior to 4, a detailed inspection is recommended.
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6. Leziria Bridge
6.1. Brief description
BRISA awarded to a Construction Consortium the
bridge Project that integrates the Conception, Design, and
Construction of Tejo Crossing in Carregado.
The crossing (Fig. 18) is composed by the North Viaduct, the Main Bridge and the South Viaduct.
This 11.9 km long crossing of the Tagus river, is located 25 km upstream of the Vasco da Gama Bridge.
The river, 1 km wide, runs in Tagus valley filled with
soft sediments that exhibits a thickness between 35 m and
55 m, with a maximum value of 62 m (Oliveira et al., 2006).
The 1695 m North Viaduct has 33 m spans. The deck
23 m above the water level, is a concrete 2.0 m depth beam
directed connected to 1.5 m diameter piers. There is a 62 m
span to cross the railway (Fig. 19).

The cross-section of the Main Bridge is composed by
(Portugal et al., 2005):
• a 0.30 m width reserve;
• interior hard shoulder;
• 3 traffic lanes, each with 3.50 m with a total width of
10.50 m;
• 2.525 m exterior hard-shoulder.
The platform with a total width of 29.95 m includes a
curb, on which rests a safety barrier, a maintenance foot
walk and an edge beam with a total width of 1.15 m.
The deck is made of a pre- stressed cast in place concrete box-section 970 m long (Fig. 20). The individual
spans are: 95 + 6 ´ 130 + 95 m. Piers P1 to P5 are
monolithical with the deck and composed by two blades of
reinforced concrete with 1.20 m thick spaced 5.0 m between axes. Piers P6 to P7 are similar with the blades
spaced 7.40 m.

Figure 18 - Lezíria Tagus River Crossing site.

Figure 19 - North Viaduct (courtesy of Charles Lavigne).
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deck longitudinal pre-stressed with current spans of 36 m
and 1.5 m of diameter piles.
One of the most important considerations for design
is the risk of earthquakes since Lisbon was wiped out by an
8.5 Richter magnitude earthquake in 1755.
6.2. Main geological conditions
6.2.1. Regional geology

Figure 20 - Main Bridge (courtesy of Charles Lavigne).

The bridge foundations are composed by 2.20 m diameter piles. The Piers P1 and P2 and the Piers P3 to P7 are
supported by 10 piles and 8 piles, respectively. The piles
were built by metallic casings 17 mm thick penetrating in
the Miocene formations 1m to 5.5 m depending of the
gravel materials thickness.
The sacrificial thickness of the casings varies between 7.2 mm and 5 mm to face corrosion effects.
The pile caps with 11.0 ´ 22.0 m and 8 m thick to support piers P1C and P2C, were designed to resist ship impact. For piers P3C to P7C pile cap with 11.0 ´ 16.0 m and
5.05 m thick were adopted.
The South Viaduct is composed by a set of 22 continuous viaducts, with a total length of 9230 m, with a concrete

The new Tagus River crossing, located in the Cenozoic basin of the Tagus river, incorporates sedimentary materials of Miocene and Paleocene ages. Figure 21 illustrates
a simplified geological profile.
6.2.2. Geomorphology
The morphology, at levels of 4 to 5 m, is flat and
crossed by secondary water streams, water channels and
protection dykes.
6.2.3.Geological structure
The tertiary formations, at regional scale, exhibit horizontal stratification with weak deformation.
6.2.4. Lithostratigraphy
The site is composed of recent superficial deposits,
namely Holocene alluvial and quaternary fluvial terraces
above the bedrock that integrates Miocene clay-grey materials. The visual aspect of materials is shown in Fig. 22.

Figure 21 - Simplified geological profile.
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Figure 22 - Visual aspect of the materials (courtesy of Virgílio
Rebelo).

Figure 23 - Borehole equipment (after Oliveira et al., 2006).

6.2.5. Hydrogeological conditions
The superficial layers, with characteristics of free
aquifer, exhibit phreatic water level near the surface. The
alluvial formations exhibit characteristics for the occurrence of suspended, half closed or closed aquifers. The
Miocene formations show conditions for the occurrence of
closed aquifers or semi closed artesian aquifers.
6.3. Field investigation
The field investigations have included 58 boreholes,
namely 6 boreholes during the Preliminary Studies, followed by 49 boreholes and 3 additional boreholes during
the complementary investigation program for the Basic Design. The boreholes were performed by Geocontrole.
In all boreholes, the disturbed samples were collected
by a Terzaghi sampler, the water level was recorded and
SPT tests were performed 1.5 m apart.
Thirty two undisturbed samples were collected using
Shelbi and Proctor-Moran samplers.
Thirty-two cone penetration tests, namely 4 CPT tests
during the Preliminary Studies, 20 CPT tests during the
complementary investigation, 6 CPTu tests, and 2 seismic
cones were performed by Geocontrole.
Nineteen vane shear tests, namely 3 tests during the
Preliminary Studies and 16 tests during the complementary
campaign by Geocontrole.
Nine seismic cross-hole tests were performed, namely 7 tests by GEOCISA and 2 tests by LNEC during the
Preliminary Study. In addition, 7 downhole tests were performed.
During the Final Design the complementary geotechnical project has integrated:
i) 41 boreholes with SPT tests 1.5 m apart (Fig. 23);
ii) 10 vane shear tests;
iii) 25 undisturbed samples taken with Geobore S sampler
(Fig. 24);
iv) 16 CPTU tests (Figs. 25 and 26);
v) 5 seismic cross-hole tests.
A summary of field tests is presented in Table 11.
The cross-hole tests have given the following results:
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Figure 24 - Geobore S sampler (after Oliveira et al., 2006).

Shear wave velocities, Vs, from 53 to 350 m/s
Longitudinal wave velocities, Vp, from 665 to
1526 m/s.
The variation of Vs with depth is shown in Fig. 27.
SPT results were between 0 and 4 blows, with 0 values for soft soils and the higher values related with silty materials.
Vane shear tests have given for undrained strength the
following results:
Peak values - 12.5 to 51 kPa
Residual values - 4 to 26.3 kPa.
The variation of these values is shown in Fig. 28.
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Table 11 - Distribution of field tests.
Tests

Basic design

Final design Total

Boreholes

58

60

118

Boreholes undisturbed
sampling

0

3

3

Vane shear tests

19

7

26

Crosshole

9

6

15

CPTu/CPT

28

23

51

Seismic cone

2

4

6

Figure 25 - CPTu equipment (after Oliveira et al., 2006).

Figure 27 - Variation of Vs with depth.

Figure 26 - CPTu tip (after Oliveira et al., 2006).
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Figure 28 - Variation of undrained strength with depth.
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PCPT tests, with measurement of pore pressures,
have given point resistances between 0.15 and 1.2 MPa,
with an increase with depth. This trend is illustrated in
Fig. 29.
Pore pressures values have allowed the identification
of zones with higher values related with mud materials.
6.4. Laboratory tests
During the Basic Design, 12 identification tests (sieve
analyses and Atterberg limits) were performed by COBA.
During the Preliminary Studies. forty-three identification tests, consisting on sieve analyses as well as Atterberg limits, were performed. Determinations of natural
water content, Wn, were also done.
Table 12 summarizes the results of laboratory tests.
In three water samples, pH tests, determination of alkalis, sulfate content, magnesium content and ammonia
content were performed.
Nineteen direct shear tests for the definition of the
strength in terms of cohesion (c) and friction angle (f),
were performed.

Six triaxial tests for the definition of the strength in
terms of cohesion (c) and friction angle (f) were done.
The curves (s1 - s3) vs. axial strain (e1), s1/s3 vs. e1,
variation of pore pressure (u) vs. e1, and volumetric variation vs. e1, as well as the stress path and the Mohr-Coulomb
envelopes were obtained.
Twenty-two oedometer tests with the determination
of the values of water content (Wn), degree of saturation
(Sr), pressures, compressibility volumetric coefficients (av),
consolidation coefficients (cv) and permeability coefficients (k), were performed.
Twenty-four permeability tests were done.
Twelve chemical tests related with sulfate content,
carbonate content and pH values were performed.
Also twenty-five particle density tests were performed.
Three cyclic torsional simple shear tests were done.
A view of cyclic torsional simple shear apparatus is
presented in Fig. 30.
The curves G (shear modulus) vs. g (shear strain), G
vs. g, x (damping ratio) vs. g and g vs. t/s0 were obtained.
The results of cyclic torsional tests are shown in
Fig. 31.
6.5. Geotechnical characteristics
The interpretation of the site investigation programme, namely in situ and laboratory tests, has allowed the
identification of the following geotechnical units (Oliveira
et al., 2006): a0a, a0, a1, a2. a3, M. Table 13 summarizes the
geological and geotechnical characteristics of each unit.
A correlation between Vs and SPT values is shown in
Fig. 32, following the proposal of some authors.
6.6. Pile load tests
6.6.1. Introduction
Pile design can be performed by (Eurocode 7, 1997):
• prescriptive measures and comparable experience;
• design models;

Figure 29 - Variation of qc values with depth.
Table 12 - Distribution of laboratory tests.
Tests

Basic design Final design

Total

Identification

55

180

235

Sieve curves

55

180

235

Oedometer

4

18

22

Triaxial

0

6

6

Direct shear

6

13

19

Permeability

6

18

24

Chemical

3

9

12

Resonant column

0

3

3

Cyclic torsional shear

0

3

3
Figure 30 - View of cyclic torsional shear apparatus (IST).
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Figure 31 - Curves of shear modulus and damping ratio vs. shear
stra–in (after IST, 2005).

• use of experimental models and load tests;
• observational method.
The piles of Lezíria bridge were designed by:
i) design models;
ii) pile load tests that have provided useful information
about the characteristics of gravel materials and techniques of driving the metallic casings;
iii) comparable experience.

Pile load tests were performed with the following
purposes:
i) to determine the response of a representative pile and the
surrounding ground, related settlement and limit load;
ii) to verify the performance of individual piles as well the
overall pile foundation;
iii) to assess the suitability of the construction method.
Load tests were carried out on trial piles that were
built before the final design.
The results of load tests were used to calibrate the design parameters and so to optimize the preliminary values
of pile lengths obtained by the interpretation of site investigation and laboratory and in situ test results.
The criteria to select pile tests has incorporated the
following aspects:
• the geotechnical category of the structure;
• the ground condition and the spatial variation;
• past experience related the use of same type of piles in
same ground conditions;
• planning of the works.
Due to spatial variation of foundations characteristics
and to analyze the embedded effects, the experimental piles
for static and dynamic tests were located at km 8 + 200
where the pile was embedded 1 diameter in the Miocene, at
km 7 + 900 where the pile was embedded 3 diameters in the
gravel materials, and at km 5 + 400 where the pile was embedded 3 diameters in the Miocene. Table 14 summarizes
pile type and location.
For static tests in each selected place, one 800 mm diameter pile and two 1500 mm diameter reaction piles with
were built, 3.5 m apart from the pile test, and, in addition, a
fourth 800 mm diameter pile, 5.5 m apart from the first pile,
for dynamic test.
To perform pile load tests, seven 1.5 m diameter piles
and seven 0.8 m diameter piles were built.
6.6.2. Vertical pile load tests
The static vertical pile load tests have followed the
“Axial Pile Loading Test, Suggested Method” protocol recommended by ISSMGE and published in ASTM D1143
(1981).
The purpose was to incorporate the contribution of all
the ground layers and their influence in the deformations

Table 13 - Summary of geotechnical unit characteristics.
Material
a0 - Fine to medium sand

WL (%) WP (%)

Vs (m/s)

Vp (m/s)

Edyn (MPa)

Gdyn (MPa)

SPT

CPT (MPa)

64

38

130-160

665-1526

50-150

20-100

2-6

1-2

NP-40

NP-18

130-240

665-1526

100-300

30-100

2-20

2-8

a2 - Fine sand with silt

NP

NP

140-300

665-1526

100-500

20-200

5-40

3-16

a3 - Sandy material with silt

NP

NP

320-400

665-1526

500-1100

200-400

40-60

500-1700

200-600, > 60

a1 - Sandy materials with silty clay

M - Miocene bedrock
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Figure 32 - A correlation between Vs and SPT values.
Table 14 - Summary of pile type and location.
Piles (km)

Diameter (m)

Pile embedding

Load test type

5+400

0.8

3Ø (M)

Vertical (Dynamic)

7+900

0.8

3Ø (a3)

Vertical (Dynamic)

8+200

0.8

1Ø (M)

Vertical (Dynamic)

4+750

1.5

3Ø (M)

Horizontal (Dynamic)

until a depth of 5 diameters, unless the bedrock was situated
at upper level.
Vertical load tests were performed on 3 piles.
The following equipment was installed for the vertical pile load test: 2 mechanical dial gauges, electrical displacement transducers (Fig. 33) with removable extensometers (Fig. 34), with a resolution of 10-6 and anchors, 1
temperature sensor, 1 tilt meter, 1 hydraulically operated
pump, 2 hydraulic jacks and 1 optical level.
A general view for vertical pile load tests is presented
in Fig. 35.

For the vertical pile load tests, a maximum load of
9100 kN was applied, i.e. 3.25 times the service load. The
loads were applied in two cycles of loading and unloading,
with a maximum service load for the first cycle and loads
were applied in 4 increments.
In the second cycle, the loads were applied in 19 increments. The number of load increments and the cycles of
loading and unloading were carefully selected with the purpose of collecting information related to deformation, creep
effects and ultimate load. Figure 36 illustrates the loadsettlement curves for 3 pile tests.
To define the failure load, a criterion of settlement
equal to 10 % of the pile diameter, i.e. 80 mm settlement,
was adopted.

Figure 33 - Displacement transducers.

Figure 34 - Recovery extensometer.
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Figure 37 - Measured load displacement curve for horizontal tests
(after ICIST-IST, 2005).
Figure 35 - General view for vertical pile load tests (after Ferreira
et al., 2008).

Figure 36 - Load settlement curves for vertical tests (after ICISTIST, 2005).

Figure 38 - Measured load rotations curve for horizontal tests (after ICIST-IST, 2005).

6.6.4. Dynamic pile tests
6.6.3. Horizontal pile load tests
The horizontal load tests were performed in two piles
of 800 mm and 1500 mm diameter located at km 5 + 400.
The maximum load was 600 kN to mobilize a displacement
of 8 cm and the loads were applied in steps of 75 kN.
For the horizontal load tests, the following equipment
was installed:
• clinometers-vibrating wire transducers;
• load cells;
• retrieval extensometers;
• inclinometer tubes to measure horizontal displacements;
• temperature device.
The loading program consisted of 10 load increments,
from 50 kN to 500 kN. The measured load-displacement
curve is illustrated in Fig. 37. The measured loads vs. rotations values are shown in Fig. 38.
Figure 39 shows a comparison between the bending
moments values computed from the tests results considering different k values (2500 kPa, 5000 kPa, and 10000 kPa).
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Dynamic pile tests were performed in 9 piles with
diameters of 800 mm and 1500 mm. The piles were instrumented with 4 pairs of accelerometers (Fig. 40), 4 transducers and topographic equipment. Figure 41 illustrates a dynamic test view. During the tests, the height of the hammer
fall was increased from 0.2 m to 3.0 m in steps of 0.2 m. The
mobilized point resistance (Rb) and the lateral resistance
(Rs) values for pile E 800-2 are shown in Fig. 42.
It is important to stress that the results of dynamic
tests have confirmed the results of static tests, showing the
high contribution of the lateral resistance in comparison
with the point resistance.
6.7. Design surface spectra
6.7.1. Introduction
A very comprehensive analysis was performed to define the design free field surface spectra.
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Figure 41 - Dynamic test (after Ferreira et al., 2008).

Figure 39 - Bending moments (after ICIST-IST, 2005).

Figure 42 - Mobilized resistances (after ICIST-IST, 2005).

a duration of 10 s; (ii) a distant source that represents a
higher magnitude earthquake at a larger epicentral distance
with a duration of 30 s.
Five artificial time histories of acceleration were produced for seismic action type 1 and seismic action type 2
and for soil type A for the deterministic approach (IST,
2004). For the computation of these accelerograms, the validation criteria of EC8 (1998a) were considered (Fig. 43).
Based on RSA (1983), power spectral density functions were used for the stochastic approach.
Figure 40 - Transducers and accelerometers.

6.7.2. Seismic action
Following the Portuguese Code (RSA, 1983), the
seismic action is defined by a stochastic Gaussian stationary vectorial process (two horizontal orthogonal components and one vertical component). For the Portuguese
territory, it is important to consider two seism tectonic
sources, namely: (i) a near source that represents a moderate magnitude earthquake at a short epicentral distance with
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In order to incorporate the spatial variation, taking
into consideration the 12 km length of the bridge, 17 geotechnical profiles were selected to incorporate the variation
of the geological and geotechnical characteristics.
Only the results obtained for the profile located between km 1 + 500 and km 1 + 800, where the main bridge is
located, are presented, due to space limitations.
Figures 44 and 45 illustrate the results of the response
spectra (IST, 2004), as well as the shear stress computed by
the SHAKE 2000 code. The analyses were performed for
seismic action type 1 and seismic action type 2, considering
for the bedrock type A ground.
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Figure 43 - Response spectra vs. code spectra (after IST, 2004).

Figure 44 - Acceleration response spectra (km 1 + 500 - km 1 +
800 action type 2) (after IST, 2004).

6.8. Liquefaction assessment
Following Eurocode 8 - Part 5- 4.1.3. (2) (1998b),
“An evaluation of the liquefaction susceptibility shall be
made when the foundation soils include extended layers or
thick lenses of loose sand, with or without silt/clay fines, beneath the water level, and when such level is close to the
ground surface”.
The seismic shear stress te can be estimated from the
simplified expression:
te = 0.65 agrgf S sv0
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(1)

Figure 45 - Induced shear stress (km 1 + 500 - km 1 + 800, action
type 2) (after IST, 2004).

where agr is the design ground acceleration ratio, gf is the
importance factor, S is the soil parameter and sv0 is the total
overburden pressure. It is important to refer that this expression should not be applied for depths larger than 20 m.
The shear level should be multiplied by a safety factor of
1.25.
For the magnitude correction factors, EC8 follows the
Ambraseys (1988) proposal, which is different from the
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NCEER (1997) factors. A comparison between the two
proposals is shown in Table 15 and Fig. 46.
Cetin et al. (2001) have presented a new proposal for
liquefaction analysis (see Fig. 47). It is considered advanced in relation to the previous ones, as it integrates: (i)
data of recent earthquakes; (ii) corrections due to the existence of fines; (iii) experience that incorporates a better
interpretation of SPT test; (iv) local effects; (v) cases histories that incorporate lessons of more than 200 earthquakes;
(v) Bayesian theory.
For liquefaction evaluation of sandy materials, two
methods are used, namely, based in laboratory tests or field
tests. In general, the following laboratory tests are used: (i)
cyclic triaxial tests; (ii) cyclic simple shear tests; and (iii)
cyclic torsional shear tests. Due to the difficulties to obtain

Table 15 - Magnitude scaling factors.
Magnitude M

Seed & Idriss
(1982)

NCEER
(1997)

Ambraseys
(1988)

5.5

1.43

2.20

2.86

6.0

1.32

1.76

2.20

6.5

1.19

1.44

1.69

7.0

1.08

1.19

1.30

7.5

1.00

1.00

1.00

8.0

0.94

0.84

0.67

8.5

0.89

0.72

0.44

Figure 46 - Magnitude scaling factors.

Soils and Rocks, São Paulo, 42(3): 211-244, September-December, 2019.

Figure 47 - Probabilistic approach for liquefaction analysis (after
Cetin et al., 2001).

high quality undisturbed samples, in general field tests are
used: SPT, CPT, seismic cone tests, flat dilatometer tests
and tests to assess electrical properties (Sêco e Pinto et al.,
1997).
For liquefaction assessment by shear wave velocity,
two methodologies are used: (i) methods combining the
shear wave velocities by laboratory tests on undisturbed
samples obtained by tube samplers or by frozen samples
(Tokimatsu et al., 1991); (ii) methods measuring shear
wave velocities and its correlation with liquefaction assessment by field observations (Stokoe et al., 1999).
To overcome the difficulties of CPT and SPT tests in
soils with gravel, some proposals to evaluate the susceptibility of liquefaction of these materials based in seismic
tests with measurement of shear waves velocities Vs were
made (Stokoe et al., 1999).
Following Youd & Gilstrap (1999), the post-liquefaction strength of silty materials is less than that of sandy
materials, but superficial silty materials with moderate density are dilatant and with higher strength than clean sands.
The authors have concluded that loose soils with IP < 12
and wa/wL > 0.85 are susceptible to liquefy and loose soils
with 12 < IP < 20 and wa/wL > 0.85 have higher strength to
liquefaction and soils with IP > 20 are not liquefiable.
It is important to refer that Eurocode 8 (1998b) - Part
5 considers “no risk of liquefaction when the ground acceleration is less than 0.15 g in addition with one of the following conditions: (i) sands with a clay content higher than
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20 % and a plasticity index > 10; (ii) sands with silt content
higher than 10 % and N1(60) > 20; and (iii) clean sands
with N1(60) > 25”.
6.8.1. Settlement assessment
The susceptibility of foundation soils to densification
and to exhibit excessive settlement is referred in EC8, but
the assessment of expected liquefaction induced deformation is not adequately treated.
By combination of cyclic shear stress ratio and normalized SPT N-values, Tokimatsu & Seed (1987) have proposed relationships with shear strain (Fig. 48).
To assess the settlement of the ground due to the liquefaction of sand deposits based on the knowledge of the
safety factor against liquefaction and the relative density
converted to the value of N1, Ishihara (1993) has proposed
a chart (Fig. 49).
6.8.2. Remedial measures
Following EC8, ground improvement against liquefaction should compact the soil or use drainage to reduce
the pore water pressure. The use of pile foundations should
be considered with caution due to the large forces induced
in the piles.
The remedial measures against liquefaction can be
classified in two categories (TC4 ISSMGE, 2001; INA,
2001): (i) prevention of liquefaction; and (ii) reduction of
damage to facilities due to liquefaction.
The measures to prevent occurrence of liquefaction
include the improvement of soil properties or improvement
of conditions for stress, deformation and pore water pres-

Figure 49 - Post cyclic liquefaction volumetric strain curves using
CPT and SPT results (after Ishihara, 1993).

sure. In practice a combination of these two methods is
adopted.
The measures to reduce liquefaction induced damage
to facilities include: (1) to maintain stability by reinforcing
the structure: reinforcement of pile foundation and reinforcement of soil deformation with sheet pile and underground wall; (2) to relieve external force by softening or
modifying the structure: adjustment of bulk unit weight, anchorage of buried structures, flattening embankments.
6.9. Liquefaction evaluation

Figure 48 - Correlation between volumetric strain and SPT (after
Tokimatsu & Seed, 1987).
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Due to the disturbance that occurs during sampling of
sandy materials, the liquefaction potential evaluation was
performed only by field tests.
Attention was drawn to SPT and CPT tests as the seismic tests have only been used when the soil contains gravel
particles.
To compute the shear values a total stress model, the
code “SHAKE 2000”, was used and the obtained results are
on the conservative side.
Just as an example, Fig. 50 compares the results obtained by the total stress model and the effective stress analysis using the computer program DYNAFLOW for the
Vasco da Gama bridge in the Tagus river and with the same
type of alluvial materials.
Corrections of SPT test results due to the depth effect
and the equipment were performed, following the recommendations of EC8 (1998b).
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Figure 50 - Equivalent shear stresses computed from the SHAKE
and DYNAFLOW codes (after Sêco e Pinto & Oliveira, 1998).

The sieve curves of materials a1 and a2 are shown in
Figs. 51 and 52.
Taking into account that we are dealing with underwater materials, the sieve curves exhibit percentages of
fines lower than the reality, as a consequence of the washing effect during sampling.
The liquefaction potential evaluation was given in tables and the columns have included the following data: (i)
columns 1 to 4, reference to the pier, type of test (SPT or
CPT), depth of the test and thickness of the layer; (ii) columns 5 and 6, values of Nm (SPT) and (qc)m (CPT); (iii) columns 7 and 8, effective overburden pressure (s’0) and
correction factor (CN); (iv) columns 9 and 10, normalized
values N1 (60) (SPT) (for effects reduced CN values were
considered) and (qc)1 (CPT); (v) column 11, tequiv (equivalent shear stress value computed for action type 2 related
with the highest magnitude 7.5); (vi) column 12 (t/s’0 ratio

value); (vii) column 13 (t/s’0 ratio value with a safety factor of 1.1), column 14 (t/s’0 ratio value with a safety factor
of 1.25); (viii) column 15, Ref. (reference of the analyzed
SPT or CPT value); (ix) column 16, liquefaction susceptibility analysis. Taking into account the dilatant behavior of
the material observed in the CPT tests and the values of the
pore pressures developed in the cyclic torsional shear tests,
where the registered values of the pore pressure rarely
reach 80 %, being frequently below 60 %, a safety factor of
1.1 can be considered sufficient. Nevertheless, in the present case, a conservative analysis was performed, with a
safety factor of 1.25 being adopted, as recommended in
EC8 - Part 5 (1998b).
Table 16 presents an application of liquefaction evaluation for materials a1 and a2. The liquefaction potential
evaluation, by SPT and CPT tests, is shown in Figs. 53
and 54.
Taking into account Figs. 48 and 49, the estimated
settlement of materials a1 and a2 are between 40 mm to
150 mm.
6.10. Construction aspects
The most important construction aspects are listed below:
i) After the temporary works through the execution of sheet
piles the anchorage of the pontoon was done, in order
to ensure stability during the driving of the casings.
The system had the purpose of ensuring the verticality
of the casings.
ii) Transportation of the metallic 2.2 m diameter and 17 mm
thick casing. This casing was driven by a high capacity

Figure 51 - Sieve curves for material a1.
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Figure 52 - Sieve curves for material a2.

vibrator and a penetration of 1 to 2 m in geotechnical
unit a0a was ensured.
Driven piles were installed by joint venture subcontractor Volker Stevin - Ballast Nedam. Large barge
mounted cranes were used to drive each pile as one piece. A
handling capacity around 58 ton was necessary for the
cranes and the hammer to drive the piles into position.
Subsequently a guidance system was used to drive the
casing 1 diameter into gravel materials or into a compacted
ground with a minimum SPT value of 10 blows.
iii) Progress of the excavation with a 2.2 m diameter “hammergrab” in order to reach the Miocene. For wall stabilization were used polymer materials manufactured
in a central located in the left bank. For polymer control, pH tests, density and viscosity tests, as well sand
content tests, were performed.
iv) After the excavation and the decantation of the polymer,
the reinforcement with the pipes for the cross-hole
tests was installed. To ensure a minimum cover of
12 mm centralizers were placed.
v) Concreting of the piles with the use of “tremie” and
3
pumping was done at a rate of 50 m /h.
The duration of these 5 phases was 2.5 days.
In the construction procedure proposed in the Basic
Design, the pile caps for piers P1 and P2 were performed
within cofferdams constructed with sheet piles driven into
the mud materials by equipment installed in barges. The
voids under the casings were stabilized through the use of
polymers.
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For caps P3 to P7, the constructive procedure consisted in the construction of prefabricated caissons in dry
dock. The caissons were transported from onshore casted in
situ and subsequently the metallic casings were driven
through the holes of the bottom slab, the openings under the
casings being stabilized through the use of polymers.
During the Final Design, a solution of pre-fabricated
caissons was developed with large caissons for piers P1C
and P2C and small caissons for piers P3C to P7C.
A view of the North Viaduct construction is shown in
Fig. 55.
To avoid excavations of the protection dykes, a parallel way (transient viaduct) was built (Fig. 56).
A view of the South Viaduct construction is shown in
Fig. 57.
The placement of pile casing is shown in Fig. 58.
The placement of pile reinforcement and tremie pipes
are shown in Figs. 59 and 60.
In Figs. 61 to 63 a caisson view, a pier under construction and a general view of the construction works are presented.
The pre-fabricated caissons were temporarily supported by the casings of the definitive piles. With the support of hydraulic cylinders, the temporary metallic structure was uplifted and subsequently the caisson was moved
downward until the design level.
After the sealing of the joints between the piles and
the bottom slab the water inside the caissons was removed
by pumping.
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(3)
Depth
(m)

16.8-25.1
24.3-31.3
0.0-4.2
4.2-7.4
7.4-9.6
24.6-27.6
0.0-3.6
3.6-6.2
0.0-4.5
26.0-28.8
0-5.4
24.1-25.0
25.0-29.2

(2)
Borehole no.
or CPT

S1B
S2B-2
S3B-1
S3B-2
S3B-3
S3B-4
S4B-1
S4B-2
S5B-1
S5B-2
S6B-1
S6B-2
S6B-3

8.3
7.0
4.2
3.2
2.2
3.0
3.6
2.6
4.5
2.8
5.4
0.9
4.2

(4)
Thickness
(m)
44
23
3
6
12
26
4
3
3
31
2
5
17

(5)
Nm
0.5
0.52
0.65
0.5
0.52
0.5
0.5
-

(6)
(qc)m
(MPa)
s’0
(kPa)
139.1
215.4
33.9
66.4
89.4
200.2
31.2
58.5
20.3
191.1
24.3
164.2
188.1

(7)

0.8
0.7
1.0
1.2
1.1
0.7
1.0
1.0
1.0
0.7
1.0
0.8
0.7

(8)
CN

(10)
(qc)1
(MPa)
0.5
0.6
0.71
0.5
0.52
0.5
0.5
-

(9)
N1 (60)
37
16
3
7
13
18
4
3
3
22
2
4
12

t/s’0 x
1.25
0.36
0.32
0.28
0.36
0.37
0.32
0.26
0.35
0.51
0.36
0.50
0.37
0.36

t/s’0 x 1.1

t/s’0

tequiv.
(kPa)
39
55
7.6
19.2
26.3
52.0
6.6
16.5
8.3
55.1
9.7
48.7
54.4
0.29
0.26
0.22
0.29
0.29
0.26
0.21
0.28
0.41
0.29
0.40
0.30
0.29

(14)

(13)

(12)

(11)

A2
A2
A2
A1
A1
A2
A2
A2
A2
A2
A2
A2
A2

(15)
Mat.

N.L
L
L
L
L
L
L
L
L
NL
L
L
L

(16)
Remarks

Nm: SPT value, N1(60): Normalized SPT value, (qc)m: CPT cone resistance value, (qc)1: Normalized CPT cone resistance, s’0: Effective overburden pressure, tequiv.: Equivalent cyclic shear
stress, CN: Correction factor for overburden pressure, L: Liquefaction, NL: No Liquefaction.

“
“
“
“
“

(1)
Pier

Table 16 - Evaluation of liquefaction potential (material a1 and material a2).
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Figure 53 - Liquefaction potential evaluation by SPT tests.

Figure 54 - Liquefaction potential evaluation from CPT tests.
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Figure 55 - Construction of North Viaduct.

Figure 58 - Placement of pile casing (courtesy Ferreira et al.,
2008).

Figure 56 - Parallel Way.

Figure 57 - A view of South Viaduct construction.
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Figure 59 - Placement of pile reinforcement (courtesy Ferreira et
al., 2008).
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Figure 62 - Pier under construction (courtesy of Perry da Câmara).

Figure 60 - Placement of tremie pipes (courtesy Ferreira et al.,
2008).

Figure 63 - General view of the construction works (courtesy of
Perry da Câmara).

Figure 61 - View of caisson (courtesy of Perry da Câmara).

7. Conclusions
The following conclusions can be outlined:
For the Vasco de Gama bridge
1) For the pile foundations, each geotechnical design situation shall be verified that no relevant limit state is exceeded.
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2) For the verification of limit states, one or a combination
of the following methods can be used: design by prescriptive measures, design by calculation, design by
loads tests and experimental models and observational
method.
3) For design purposes and for a better knowledge of pile
behaviour, it is recommended to perform field tests
with instrumented piles.
4) Field load tests performed in the New Tagus bridge and
Lezíria bridge for design purposes have shown their
importance to calibrate the design parameters, to
check the performance of individual piles, to assess
the overall pile foundation behavior and to analyze the
suitability of the construction method.
5) For pile quality control, the use of non-destructive of pile
test techniques is recommended.
6) Monitoring during construction and in the long term is
important to assess bridge behavior.
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For the Lezíria bridge
7) The geotechnical campaigns implemented during the
Preliminary Study and Basic Design have allowed the
definition of the geological and geotechnical model.
8) The geotechnical characteristics were obtained by a
combination of field and laboratory test results.
9) The geotechnical study in the Basic Design was performed respecting the requirements of Eurocode 7,
Specification 1536 Bored Piles prepared by CEN Committee TC 288 and the Procedures and Specifications for Piles prepared by ICE (1978).
10) As the Lezíria bridge is located in zone A of Portugal
seismic map, the seismic studies are important.
11) For pile design were used: i) design models; ii) pile load
tests that have contributed for the characterization of
gravel materials and techniques for driving the metallic casings; and iii) comparable experience.
12) To calibrate the design parameters and to optimize the
pile length, static pile load tests (both vertical and horizontal) were carried out on trial piles. In addition, dynamic pile tests were performed for seismic design.
13) As sampling of sandy materials is always difficult, the
liquefaction potential evaluation was based in in situ
tests, namely CPT and SPT. The computation of shear
stress in total and effective stress analyses was performed.

8. Lessons for tomorrow
Due to the complexity of bridge analysis, there is a
need to work with multidisciplinary teams exploring the
huge capacity of computers. Innovative methods and new
solutions require highly reliable information and multidisciplinary teams integrating seismologists, geologists, geophysicists, geotechnical engineers and structural engineers.
The success of this challenge requires the joint effort
of Owners, Decision Makers, Researchers, Consultants,
Professors, Contractors and General Public.
The understanding of the vulnerability and resilience
concepts is crucial. Vulnerability is associated with two dimensions, one is the degree of loss or the potential loss and
the second integrates the range of opportunities that people
face in recovery. This concept has received a great attention
from Rousseau and Kant (1756). Resilience is a measure of
the system`s capacity to absorb recovery from a hazardous
event. It includes the speed with which a system returns to
its original state after a perturbation. The capacity and opportunity to relocate or to change are also key dimensions
of disaster resilience. The purpose of assessing resilience is
to understand how a disaster can disturb a social system and
the factors that can disturb the recovery and to improve it.
The education of engineers and Public with scientific
methods for evaluating risks incorporating the unpredictable human behavior and human errors is crucial for disaster reduction.
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The analysis of past bridge incidents and accidents
occurred during earthquakes have shown that all the lessons have not deserved total consideration, in order to avoid
repeating the same mistakes. We need to enhance a global
conscience and to develop a sustainable strategy of global
compensation to better serve our Society. The recognition
of a better planning, early warning, that we should take for
extreme events which will hit our civilization in the future,
is important. Plato (428-348 BC) in the Timaeus stressed
that destructive events that happened in the past can happen
again, sometimes with large time intervals between and for
prevention and protection we should follow the Egyptians
example and preserve knowledge through writing.
We should never forget the 7 Pillars of Engineering
Wisdom: Practice, Precedents, Principles, Prudence, Perspicacity, Professionalism and Prediction. Following Thomas Mann. we should enjoy the activities during the day,
but only by performing those will allow us to sleep at the
night.
Efforts should be done to narrow the gap between
university education and professional practice, but we
should not forget that Theory without Practice is a Waste,
but Practice without Theory is a Trap. Kant has stated that
Nothing better than a good theory, but, following Seneca,
Long is the way through the courses, but short through the
example. I will add through a careful analysis of Case Histories.
In dealing with this subject we should always have in
mind:
All for Love
“Errors, like straws, upon the surface
flow;
He who would search for pearls must
dive below”.
(John Dryden)
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Evaluation of Sample Quality and Correction
of Compressibility and Strength Parameters-Experience
with Brazil Soft Soils
M.I.M.C.V. Bello, R.Q. Coutinho, A.S. Norberto
Abstract. Sample quality has a direct influence on the results of geo-mechanical parameters obtained in laboratory and in
situ tests, potentially causing serious technical and economic consequences. In the study of soft soil behavior using
laboratory tests, it is important to evaluate, and be able to quantify sample quality, and if necessary and possible, to correct
the effects of sample disturbance and to obtain geotechnical parameters appropriate and necessary for engineering projects.
This paper presents and discusses the Brazilian results of sample quality evaluation and the correction of compressibility
and strength parameter results to account for the effects of sample disturbance, as well as a review of several papers that
address correction and sample quality issues. Proposals presented by Coutinho (2007) and Futai (2010) were used to
evaluate sample quality. Proposals presented by Schmertmann (1955), Oliveira (2002), Coutinho (2007) and Futai (2010)
were used for correction of compressibility parameters that were altered by the effects of sample disturbance. The results
from these study areas were satisfactory for all the proposals. It was possible to obtain compression parameters
corresponding to good quality samples using the proposals for correcting the effects of sample disturbance.
Keywords: compressibility parameters, oedometer test, sample quality.

1. Introduction
The qualitative study of soft clay samples is very important in order to be able to obtain the appropriate values
for geotechnical parameters resulting from laboratory and
in situ tests used in engineering projects and in empirical
correlations. The quantitative effect of inappropriate sampling can bring serious consequences both technical and
economic.
Efforts have been made during research projects to
understand, quantify, minimize, and whenever possible,
correct the geotechnical parameters resulting from sample
disturbance of Recife soft clays (Coutinho, 1976; Ferreira,
1982; Ferreira & Coutinho, 1988; Coutinho et al., 1998;
Oliveira et al., 2000, Oliveira, 2002; Coutinho, 2007; Bello, 2011; Coutinho & Bello, 2012). The studies cited above
were carried out by the Geotechnical Research Group
(GEGEP/UFPE) coordinated by the second author.
This article presents and discusses a review of the
Brazilian results of sample quality evaluation, and correction of the effects of sample disturbance. Proposals presented by Coutinho (2007) and Futai (2010) were used to
evaluate sample quality. Proposals presented by Schmertmann (1955), Oliveira (2002), Coutinho (2007) and Futai
(2010) were used in order to correct compressibility parameters that were influenced by the effects of sample disturbance.

2. Analyses of the Sampling Process
Sample disturbance occurs in all sampling processes
and, if sampling is carried out well, the effects of disturbance will hopefully be more subtle. Whatever its magnitude, sampling disturbance normally affects both undrained
strength and compressibility. In addition, chemical effects
may cause changes in the plasticity and sensitivity of the
soil sample.
Hvorslev (1949) classified the sample disturbance according to five categories: (a) variations in the stress conditions; (b) variations in the water content and in the initial
void ratio; (c) alteration of the soil structure; (d) chemical
variations; and (e) mixture and separation of the soil constituents. The influence of the disturbance on the results of
laboratory tests depends on the type and degree of disturbance, the soil characteristics, and the technique used in the
tests.
Ladd & Lambe (1963) (see also Sandroni, 1977) defined that perfect sampling is correlated to the process
where the disturbance is limited only to the effects caused
by relieving field stress, however the real sampling presents
additional disturbance. The sampling procedure varies the
stress state and induces disturbance of the soil (Fig. 1).
Jamiolkowski et al. (1985) considered some of the
factors that result in alterations during the sampling procedure and preparation of the sample specimens: (a) variations in stress caused by opening of the hole; (b) removal of
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use of the method suggested by Ladd & Foot (1974):
SHANSEP (“Stress History and Normalized Soil Engineering Properties”).
Okumura (1971) listed some quantitative requirements for parameters to be used in evaluating sampling disturbance. Such parameters must be: (a) Easy to determine
for perfectly undisturbed conditions; (b) Regularly variable
with disturbance, regardless of the depth of extraction, the
stress system experienced, and the soil type; (c) Sensitive to
change due to disturbance; (d) Easily and accurately measured.

3. Influence of the Sample Quality on
Strength Parameters
Figure 1 - Stress Paths during the tube sampling process (Ladd &
Lambe, 1963).

the field strength stress; (c) geometry and type of the sample extraction equipment; (d) method used by the sample
extraction equipment; (e) relation between diameter of the
sample extraction equipment and the sample specimens; (f)
transport, storage, and laboratory manipulation.
Leroueil & Jamiolkowski (1991) defined the disturbance as destruction of the agglutinate between the points
of contact of the grains, and indicated that the two main
causes of the disturbance are the distortion mechanics associated with the operation of sampling, and the relief of the
total stress field.
Hight (2000) examined the effect of sampling on the
behavior of soft clays, stiff clays and sands, and described
improvements that have been made to the methods of sampling, which have enabled higher quality samples to be obtained.
Coutinho (2007) reported that in practical and research works in Brazil, sampling has normally been carried
out by means of a thin walled stainless-steel tube (Shelby),
or by using a stationary piston sampler, 800 to 1000 mm in
length, with an internal diameter measuring 100 to 110 mm,
and an area ratio of 7% respectively, in order to obtain samples of satisfactory quality. According to Coutinho (2008),
complementary procedures in each case must be established by updating the knowledge base in the literature.
Aspects of the disturbance process of the sample are inevitable, but the degree of disturbance can be minimized
through improvements in sampling procedures in the field,
along with proper manipulation in the laboratory.
Oliveira (2002) comments that better-quality samples
can be obtained by adequately trained teams using Sherbrooke sampling. Tanaka (2008) concluded that it is possible to obtain high quality samples of soft clays to depths of
400 meters using standard sampling methods that follow
technical recommendations.
Futai (2010) indicates that, the solutions adopted to
eliminate the unwanted effects on samples often include the
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The sample quality has direct influence on the
strength parameters obtained in laboratory testing. Many
researchers have investigated ways to understand and avoid
the disturbance processes. Santagata et al. (2006) present
the discussion about the effect of the sampling tube in results of triaxial CIU-C tests. Hight (2000) presents the familiar results of a conventional soft clay site investigation,
involving sampling and laboratory testing (Fig. 2a). It
shows the results of unconsolidated undrained (UU) triaxial compression (TC) tests on samples of Singapore marine clay, the majority of which were taken with a thichwalled open drive sampler. There is a large scatter in the
data, most of which falls below the best estimate of in situ
shear strength in compression. Samples taken with a thinwalled piston sampler lead to higher strength. Figure 2b
shows the comparison between the results of undrained
strength obtained from UU-C e CIU-C triaxial tests and in
situ field vane tests obtained by Teixeira (1972), Oliveira
(1991) and Oliveira et al. (2000) in Clube Internacional of
Recife. The lower Su values, obtained by Teixeira (1972),
were caused by the disturbance of samples (Shelby type
samples with diameter of 60 mm) and test conditions (procedure and equipment). The reduction of Su values was in
the order of 50% in comparison with the results obtained by
Oliveira (1991) and Oliveira et al. (2000).
Ortigão (1980) performed UU triaxial tests and registered the variation of Su value with the diameter of samplers, using piston samplers with different diameters. This
effect was studied theoretically by Baligh (1986), when
was introduced the concept of stress path. Baligh (1986)
showed that the disturbance increases when the relation between the thickness and diameter of the tube also increase.
Tube sampling can be causing yielding by compression and
shear because the cycles of compression-extension-compression can be causing the destructuring of the soil. These
effects and the theoretical prediction of Baligh (1986) were
confirmed experimentally by La Rochelle & Lefebvre
(1971), Ortigão (1980), Tavenas & Leroueil (1987) and
Hight et al. (1992).
Hight (2000) comments that the advantage of both
UC and UU tests is that they show the full imprint of sam-
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Figure 2 - (a) Results of unconsolidated undrained triaxial compression tests on thick-walled and thin-walled tube samples of Singapure
marine clay (Hight, 2000); (b) Undrained strength profile of the Clube Internacional -Recife (Coutinho et al., 1998).

pling effects, and the UC data in Fig. 3a confirms that
“block” samples taken by rotary methods can be of higher
quality than even the best tube samples. Between tube samples, there is a significant difference in measured strengths,
and, therefore, in levels of sample disturbance.
Coutinho et al. (1998) show results of the stressstrength curve of UU triaxial tests performed in Recife soft
clays (samples of good and bad quality). It can be observed
the difference in the Su and ef values obtained (Fig. 3b).

Figure 4 shows the influence of sample quality in the
obtained Su value. This influence is represented for difference between the sampler diameter and the relation of the
sampler/specimen’s diameters for Sarapuí-RJ deposit (Ortigão, 1980) and Clube Internacional - Recife deposit (Coutinho et al., 1993).
For the Sarapuí deposit, the Su values for 8.0 m depth,
using sampler and specimens with diameters of 50 mm
(Su = 4.5 kPa), and sampler and specimens with diameters

Figure 3 - (a) Unconfined compression tests on Ariake Clay (Hight, 2000); (b) Triaxial UU tests performed in poor and good samples Recife (Coutinho et al., 1998).
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Figure 4 - UU Triaxial tests results: (a) Sarapuí (Ortigão, 1980); (b) Clube Internacional do Recife (Coutinho et al., 1993).

of 125 mm and 38 mm, respectively (Su = 13 kPa), provided
the relation of Suf127/Suf50 = 2.9. For Clube Internacional, the
relation for the second layer was equal to Suf101.6/Suf41 = 1.8
(sampler of 101.6 mm diameter and specimen of 35.6 mm;
and sampler of = 41 mm and specimen of 41 mm). It is observed that the larger the diameter of the sampler and the relationship between the diameters of the sampler and the
specimen, the greater the Su value.
Clayton et al. (1992) show comparisons of stress
paths of Bothkennar clay sampled in different ways (Sherbrook, Laval and piston samples) of Bothkennar clay. The
authors found that provided tube sampling strain excursions were limited to ± 2% and that appropriate stress paths
were used to reconsolidate the material back to its in situ
stress state, the undrained strength of the Bothkennar clay
would be within ± 10% of its undisturbed value. Strain path
tests on high quality (Laval and Sherbrook) undisturbed

samples of natural clay by Clayton et al. (1992) have confirmed that, in normally and lightly over-consolidated
clays, stiffness is greatly affected by tube sampling, but undrained strength reductions are less significant and can, in
any case, be recovered by good reconsolidation procedures.
Hight (2000) shows that the strength available around
the critical potential failure surface A-B-C beneath an embankment constructed on this clay will vary by an amount
reflecting the level of anisotropy of the soil (Fig. 5). The average mobilized strength is indicated as Su. Experience has
shown that Su is often close to the average strength measured in simple shear, which in this case is similar to the
strength measured in UU tests on poor quality samples, so
that, when UUTC data is combined with a conventional
factor of safety, a safe design results. An improvement in
sample quality will lead to a higher UUTC strength profile,
and if the same design procedure is adopted, i.e. using
UUTC strengths to represent an average mobilised

Figure 5 - Inherent dangers in improving sample quality while neglecting anisotropy (Hight, 2000).

248

Soils and Rocks, São Paulo, 42(3): 245-263, September-December, 2019.

Evaluation of Sample Quality and Correction of Compressibility and Strength Parameters-Experience with Brazil Soft Soils

strength, an unsafe design may result, unless the factor of
safety is modified.

4. Influence of the Sample Quality on
Compressibility Parameters
The quality of the sample directly influences the edometric compression test. Skempton & Sowa (1963) analyzed the compressibility through the relations between in
situ void ratio subjected to the same vertical stress s’vo (usually consolidation) for more than 20 clays of different
lithologies. The authors observed that the void ratio can be
correlated with limits of liquidity, plasticity and depth, and
concluded that: (a) the relationship between e0 and log s’vo
is essentially linear; (b) for a certain value of (s’vo, e0) normally consolidation depends fundamentally on the nature
and mineralogy of the clays and can be represented by the
liquid limit; (c) the compressibility curves tend to converge; (d) the use of the liquidity index reduces dispersion.
Ladd (1973) listed the following structural disarrangement effects in the oedometer compression curve: (a)
decrease of the void ratio (or increase in deformation) for a
s’v value;
(b) difficulty in defining the point of smaller curvature; (c) reduction of the pre-consolidation pressure value;
(d) increase of compressibility in the recompression region,
and decrease in the compression region. Hight (2000)
shows in Fig. 6a, the bounding surfaces found for Saint
Louis clay, from East Canada, in block samplers, Laval
samples and 50 mm diameter piston samples. Tests on the
block and Laval samples define the same bounding surface,
which sits well outside the equivalent surface defined on
the basis of the poorer quality piston samples.
Coutinho (1976, 2007) presents a study with examples of comparative oedometer curves for samples taken by
different samplers (Sherbrooke, Shelby 60 and 100 mm),
and their corresponding properties (Fig. 6b).

Oedometer curves are also shown for a completely
disturbed sample obtained from the laboratory. It is observed that the better-quality sample was obtained with
Sherbrooke samplers (Coutinho et al., 2000). The results
confirmed all the effects caused by the disturbance described by Ladd (1973). It also shows that the normally
consolidation range of a good quality curve is not linear, as
usually described (“straight virgin”), but rather presents itself as a curve. The line recognized as a straight (virgin)
line is in fact curved.
The void ratio relation vs. the effective pressure becomes linear with the disturbance. Compression curves are
similar for effective pressures reaching high values. The relation between pre-consolidation pressures of good and
poor-quality samples was found to be as high as 3, although
initial void ratios do not seem to be significantly influenced
by sampling quality. Significant reductions were also observed in the compression index Cc, in the permeability and
in the coefficient of vertical consolidation cv values as the
soil was disturbed through poor quality sampling procedures (Table 1). In general, the swell index Cs showed a
slight increase with sampling disturbance (Coutinho, 1976,
2007). These effects cause errors in the evaluation of the
evolution of the settlements through time (the periods predicted for stabilization can be greater when based on sample disturbance).
The use of geotechnical parameters obtained from
poor quality samples can lead to serious technical and economic consequences (Martins, 1983; Coutinho et al., 1998;
Oliveira, 2002; Coutinho, 2007, 2008; Almeida & Marques, 2010).
Figures 7a and 7b (Coutinho et al., 1998) show the
behavior of geotechnical parameters of depth compressibility for the SESI - Ibura (Recife) and Sarapuí (Rio de Janeiro) sites, respectively. For both sites, the values obtained
for the compression index (Cc), the pre- consolidation stress

Figure 6 - (a) Shrinking of the bounding surface for Saint Clay as a result of disturbance during sampling (Hight, 2000); (b) Oedometer
curves from samples taken using differing methods (Coutinho, 2007).
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Table 1 - Effect of sampling on one-dimensional consolidation for Recife and Sarapuí-RJ clays (Coutinho et al., 1998).
Recife (International Club)
Parameters

Sarapuí (Rio de Janeiro)

Good/poor

Good/disturbed

Good/poor

Good/disturbed

s’p

1.5-3.0

3.0-5.0

1.5-2.0

1.5-2.5

CS

0.8-1.0

0.7-1.2

0.9-1.2

1.0-1.1

Cc

1.2-2.0

1.2-2.1

1.2-1.5

1.4-1.7

1.21

1.93

1.26

1.37

Cv (water level)

Figure 7 - Compressibility parameters vs. depth; (a) SESI-Ibura - Recife (b) Sarapuí-Rio de Janeiro (Oliveira, 2000).

(s’P) and OCR, for the samples of better quality were
higher compared to the disturbed/poor quality samples. The
relationships obtained were as follows: SESI - Ibura: (a)
Cc satisfactory/Cc poor quality = 2.4 for the 1st layer and 1.6 for the 2nd
layer; (b) OCRsatisfactory/OCRpoor quality = 3.6 (on average) for
both layers; (c) Cs satisfactory/Cs poor quality = 1.2 for the 1st layer, not
varying for the 2nd layer; Sarapuí: (a) Cc satisfactory/Cc poor quality =
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1.8; (b) OCRsatisfactory/OCRpoor quality = 1.8. The initial void ratio
(e0), the influence of the disturbance is not significant, in
both deposits.
Ferreira & Coutinho (1988) results show the influence of disturbance on the coefficient of consolidation (cv),
which causes a large drop in cv values in the recompression
region, and a lower quantitative effect in the virgin compression region (Ladd, 1973). In the normally consolidated
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region the ratios found for mean values of cv for samples of
good quality, poor quality and completely disturbed were
for the International Club, 2.3/1.9/1.0; and for Sarapuí,
1.7/1.4/1.0, respectively.
Figure 8 shows correlations between CC and e0, considering the sample quality, for the SESI - Ibura and
Internacional Club sites. The samples were classified as
Very Good to Excellent (VG), Good (G), Regular (R),
Transition range between Regular and Poor (T), Poor (P)
and Very Poor (VP). In this way, we attempted to perform
correlations with all samples obtained, separating what is
called satisfactory / adequate quality (VG, G and R) from
what is called inadequate quality (T, P and VP). It was also
sought to verify the quantitative effect of the transition
band (T) on the correlation of samples with satisfactory
quality.

It is easily observed in Fig. 8 the effect of sample disturbance in obtaining the Cc. Considering e0 = 3.0, Cc values
of 1.67 (SESI - Ibura) and 2.43 (International Club) are obtained for samples of satisfactory quality (VG + G + R) and
for very poor samples, values of Cc of 0.88 (SESI - Ibura)
and 1.44 (International Club). There was a decrease in the
value of Cc of 90% for SESI-Ibura and 70% for the International Club, due to the poor quality of the samples.
Table 2 presents the results of the statistical correlations performed for the two sites of Recife. As can be observed, the correlation coefficients (r2) are larger for the
SESI-Ibura deposit than the International Club results, as
the standard deviations are smaller. The quantitative effect
of the transition range (T) on the correlation of samples
with satisfactory quality was higher for the International
Club deposit.

Figure 8 - Statistical correlation between CC and e0: SESI-Ibura and International Club - Recife (Coutinho et al., 1998).
Table 2 - Results of statistical correlations for the deposits studied in Recife (Coutinho et al., 1998).
Site
SESI - Ibura

International Club

Correlation CC vs. e0

Equation

2

r

Standard deviation

VG + G + R

CC = 0.695 (e0 - 0.604)

0.92

0.18

VG + G + R + T

CC = 0.638 (e0 - 0.373)

0.95

0.16

T+P

CC = 0.520 (e0 - 0.011)

0.96

0.13

VP

CC = 0.308 (e0 - 0.127)

0.88

0.06

VB + G + R

CC = 0.757 (e0 + 0.210)

0.61

0.29

VG + G + R + T

CC = 0.947 (e0 - 0.388)

0.77

0.27

T+P

CC = 0.923 (e0 - 0.557)

0.86

0.17

VP

CC = 0 620 (e0 - 0 668)

0.64

0.18
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5. Evaluation of Sample Quality
5.1. Proposal of Coutinho (2007) from Lunne et al.
(1997)
A quantitative procedure for evaluation of the quality
of samples has been defined by NGI-the Norwegian Geotechnical Institute (Lacasse, 1988). This procedure uses
volumetric deformation (evo) corresponding to the initial effective vertical stress (s’vo) (Eq. 1). This criterion was later
modified using the ratio De/e0 by Lunne et al. (1997) (Table 3). Lunne et al. (1997) justify that a variation in void ratio (De) is more detrimental to the soil structure the lower
the initial void ratio (e0). In accordance with the proposal,
the relation De/e0 is used as criterion for evaluating sample
disturbance, with De being the void ratio variation, and e0
being the initial void ratio.
e sv¢ 0 =

e 0 - e s¢v 0

(1)

1 + e0

Coutinho (2007), from Coutinho et al. (1998) and
Oliveira (2002), based in Lunne et al. (1997) presented a
proposal for Brazilian clays (Table 3).
The proposal presents four groups used for the classification of samples: very good to excellent, good to regular,
poor, and very poor. Figure 9 shows the volumetric (evo) to
s’vo profile obtained in oedometric tests in the two research
areas of UFPE (Internacional Club and SESI-Ibura). Results of Sherbrooke samples and completely dented samples were included. The straight vertical line presented
corresponds to the limits suggested by Lunne et al. (1997),
separating the samples in satisfactory to unsatisfactory, for
the material investigated.
5.2. Proposal of Futai (2010)
Futai (2010) presented a proposal for evaluation of
sample quality through application of a normalized compression curve using data from Brazilian deposits
(Fig. 10a). According to this proposal, the normalized curve (ID x (ey - e)/ey) allows direct evaluation of sample quality, distinguishing between good quality samples, and those
remolded or disturbed, for ID > 1 (clays that are normally
consolidated).

The restructuring index (ID) is presented in Eq. 2,
while Eqs. 3 and 4 make it possible to evaluate sample quality, and make comparisons using the results of compression
tests to adopt ID values, or classify them by direct use of the
curve limit presented in Fig. 10a.
ID = s’v / s’vy

(2)

where s’v is the effective pressure, s’vy is the pressure of the
oedometer tests, and ey is the void ratio in the effective procedure.
Good quality samples must present:
0.22 < (ey - e)/ey < 0.32 (for ID = 3);

(3)

0.48 < (ey - e)/ey < 0.58 (for ID = 10).

(4)

Table 4 presents values of (ID x (ey - e)/ey) for Recife
and Sarapuí clays taking into account different sample conditions. Good quality samples are situated in the range of
recommended values (Eqs. 3 and 4).
The proposals presented by Coutinho (2007) and Futai (2010) were used to classify the soft clay samples from
the Suape study areas (Bello, 2011). In the AE-1 and AE-2
study areas, 43% and 62% of the samples, respectively,
were classified as being of satisfactory quality according to
the Coutinho (2007) proposal (Table 5).
In spite of all the care taken during sampling and handling procedures used for laboratory and field samples,
many were still classified as poor and very poor (unsatisfactory). The presence of decomposing material in the
study area, as well as the difficulties encountered when
dealing with this type and consistency of soil, causes greater difficulty when attempting to obtain good quality samples.

6. Correction of compression parameters to
account for sample disturbance
Three proposals for correction of the effects from disturbance of the samples are presented and discussed in this
study: (a) Schmertmann (1955)-construction of the field
curve; (b) Oliveira (2002) - construction of new laboratory
compression curves (c) Coutinho (2007) - correction of
compression ratio (CR) and overconsolidation ratios
(OCR) or s’vm parameters.

Table 3 - Proposed criteria for evaluation of sample disturbance by Coutinho (2007) and Lunne et al. (1997).
De/e0 (Coutinho 2007)

Overconsolidation ratio
(OCR)
1-2.5

Very good to excellent

Good to regular

Poor

Very poor

0.08-0.14

> 0.14

< 0.05

0.05-0.08

De/e0 (Lunne et al.

1997)

Very good to excellent

Good to regular

Poor

Very poor

1-2

< 0.04

0.04-0.07

0.07-0.14

> 0.14

2-4

< 0.03

0.03-0.05

0.05-0.10

> 0.10

(OCR)
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Figure 9 - Sample quality classification: (a) Rio de Janeiro deposits; (b) research areas of Recife (from Coutinho et al., 1998; Oliveira,
2002).

Figure 10 - (a) Standard compression curves of good and poor quality curves (Futai, 2010); (b) Evaluation of sample quality, proposal
Futai (2010): Suape study area AE-1 - E98 (Bello, 2011).
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Table 4 - Evaluation of sample quality (Futai, 2010).
Local and reference

Recife (Ferreira &
Coutinho, 1988)

(ey - e)/ey

Sample quality
ID = 3

ID = 10

Completely disturbed

0.07

0.20

Poor quality

0.12

0.31

Good quality

0.25

-

0.10

0.30

0.16

0.37

0.25

0.50

Rio de Janeiro (Ferreira & Completely disturbed
Coutinho, 1988)
Poor quality
Good quality

Table 5 - Classification of sample quality according to Coutinho (2007) proposal: results of Suape (Bello, 2011).
Areas

Classification

AE-1 30 samples

Very good to excellent

AE-2 50 samples

Samples

(%)

4

13.3

Good to regular

9

30.0

Poor

13

43.3

Very poor

4

13.3

Very good to excellent

5

10.0

Good to regular

26

52.0

Poor

15

30.0

Very poor

4

8.0

A comparative study was performed with the objective of verifying the efficiency of corrections for geotechnical parameters/compression curves. The results obtained
were then compared with experimental values/curves from
good quality samples.
6.1. Schmertmann proposal (1955)
The Schmertmann (1955) proposal made it possible
to predict the curve for field compression. The pre-consolidation pressure (s’vm) can be corrected in an interactive
manner, using the void ratio (e0) in the oedometer curve as a
base for differentiation between the corrected and labora-

tory curves for different pre-consolidation pressure values.
The symmetry point of the curve e0 supposedly represents
the actual preconsolidation pressure (without disturbance).
Oliveira (2002) evaluated the effect of the Schmertmann (1955) correction on the good, poor quality curves
constructed through the abacus for the three clays (Sarapuí,
Ibura and Juturnaíba) by estimating the relationship between the other pre-consolidation curves and the preconsolidation stress of the good quality curve corrected by
Schmertmann (1955), which was taken as a reference (Table 6). The same was done for the compression ratio of the
first straight stretch (CC1). By analyzing the data in this ta-

Table 6 - Geotechnical parameters obtained from the curves corrected by the Schmertmann (1955) methodology (good and poor quality
experimental and built by the abacus) (Oliveira, 2002).
Clay
Sarapuí (e0 = 3.54)

SESI-Ibura (e0 = 3.84)

Juturnaíba (e0 = 4.24)
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Curve

s’vm

Cc1

Cr

Relation of Cc1/Cc1 good quality Cr/Cr good quality

Good quality

42

2.9

0.33

1

1

Poor quality

25

1.64

-

0.75

0.59

Built by abacus

40

1.94

0.33

0.95

0.67

Good quality

55

2.75

0.20

1

1

Poor quality

42

1.96

0.22

0.76

0.71

Built by abacus

40

2.14

0.20

0.72

0.78

Good quality

40

2.24

0.23

1

1

Built by abacus

32

2.49

0.23

0.80

1.11
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ble, it can be seen that the s’vm and CC1 ratios of the abacus-constructed curves corrected by Schmertmann (1955)
range from 0.72 to 0.95 for s’vm and from 0.67 to 1.11 for
CC1. This means that the curves constructed by the abacus
and corrected by the Schmertmann (1955) methodology,
can reproduce these parameters in at least 67% of their
value corrected from good quality experimental curves, the
results being well above a poor sample quality. The correction still approximates the curves of good quality and built
by the abacus.
By removing the poor quality samples, the mean corrections and ranges of variation for each parameter are: (a)
Pre-consolidation pressure s’vm: average of 25% for more
and range of 8-39%; (b) Compression index CC1: average of
16% for more and range of 8-26%; (c) Cr recompression index: mean of 20% for less and range of -68 to + 50%.
Jamiolkowski et al. (1985) state that the correction
typically increases between 10 and 20% the value of the
compression index Cc for samples of good quality of soft
and medium clays. In the clays studied by Oliveira (2002),
the results obtained for good quality samples are within this
range (8-16%). Oliveira (2002) also comments that some
authors recommend that Schmertmann (1955) correction
be made, as Jamiolkowski et al. (1985), while Lunne et al.
(1997) only cite its existence without detailing or recommending its use. Recently, Almeida & Marques (2010)
indicate the correction of Schmertmann (1955) in the compression curves.
Bello (2011) presents in Figs. 11a and 11b the experimental oedometer curves representing good and poor quality samples, together with the corrected curves according to
the proposal from Schmertmann (1955). In good quality
samples, a small correction is observed in the compressibil-

ity parameters, however in poor quality samples significant
correction of these parameters is noted. The curves corrected by the Schmertmann methodology (1955) are always above the good quality curves.
6.2. Oliveira proposal (2002)
Oliveira (2002) suggested a simple method for construction of a proper oedometer curve, using the results of
oedometer tests performed in Sherbrooke soft clay samples
from Rio de Janeiro and Recife. These curves are compared
with the experimental curves, and can be used to estimate
the first calculations. The method adopts the initial void ratio for use as input data, since its value is approximately
constant, and does not depend on disturbance. A calculation method was developed for the curves considering the
final and initial void ratio (ef/e0) vs. the initial void ratio (e0)
for each stress normally used in the laboratory (Fig. 12).
The following steps describe the methodology
needed to construct the curve: (a) identify the void ratio of
the sample; (b) enter the void ratio into the calculations in
order to determine the ef/eo relation for each stress normally
used in the oedometer tests; (c) calculate the final void ratio
for each load period; (d) construct a new oedometer curve.
The abacus proposed by Oliveira (2000) has the objective of constructing curves equivalent to those of good
experimental quality, which are not free of even slight denting. The compressibility parameters are corrected by rereading the oedometric curve.
In order to evaluate this proposal, Oliveira (2000) selected samples from three Brazilian clays: Sarapuí-RJ, Ibura-PE and Juturnaíba-RJ. The constructed curves are shown
in Figs. 13 (a), (b) and (c), together with experimentally obtained oedometric curves.

Figure 11 - Experimental oedometer curves, and curves constructed by Oliveira (2002) calculations: (a) good quality, AE-1 study area;
(b) poor quality, AE-2 study area (Bello, 2011).
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Figure 12 - Calculations used to construct the oedometer curve
(Oliveira, 2002).

The curves constructed from the proposed abacus approximated the experimental curves of good quality. In the
case of Sarapuí clay, the agreement between the good quality curves and those built by the abacus is very good at low
stress, up to about 100 kPa; from this value the agreement
reduces, presenting a smaller setback. In the Ibura clay, the
curve constructed by the abacus lies below the experimental curve up to about 160 kPa, when the curves meet. Despite this fact, the curves have good agreement. In both
cases, the shape of the curves is similar and distinct from
the poor quality curve. In the Juturnaíba clay, the curves are
practically parallel from the stress of 20 kPa, with a final
void ratio difference for each pressure, approximately

equal to 0.3 (or 7% of the initial void ratio e0 = 4.24), in the
sense of greater (see results in Table 7).
Figure 14 presents curves constructed by using the
calculations based on experimental oedometer curves obtained in good and poor-quality samples from the Suape
study areas (Bello, 2011; Coutinho & Bello, 2012). The
curves produced from the calculations feature characteristics of curves from good quality samples. The compressibility parameters are obtained from the corrected curve.
Table 8 presents geotechnical parameters obtained
from the experimental curves, and the curves constructed
from the Oliveira (2002) calculations. The experimental
recompression index (Cs) is greater than that of the constructed curve. The experimental preconsolidation stress
and the compression index (Cc) are smaller than that of the
constructed curve. In the AE-1 study area, the Cs, s’vm, Cc
relations (experimental curves / curves constructed) varied
from 1.25 to 3.17 for Cs, from 0.23 to 0.94 for s’vm and from
0.55 to 0.97 for Cc. In the AE-2 study area, the Cs, s’vm, Cc
relations varied from 1.80 to 3.89 for Cs, from 0.19 to 0.80
for s’vm, and from 0.51 to 0.99 for Cc. The results show an
improvement in the constructed curve, particularly for
those relating to poor quality samples. Considering the previous studies performed by Oliveira (2002) and the results
obtained for Suape soft clays, the potential can be seen for
this methodology, along with its usefulness in correcting
the oedometer curves, and obtaining compressibility parameters that correspond to good quality samples.
6.3. Proposal of Coutinho (2007)
Coutinho (2007) presented a correction proposal
based on the relation involving the compression ratio (CR)
and the overconsolidation ratio (OCR) with specific defor-

Figure 13 - Experimental oedometer curves (Coutinho et al. (1998) and constructed by the abacus (good and poor quality): (a) (e0 =
3.54), Sarapuí; (b) (e0 = 3.84), SESI-Ibura; (c) (e0 = 4.24), Juturnaíba (Oliveira, 2002).
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Table 7 - Geotechnical parameters obtained from the experimental oedometric curves and constructed by the abacus (Oliveira, 2002).
s’vo

Cr (beginning of Relation of to s’vo Relation of to Cc1
good quality
the curve)
good quality

Cc1

Cr /Cr good
quality

Clay

Curve

Sarapuí
(e0 = 3.54)

Good quality

39

2.5

0.12

1

1

1

Poor quality

21

1.12

0.63

0.54

0.45

5.25

Built by abacus

30

1.6

0.22

0.77

0.64

1.83

Good quality

43

2.55

0.16

1

1

1

Poor quality

11

0.95

0.68

0.26

0.37

4.25

Built by abacus

32

1.84

0.50

0.74

0.72

3.12

Good quality

33

2.03

0.27

1

1

1

Built by abacus

23

1.98

0.48

0.70

0.98

1.78

SESI-Ibura
(e0 = 3.84)
Juturnaíba
(e0 = 4.24)

Figure 14 - Experimental curves and curves constructed by use of the Schmertmann proposal (1955): (a) good quality, study area AE-2;
(b) poor quality, study area AE-1 (Bello, 2011).

Table 8 - Corrected compressibility parameters values from Oliveira (2002) proposal: AE-2 study area, Suape (Bello, 2011).
Vertical

SP102

Depth (m)

s’vo

Classification
Coutinho (2007)

1.5

6.2

Good to regular

Parameters
Experimentals

Corrected (Oliveira, 2002)

s’vm

OCR

Cc

Cs

s’vm

OCR

Cc

Cs

20.0

3.2

0.8

3.1

30.0

4.84

0.81

1.80

6.0

15.2

Good to regular

9.0

0.6

1.3

0.2

12.0

0.79

1.31

0.17

SP105

5.5

27.3

Poor

6.0

0.2

1.1

0.1

14.0

0.51

1.25

0.08

SP106

4.5

19.5

Good to regular

6.0

0.3

1.4

0.2

32.0

1.64

1.51

0.18

SP109

6.3

30.0

Very poor

16.0

0.5

2.1

0.4

18.0

0.60

2.50

0.09

SP123

1.7

6.1

Poor

12.0

2.0

0.6

0.1

26.0

4.26

0.86

0.10

SP121

2.5

19.6

Poor

16.0

0.8

1.6

0.2

45.0

2.30

2.45

0.19

SP128

3.5

10.5

Poor

13.0

1.2

0.9

0.2

20.0

1.90

1.10

0.17

SP137

0.4

5.5

Poor

8.0

1.5

1.8

0.2

20.0

3.64

3.60

0.07

SP138

2.9

5.7

Good to regular

10.0

1.8

2.0

0.4

20.0

3.51

3.80

0.22

3.9

11.1

Very poor

20.0

1.8

2.2

0.2

25.0

2.25

2.30

0.12
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mation (evo), that represents the quality of the sample. A
greater decrease can be verified in the CR and OCR values
when evo increases and a minimum limit exists where the
samples are almost totally disturbed.
Figures 15a and 15b show, respectively, the compression ratio (CR) and overconsolidation ratio (OCR) vs. evo
for the SESI-Ibura deposit. Coutinho et al. (1998) and
Coutinho et al. (2000) comment that, as expected, CR and
OCR values decrease strongly when evo increases. There is a
minimum limit for CR values (20%) and for OCR values
(0.25), where the samples are almost completely dented.
This type of correlation may be useful for an approximate
correction of CR and OCR values, considering the quality
of sampling in practical projects. In this type of work, the
sampling process often does not utilize the recommended
procedures and field teams with adequate training.
Figures 16 (a) and 16 (b) present the correlations between CR and s’vm vs. evo, respectively, for the AE-2 study
area (SUB-AREA A). Each layer is represented by a curve
correlating to soft soil deposits containing different com-

pressibility layers (different CR and s’vm values for each
layer). Results found in SUB-AREA A seem consistent
with the observations of Coutinho (2007) on the behavior
of soft clays of Recife. The relation between the value of
s’vm obtained in samples of good quality and in samples of
poor quality was in the order of 3 (considered high), however eo does not appear to be significantly influenced by the
quality of the sample.
The results obtained in the Suape areas showed reasonable correlations of CR and s’vm vs. evo for soft layers,
allowing for correction of the CR and s’vm values by considering evo values corresponding to very good - excellent quality samples. The correction can be particularly important
when considering poor quality samples in practical projects.
6.4. Proposal of the normalized oedometric curve presented by Futai (2010)
Futai (2010) proposed to use normalization of the
compression curves in calculations of repression. The

Figure 15 - (a) Curve CR vs. evo ; (b) Curve OCR vs. evo for the SESI-Ibura deposit -PE (Coutinho et al., 1998).

Figure 16 - Evaluation of sample quality, study area AE-2, SUB-AREA A: (a) Curves CR vs. evo; (b) Curves s’vm vs. evo (Bello 2011, from
Coutinho et al., 1998; Coutinho, 2007).
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equations to estimate settlements do not require the values
of Cc ou Cc/(1 + e0) and nor of correlations. It is only necessary to know the initial void ratio, the history of stress and
the loading. Therefore, the author believes that this is a
more rational way of calculating settlements, and emphasizes the need to verify if the normalized compression
curve of the soil falls within the classification range of good
quality sample before applying the proposed calculation of
setbacks. However, the author does not comment on the
correction of sample curves classified as poor quality for
use in the calculation of settlements.
From the data of tests in clays of different Brazilian
localities and collected in the international literature, Futai
(2010) applied the normalization of oedometric compression curves to evaluate the sample quality.
In the proposal, two sections were considered: ID > 1
(usually consolidation), and ID > 1 (final vertical stress
greater than the yield stress). The normalized compression
curve, for ID > 1, can be represented by a logarithmic function (Eq. 5). In the section ID < 1, the relation is linear, and
the field void ratio is used as reference (Eq. 6).
e = ey . (1- x. ln (ID))
ey - e
ey

(5)

= c.(ID 0 -1)

(6)

where x is an adjustment coefficient equal to 0.23, and c is
the angular coefficient of the line equal to 0.06.
And so it is possible to calculate the void ratio for
yielding (Eq. 7).
ey =

e0
1.06 - ( 0.06ID 0 )

(7)

where ID0 equals the relation of the effective vertical field
stress (s’vo) with the yield stress (s’vy).
Based on these criteria, it is suggested that samples
that were not included in the good quality bands proposed
by Futai (2010), be corrected to obtain a new value of the
yield stress (s’vy). In Eq. 7, the parameters e0, IDo and s’vo
are known, as well as s’vy obtained directly from the test,
thus obtaining ey in a simple way. In the second stage of the
procedure, Eq. 5 would be used, since it is a reference for
samples of good quality. The void ratio used would correspond to the final loading pressure, where it coincides with
the reference line. By developing the equation, we arrive at
the value of the yield stress.
Table 9 shows the results of the s’vm correction by the
proposed Futai standard curve (2010) obtained in the AE-1
study area (E98 and E137) and in the AE-2 study area
(E109 and E138, together with the results of the correction
proposed by Oliveira (2002).

Table 9 - Correction of the preconsolidation stress according to criteria of Futai (2010)-Suape (Bello, 2011).
Stake
E98

E137

E109

E138

Sample

Pre-consolidation stress s’p (kPa)

Quality Coutinho (2007)
Oedometric

Futai (2010)

Oliveira (2002)

AM1

Poor

9.0

20.4

27.0

AM2

Very poor

7.0

37.8

30.0

AM3

Good to regular

4.0

8.9

15.0

AM4

Very good

6.0

16.8

19.0

AM1

Good to regular

21.0

19.91

22.0

AM2

Poor

22.0

23.34

26.0

AM3

Very good

9.0

14.91

13.0

AM4

Good to regular

35.0

40.47

36.0

AM5

Good to regular

30.0

42.23

31.0

AM1

Good to regular

19.0

25.9

21.0

AM2

Good to regular

16.0

17.97

17.0

AM3

Good to regular

20.0

21.02

22.0

AM4

Good to regular

26.0

25.37

26.0

AM5

Very poor

16.0

26.51

18.0

AM1

Good to regular

8.0

15.12

12.0

AM2

Very poor

10.0

16.47

20.0

AM3

Good to regular

14.0

25.26

17.0

AM4

Very poor

20.0

22.30

23.0

AM5

Good to regular

28.0

30.10

28.0
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In samples of good quality the proposal reached values of s’vm higher than the values obtained experimentally.
In samples of poor quality the values of s’vm corrected by
the proposal were significantly higher than the values obtained experimentally. Comparing the proposed correction
of s’vm with the Futai (2010) normalized curve and the proposal for the construction of new oedometric curves suggested by Oliveira (2002), the results of s’vm were alternated in each sample tested, concluding that in the
application of the two corrections satisfactory results can
be obtained.
The proposed correction of s’vm by the normalized
curve of Futai (2010) constitutes a tool of simple application to obtain values of s’vm not influenced by the molding.
In general the results of the application of the s’vm correction by the normalized curve were stimulating in Suape soft
clays. It is suggested to use in other Brazilian clays reported
in the literature.
The initial proposal of Futai (2010) had as objective
to use air standard curves to evaluate samples and calculate
settlements. It is only necessary to know the initial void ratio, the stress history and the loading. Apparently there was
no interest in constructing the curves to obtain other parameters. In this work, it is suggested to construct the corrected
oedometric curves from this proposal to obtain the parameters.
Bello (2011) and Coutinho & Bello (2012) comparing
the results of the correction proposal for Suape soft clay
samples, made some observations:
(a) The Oliveira (2002) proposal amounts to a simple procedure, where only the initial void ratio and the oedometer test pressures are needed. All of the curve’s corresponding points must be determined. Considering
the studies carried out by Oliveira (2002) applied in
the clays of Recife, Juturnaíba and Sarapuí, and the results found in the clays of Suape, the potential of the
proposal for correction of the oedomometric curves is
verified.
(b) The s’vm value obtained by the Schmertmann (1955)
proposal was practically unmodified when considering good quality samples. A significant difference was
observed in the s’vm corrected value when dealing with
poor quality samples.
(c) In the Coutinho (2007) proposal, it was possible to obtain corrected CR and OCR values by considering the
evo value corresponding to very good and excellent
quality samples. Correlations for each soft soil layer of
the deposit must be constructed.
Figure 17 for the AE-1 Suape study area shows a
comparison between the experimental oedometer curve
(poor quality samples), and the curves constructed by the
Oliveira (2002) calculations and Schmertmann proposal
(1955) (Coutinho & Bello, 2012). It can be observed that
the corrected curve for good quality experimental samples
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Figure 17 - Oedometer curve and curves constructed by Oliveira
(2002) and Schmertmann (1955) proposals (Coutinho & Bello,
2012).

approximates the Schmertmann (1955) curve (field curve).
The s’vm values obtained from the two corrected curves are
similar (around 24 kPa), and the recompression ratio is
slightly greater in the Schmertmann curve.

7. Correction of Strength Parameters to
Account for Sample Disturbance
For correction of the value of Su is proposed the use of
the relationship of resistance (Su/s’vm) vs. the IP plasticity
index. The values of s’vm are considered corrected for the
effect of the sample’s denting (see Schmertmann, 1955;
Oliveira, 2000; Coutinho, 2007; Futai, 2010).
Figure 18 shows the relation Su vane/s’vm vs. IP proposed
by Mesri (1975), Coutinho et al. (2000) modified from
Skempton (1957), Larsson (1980) and Mayne & Mitchell
(1988), together with the mean values of various Brazilian
clays, including Recife and Suape (SUB-AREAS A and C).
For Recife and Suape clays, the points fall between the correlations of Larsson (1980) and Mesri (1975), forming
upper and lower limits respectively. The proposal from
Coutinho et al. (2000) represents clays from Recife, Juturnaíba-RJ, Sarapuí-RJ and satisfactorily for Suape. The poor
quality samples had the s’vm value corrected (see Coutinho
& Bello, 2012; Bello, 2011).
The equation of the resistance relationship obtained
by Coutinho et al. (2000) modified from Skempton (1957)
is proposed in this work to be used as a criterion for correcting the value of Su. Table 10 presents a summary of the results of the Su correction of Suape’s AE-1 study area. The
corrected Su values were around ± 16% higher in relation to
the Su values obtained in the field vane tests.
This new proposal constitutes an efficient tool and
easy to apply to obtain the Su value, indicative of samples of
good quality.
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Figure 18 - Resistance ratio several brazilian soft clays: Su vane/s’vm and IP (Coutinho et al., 2000; Coutinho & Bello, 2012).

Table 10 - Summary of Su values corrected according to Coutinho et al. (2000) modified from Skempton (area of study AE-1 - Suape).

1st stretch

2nd stretch

Su vane/s’vm

Equation (Coutinho et al., 2000 apud
Skempton, 1957)

s’vm

IP

Su vane

Su corr

0.30

0.539

27.0

116.04

8.20

14.56

0.73

0.546

20.0

117.72

14.60

18.91

0.27

0.469

17.0

96.92

4.53

7.97

0.26

0.391

30.0

75.91

7.90

11.73

0.15

0.421

29.2

83.98

8.00

12.29

0.27

0.373

33.0

71.11

8.82

12.31

0.34

0.557

31.0

120.93

10.51

17.28

0.47

0.535

25.8

114.83

12.04

13.80

0.69

0.527

28.4

112.65

14.71

14.96

0.43

0.495

22.0

104.15

9.40

10.90

0.28

0.591

21.0

130.00

6.00

12.41

8. Conclusions
This study presented and discussed results from sample quality evaluations, and correction of the effects of sample disturbance of Brazilian soft clays.
Results from the Coutinho (2007) and Futai (2010)
proposals were similar, and may be considered satisfactory
for evaluating and quantifying the quality of Suape soft
clay samples. Overall, within this study, more than 50% of
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the samples were classified as being of satisfactory quality
(very good to excellent, and good to regular).
The Schmertmann (1955), Oliveira (2002) and Coutinho (2007) proposals were used for correcting the compressibility parameters from samples whose quality was
classified as unsatisfactory. The proposals studied for correction use produced parameters corresponding to very
good / excellent field curves. The corrections can be particularly important for use with poor quality samples. For use
in project, the corrections must be utilized for all of the im-
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portant parameters, or simply throughout the complete curve.
In a study of sample quality, it is very important to
make use of a regional / local data base in order to obtain
proper correlations, and to be able to verify standard behavior.
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Performance Evaluation of Rigid Inclusion Foundations
in the Reduction of Settlements
J.F.R. Rebolledo, R.F.P. León, J. Camapum De Carvalho
Abstract. In this study, numerical modeling is used to evaluate the performance of rigid inclusion foundations for settlement control considering the characteristic soils of the city of Brasília, Federal District, Brazil. Two- and threedimensional (2D and 3D) PLAXIS software models were used considering the Hardening Soil constitutive model parameters previously obtained, calibrated and validated by the authors. First, the general concepts regarding systems with rigid
inclusions are presented. Then, parametric 2D axisymmetric numerical modeling is shown, where the spacing between inclusions, the height of the distribution layer and the soil conditions were varied. The load transfer mechanisms were analyzed, including the performance of rigid inclusions for settlement control. Finally, 3D modeling was performed with the
information from a real project located in the Federal District. In the 3D modeling, the performance of the rigid inclusion
foundation was compared with that of a slab foundation solution; then, the obtained settlements and angular distortions
were compared with the serviceability limit states indicated in the literature. The results show that for the analyzed conditions, rigid inclusion foundations can be considered to be reliable foundation solutions. However, feedback from instrumentation cases in the city of Brasilia is required to further validate the design considerations.
Keywords: 3D model, angular distortion, numerical modeling, rigid inclusions, settlement control performance.

1. Introduction
The region of the Federal District of Brazil is covered
by a detritus-laterite soil mantle from the Tertiary-Quaternary age called “porous clay”. This superficial clay layer
presents a porous and highly unstable structure, with high
void ratio and low shear strength resistance; therefore, deep
foundations are widely used. In this study, numerical modeling is used to evaluate the performance of rigid inclusion
foundations for settlement control.
Inclusions have been commonly used all over the
world as foundation solutions, primarily for road and railway embankments (Zanziger & Gartung 2002; Quigley et
al., 2003; Wood 2003; Almeida et al., 2011; Okyay et al.,
2014; Fonseca & Palmeira, 2018). Since the late twentieth
century, in North America (López et al., 1999; Santoyo &
Ovando, 2006; Rodríguez, 2001, 2010; Rodríguez & Auvinet, 2006; Auvinet & Rodríguez, 2006) and in Europe
(Combarieu, 1990; Pecker, 2004; Simon & Schlosser,
2006; ASIRI, 2011; Briançon et al., 2015), this solution has
been studied and employed for settlement control and to
lower the costs of deep foundations for buildings on difficult soil conditions. Currently, the use of inclusions is one
of the most employed deep foundation techniques under
these conditions due to good performance (Briançon et al.,
2015) and low cost compared to other solutions (Rodríguez
& Auvinet, 2006). Therefore, the objective of this paper is

to evaluate the use of this type of foundation for situations
involving superficial layers of collapsible porous soils,
such as those present in the stratigraphy of the city of Brasilia in the Federal District of Brazil.
The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
supported by the soil to these elements.
In this study, the performance of rigid inclusion foundations in settlement control is evaluated through numerical modeling. Two- and three-dimensional (2D and 3D)
PLAXIS software models were used considering the mechanical parameters of the characteristic soils of the city of
Brasília, obtained, calibrated and validated (Rebolledo et
al., 2019) for the Hardening Soil (HS) model based on laboratory and field test results obtained in previous studies
conducted in the Experimental Field of the University of
Brasília (CEGUnB).
To evaluate the influence of the main geometric variables of the foundation on settlement control, parametric
2D axisymmetric modeling was performed. The analyses
were performed using the soil stratigraphy and properties
of the CEGUnB for natural moisture conditions and with
the first 3.5 m of the saturated soil. The latter condition was
investigated to consider the significant increase in the soil
moisture in this active zone during the rainy season.
Additionally, 3D modeling was done with information from a real project located in the Federal District. The
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performance of the rigid inclusion foundation was compared with that of a single-slab foundation solution; then,
the settlements and angular distortions obtained were compared with the serviceability limit states indicated in the literature.

2. Rigid Inclusions
2.1. Main characteristics
A foundation with rigid inclusions has five components that interact with each other, as shown in Fig. 1: the
foundation (slab or footing), the distribution layer or load
transfer platform, the rigid inclusions, the column caps (optional), and the surrounding soil. A rigid inclusion foundation solution should incorporate all of these components.
Commonly, in embankment projects, the distribution
layer is composed of granular soils reinforced with geosynthetics, but for building foundation projects, the distribution layer is commonly composed of compacted soils. To
increase the shear strength and stiffness of the distribution
layer, the material of this layer can be mixed with cement,
lime or another chemical or physical additives.
Inclusions are cylindrical or prismatic elements with
no direct contact with the foundation (slab or footing) that
can be placed in the ground using different techniques, such
as bored piles, jacked piles, precast-concrete pile driving,
steel pipe pile driving, micropiles, continuous flight augers,
low-pressure grouting, jet grouting, and stone columns, i.e.,
any type of deep foundation that has a rigidity considerably
greater than that of the ground the foundation reinforces.
According to the Soil Improvements through the use of
Rigid Inclusions (ASIRI) National Project (2011), the concept of rigid inclusions is based on the hypothesis that the
structural stability of an element is guaranteed without the
lateral confinement of the soil.
In this study, we assumed that the rigid inclusions
were constructed using the continuous flight auger technique because, compared with other techniques, the flight
auger technique produces small disturbances in the excavated soil, has relatively high performance and is widely
used in Brazil; however, any of the methods mentioned
above can be used.

Figure 1 - General scheme of a rigid inclusion foundation.
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2.2. Load transfer mechanism
The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
supported by the soil to these elements. A complex interaction develops between the reinforced soil, the inclusions
and the distribution layer, as shown in Fig. 2a. To understand the inclusion-soil and soil-inclusion load transfer, we
can use concepts similar to those accepted for piles, as
shown in Fig. 2b (Vesic, 1970; Rodríguez, 2010; Combarieu, 1990; Rodríguez et al., 2015; Briançon et al., 2015).
Initially (Fig. 2a), the distribution layer transfers the load of
the structure to the inclusion cap (qc) and to the reinforced
soil (qs); then, the reinforced soil transfers the load to the
upper inclusion shaft as negative skin friction (f(-)); finally,
the inclusion transfers the load through the inclusion tip (qp)
and through the lower inclusion shaft as positive skin friction (f(+)). Both negative and positive friction are separated
by a neutral point (z0), where no relative displacement occurs between the inclusion and soil.
The distribution layer or load transfer platform is intended to transfer most of the load from the structure to the
rigid inclusions, qc. The geotechnical and geometric characteristics of this layer influence the efficiency of the transfer
because these characteristics can increase the stresses at the
heads of the inclusions (qc, Fig. 2a) and reduce the stresses
in the soil to be reinforced (qs). Additionally, the distribution layer absorbs the loads transferred by the inclusion
heads (column caps or top of the piles, according to the
case), which prevents the inclusion heads from punching
the foundation slab, and homogenizes the settlements, ensuring efficient foundation performance. The parameters
that have the most influence on this efficiency are the friction angle of the compacted material, the spacing and head
diameter of the inclusions and the thickness of the distribution layer (BSI, 2010). According to Fonseca & Palmeira
(2018), to obtain the load transfer efficiency of geosynthetic reinforced piled embankments, analytical methods
are commonly used, but the results obtained are significantly different. Generally, methods based on arching
stresses such as the British Standard BS 8006 (BSI, 2010)
showed satisfactory results.
According to Rodríguez (2010), the use of rigid inclusion systems is more economical than the use of other deep
foundation solutions, mainly because:
1) inclusions do not require steel reinforcement (Fig. 2) because only small compressive loads develop in the element,
2) the foundation slab or footing does not require steel reinforcement (Fig. 2) to transfer load to the inclusions,
since the top of the inclusions are located at a depth
sufficient to prevent the inclusions from reacting as
point load to the foundation slab or footing, and
3) the magnitudes of the loads transmitted by the inclusions
are low, so a concrete with low resistance can com-
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Figure 2 - Load transfer mechanism and axial load (Q) developed along a) rigid inclusion foundation and b) piled raft foundation.

monly be used (compressive strength of the order of
10 MPa).

3. Aspects of the Numerical Modeling
3.1. Stratigraphy used in the modeling
For this study, the stratigraphy of CEGUnB, shown in
Fig. 3, was considered. This program provides valuable
geotechnical information obtained from surveys, in situ
tests, laboratory tests and loading tests on superficial and
deep foundations (Pérez, 2017; Jardim, 1998; Sales, 2000;
Guimarães, 2002; Mota, 2003; Coelho, 2013; Sales et al.,
2015). According to this information and the tropical soil
profiles proposed by Cruz (1987) and Cardoso (2002),
Rebolledo et al. (2019) defined the typical stratigraphic
profile of the CEGUnB, as shown in Fig. 3.
For the numerical simulation of soil behavior based
on the information from the CEGUnB, the HS model
(Schanz et al., 1999; Brinkgreve et al., 2014, 2015) of the
software PLAXIS was used. The HS model is one of the
most complete constitutive models of PLAXIS and is capable of:
1) calculating the total strains using a stress-dependent
stiffness that is different for loading and unloading/reloading conditions, and
2) modeling irreversible strains due to primary deviatoric
loading (shear hardening) and modeling irreversible
plastic strains due to primary compression under oedometric and isotropic loading (compression hardening).

Soils and Rocks, São Paulo, 42(3): 265-279, September-December, 2019.

Figure 3 - CEGUnB profile used in the model (Rebolledo et al.,
2019).

Rebolledo et al. (2019) developed a methodology to
obtain, adjust and validate the mechanical parameters of
characteristic soils of the city of Brasília for the HS model,
making use of laboratory and field test results obtained in
previous studies conducted in the CEGUnB. The methodol-
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ogy presented began with the evaluation of the strength and
compressibility parameters of triaxial CU tests (with isotropic and anisotropic consolidation) and one-dimensional
consolidation tests, respectively (Guimarães, 2002). Then,
the parameters obtained for the HS model were calibrated
through the explicit numerical modeling of the tests using
the finite element method (FEM) and the SoilTest module
of the PLAXIS software. Based on the evaluation and calibration of these parameters and the proposed soil profile
(Fig. 3), a geotechnical model based on the natural moisture
state of the CEGUnB was proposed for the HS model,
shown in Table 1. This geotechnical model was validated
through numerical modeling of the load testing of footings
and piles conducted in the CEGUnB (Sales, 2000; Guimarães, 2002).
Using the same methodology and with the triaxial and
consolidation tests performed by Guimarães (2002), Pérez
(2017) determined the HS model parameters for the first 3.5
m in depth of porous clay from Brasília in the saturated
moisture state, as shown in Table 2.
3.2. Definition of the problem geometry
To define the diameter of the inclusions, the studies
by ASIRI (2011) and Guimarães (2002) were considered.

According to ASIRI (2011), for nonreinforced concrete inclusions constructed on site that do not rely on a micropiletype technique, the typical minimum diameter is 25 cm.
According to Guimarães (2002), mechanically excavated
piles, which are of great use and versatility in the Federal
District of Brazil, can reach 25 m in depth, with diameters
varying from 30 to 110 cm.
In this study, the inclusions were modeled with a diameter of 30 cm and placed at a depth of 9.5 m, thus penetrating 1 m into the noncollapsible soil layer to ensure the
load transfer from the inclusions to a more competent stratum. For the load distribution layer, thicknesses ranging
from 0.5 to 2.5 m were considered, according to the recommendations of ASIRI (2011). The slab was considered flexible with a thickness of 0.20 m with the properties described
in 3.3.
According to ASIRI (2011), the minimum centerto-center spacing between inclusions is three times the diameter of the element (3D) if the inclusions are constructed
on a site with minimum soil disturbance. Hence, the minimum inclusion spacing considered in the parametric analysis was 1 m (» 3D).

Table 1 - Geotechnical model proposed by the CEGUnB for the natural moisture state for the HS model (Rebolledo et al., 2019).
Parameters

Layer number
1

2

3

Porous sandy clay

4

5

Lateritic residual soil

6
Saprolitic soil

Depth (m)

0 - 1.5

1.5 - 3.5

3.5 - 5.0

5.0 - 7.0

7.0 - 8.5

8.5 - 20.0

g (kN/m )

13.1

12.8

13.9

14.3

16.0

18.2

c (kPa)

5

5

5

20

75

20

f’ (°)

25

25

26

32

20

22

y (°)

0

0

0

0

0

0

3

ref
50

(MPa)

3.2

2.5

4.0

12.0

13.2

12.2

ref
(MPa)
E oed

4.9

1.45

2.2

6.9

7.0

5.7

14.0

14.0

36.9

37.5

54.0

54.0

E
E

ref
ur

(MPa)

m

0.5

0.5

0.5

0.5

0.5

0.7

nur

0.2

0.2

0.2

0.2

0.2

0.2

pref (kPa)

100

100

100

100

100

100

Rf

0.8

0.8

0.9

0.9

0.9

0.8

POP (kPa)

65.7

31.8

0

31.4

0

0

K 0nc

0.58

0.58

0.56

0.47

0.66

0.63

K0

1.37

0.77

0.56

0.56

0.66

0.63

g: unit weight of moist soil, c’ and f’: the effective shear strength parameters, y: dilatancy angle, E 50ref : the reference secant stiffness
ref
modulus for the drained triaxial test, E oed
: the reference tangent stiffness modulus for oedometric loading, E urref : the reference stiffness
modulus for unloading and reloading conditions, m: the exponent that defines the strain dependence of the stress state, nur: unloading/reloading Poisson’s ratio, pref: the reference isotropic stress, Rf: the failure ratio, POP: the preoverburden pressure, K 0nc : the coefficient of
the earth pressure at rest for normal consolidation, and K0: coefficient of earth pressure at rest.
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Table 2 - Geotechnical model proposed for the CEGUnB for the
first 3.5 m in depth in the saturated moisture state for the HS
model (modified from Pérez 2017).

3.4. Properties considered in the distribution layer

2.2

2.1

ref
(MPa)
E oed

0.96

0.83

E urref (MPa)

13.0

13.0

m

0.65

0.80

nur

0.2

0.2

For the distribution layer (improved soil), the MohrCoulomb model was adopted. Research performed by Otálvaro (2013) at the Geotechnics Laboratory of the University of Brasília (UnB) provided the estimates of the parameters for tropical soil improved by compaction that were
used in this study, and these parameters are presented in Table 4. The compacted tropical soil, of the laterite type and
highly weathered, was collected in the Brazilian Cerrado
region in the city of Brasília. The material was classified as
ML (low plasticity silt) according to the Unified Soil Classification System (USCS). The g value was obtained from
the results of Proctor Standard testing (compaction energy
of 600 kN-m/m3), from values of wopt = 24 % and
gdmax = 15 kN/m3. Parameters E, f’ and c’ were obtained
from CD (consolidated-drained) triaxial tests performed on
the same compacted soil. Echevarría (2006) obtained similar parameters for numerical simulation of tropical porous
compacted soil.

ref

50

50

3.5. Analysis steps

Rf

0.75

0.75

POP (kPa)

16.1

6.59

K 0nc

0.56

0.56

K0

0.75

0.75

Parameters

Layer number
1

2
Porous sandy clay

Depth (m)

0-1.5

1.5-3.5

g (kN/m )

16.5

16.4

c (kPa)

0

0

f’ (°)

26

26

y (°)

0

0

3

E

ref
50

(MPa)

p (kPa)

3.3. Properties considered for concrete elements

The analysis steps of the numerical models were established according to the construction process of foundations with rigid inclusions. Initially, five steps were defined: Step I consists of the excavation of the natural soil,
upon which the distribution layer will be built; in Step II,
the rigid inclusions are installed; in Step III, the distribution
layer is built; in Step IV, the slab is built; in Step V, the load
is applied to the foundation.

For the modeling of slab and inclusions, both in concrete, the linear elastic constitutive model was assumed because the stiffness and the strength of this material are
considerably higher than those of the reinforced soil. Table
3 presents the parameters of the constitutive model adopted
for each concrete element.
The concrete Young’s modulus was calculated according to the equation proposed in Brazilian standard
NBR 6118 (ABNT, 2014) as a function of the strength characteristics of the concrete subjected to simple compression.
Therefore, a compressive strength of 20 MPa was assumed
for the slab and 10 MPa for the inclusions.
As proposed in NBR 6118 (ABNT, 2014) and by
ASIRI (2011), a Poisson’s ratio for concrete equal to 0.2
was adopted for both elements.

An infinite group of rigid inclusions over an infinitely
large distribution layer and slab was considered (Fig. 4a).
The area of influence, or influence cell, of each internal inclusion (Schlosser et al., 1984) is hexagonal but can be idealized as a circular unit cell (Rodríguez et al., 2015); the
problem then becomes axisymmetric (Fig. 4b). The radius
R of this area, corresponding to the radius of a finite element axisymmetric mesh, is approximately equal to half the
spacing between inclusions (S » 2R). For the inclusions located in the periphery, the conditions are no longer axisymmetric, and the results obtained by such a model are less

Table 3 - Parameters of the slab and the rigid inclusions.

Table 4 - Estimated parameters for soil improved by compaction.

Parameters

Parameter

4. Parametric Modeling of Rigid Inclusions
4.1. General considerations

Slab

Inclusions

Unit weight of concrete, g (kN/m )

24.0

23.0

Unit weight, g (kN/m )

Young’s modulus of concrete, E (GPa)

25.0

17.7

Young’s modulus, E (MPa)

60

-

Cohesion, c’ (kPa)

80

-

Friction angle, f’ (°)

38

3

Normal stiffness, EA (kN/m)
2

Bending stiffness, EI (kN/m /m)
Poisson’s ratio, n

5.0 ´ 10

6

1.67 ´ 10
0.20

4

0.20
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Value
3

Poisson’s ratio, n

18.6

0.25
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soil saturated (Case 2). The influence of two parameters
was considered: the spacing between inclusions (1, 1.5, 2,
2.5, and 3 m) and the distribution layer thickness (0.5, 1,
1.5, 2, and 2.5 m). In each model, the results for loads on the
slab (q0) equal to 10, 20, 40, 60, 80, 100 and 120 kPa were
obtained. The base of inclusion was placed at a depth of
9.5 m, and the slab thickness was 0.2 m.
4.3. Loads developed on the inclusions

Figure 4 - a) Distribution of an infinite group of inclusions arranged as a grid and b) axisymmetric model representing the area
of influence or cell inside the grid (modified from Rodríguez et
al., 2015).

representative. However, according to Schlosser et al.
(1984), for large groups of inclusions where the boundary
conditions become less important, the influence cell model
can capture the essence of the physical phenomena.
The centerline of the axisymmetric model coincides
with the axis of the rigid inclusion. The right boundary was
placed halfway between the inclusions. The lower boundary was established at a depth of 20 m, beyond which the
NSPT was larger than 40 blows, and the soil was classified as
very compact, according to the Brazilian standard NBR
6484 (ABNT, 2001). Therefore, the lower boundary was
considered 10.5 m below the tip of the inclusion.
The parametric modeling of the rigid inclusions was
carried out using PLAXIS 2D software (Brinkgreve et al.,
2014). The problem was discretized using a finite element
mesh with more than 6,700 15-node triangular elements. A
mesh densification was considered around the inclusions.
The slab was modeled using 5-node beam elements. The
lateral boundaries were fixed in the horizontal direction,
and the bottom boundary was fixed in both directions. The
sensitivity studies showed that the mesh was dense enough
to provide accurate results. To adequately consider the interaction between the inclusion surface and the soil, five
pairs of node interface elements were added.
4.2. Cases analyzed
To evaluate the performance of the rigid inclusion
foundation for settlement control, the case of a single-slab
foundation (without inclusions) was analyzed, and the results obtained from both cases were compared. Parametric
analyses were performed considering the stratigraphy previously presented in two situations: with the soil at natural
moisture conditions (Case 1) and with the first 3.5 m of the
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As part of the results, Fig. 5a shows the axial load developed in the inclusions for spacing between elements (S)
of 1 to 3 m, distribution layer thickness (HDL) equals to
1.5 m, and load (q0) of 60 kPa. As explained previously
(Fig. 2a), the model highlights the development of the cap
and tip forces and those due to negative and positive skin
friction. Similar behavior was observed by Briançon et al.
(2015) in instrumented rigid inclusions that were part of the
foundation of an industrial structure. The author notes that
the shape of the strain curve inside both instrumented rigid
inclusions indicates an evolution of the strain during the
construction of the building, indicating the interval where
the neutral point between the negative and positive friction
was located.
Figure 5a shows that the magnitudes of the cap, negative friction and positive friction loads significantly increase when S increases. The load on tip does not increase
with increasing S, probably because the tip bearing capacity
has been reached at this point; therefore, the inclusions respond mainly by lateral friction, as in the case of friction
piles.
Figure 5b shows the axial load in the inclusion for different HDL values; when HDL increases, the maximum axial
load increases because the unit weight of the distribution
layer is 18.6 kN/m3 and that of the substituted superficial
soil is approximately 13 kN/m3, which gives an overload of
5.6 kN/m2 for each meter of thickness. Then, when HDL increases, the overload is transferred to the inclusions mainly
by the caps, with the negative skin friction almost constant;
hence, the positive skin friction increases. The increase in
positive skin friction means that additional settlements can
occur. Due to the above and for economic reasons, the
thickness of the distribution layer cannot be large; this layer
has to enable partial load transfer to the inclusion cap, surface settlement reduction and homogenization, thereby
guaranteeing the durability and functionality of the surface
structure.
Figure 6 shows that when the first 3.5 m of the soil
saturate, the load on the inclusion cap increases, the negative friction load decreases, and both positive skin friction
and tip load remain constant. These results indicate that saturated soil is less resistant and more compressible than the
soil at natural moisture condition and thus is not able to
transmit the same load to the shaft of the inclusion (negative friction); therefore, the load transferred by the distribution layer to the inclusion tip increases, and no additional
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Figure 5 - Axial loads developed in the inclusion body, for a) different spacing between elements (S), HDL = 1.5 m and q0 = 60 kPa and b)
different distribution layer thickness (HDL), S = 1.5 m and q0 = 60 kPa.

4.4. Settlement control
The performance of the rigid inclusion foundation in
controlling surface settlement was determined using the
proposed settlement reduction factor (SRF):
SRF = 1 -

Figure 6 - Load developed along the inclusion for natural and saturated moisture conditions, S = 1.5 m, HDL = 1.5 m and q0 = 60 kPa.

load is transferred to the reinforced soil, which means that
inclusions can work properly for both natural and saturated
conditions.
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d +s
d*

(1)

where d +S is the settlement of the soil reinforced by rigid inclusions and d* is the settlement of the soil without reinforcement, both obtained at the center of the slab. When
SRF = 1, the settlement is fully reduced, and the performance of the inclusion system is at the maximum; when
SRF = 0, the settlement reduction is null, and the performance of the system is at the minimum.
The analyses were performed for several values of
spacing between inclusions (S), distribution layer thicknesses (HDL) and load levels (q0), considering cases of stratigraphy with natural moisture (Case 1) and with the first
3.5 m of the soil saturated (Case 2).
Figure 7 shows graphs of settlement versus q0 at the
center of the slab, for HDL = 1.5 m, for different S values and
for Cases 1 and 2 (Figs. 7a and 7b, respectively). The results for d +S are presented by continuous lines, and those for
d* are presented by dashed lines.
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For Case 1, d* varies from 2.7 to 40.2 cm and for Case
2, from 4.2 to 57.4 cm; an increment of 43 to 56 % of the total settlement is obtained from one case to the other. When
inclusions are added for both cases (Figs. 7a and 7b), very
similar values of d +S are obtained for the different S values;
a maximum difference of 16 % is calculated for q0 = 120
kPa and S = 3 m. This result means that, as shown in Fig. 8,
the performance of rigid inclusions for settlement control
(SRF values) significantly increase from Case 1 (Fig. 8a) to
Case 2 (Fig. 8b). As mentioned before, rigid inclusion foundations are more efficient when the soil to be reinforced is
more compressible and less resistant because the distribution layer transfers more load to the head of the element and
less load to the reinforced soil.
Figures 7 and 8 show that very similar results are obtained for S = 1.0 m and 1.5 m. For S values greater than
1.5 m, the SRF passes from a maximum value of 0.6 to 0.35
for Case 1 and from 0.75 to 0.48 for Case 2. On the other
hand, as demonstrated in Fig. 9, when S is held constant
(S = 1.5 m) the settlement reduction achieved with the inclusions for different HDL values is practically constant for
q0 values greater than 40 kPa. For q0 < 40 kPa, the overload
generated by the distribution layer influences the inclusion

performance for HDL > 1.5 m; inclusive negative SRF values
can be obtained.
The axisymmetric analyses show high performance
for the rigid inclusions regarding settlement control for the
two cases analyzed. According to the research developed
by Briançon et al. (2015) related to the monitoring and numerical investigation of rigid inclusion-reinforced industrial buildings, the settlement measured both at the pile
head and the soil surface showed that the supporting system
can significantly reduce settlements.
According to the results obtained, a thickness of
1.5 m for the distribution layer and an S value close to 1.5 m
were proposed for the following 3D analyses.

5. 3D Modeling
5.1. General considerations
The 3D modeling was based on a real project located
in the Meireles Sector in the city of Santa Maria, DF, as presented by Castillo (2013). Lot 401, chosen for the study, encompasses three types of residential blocks with pile group
and single-pile foundations; the Type II block was chosen
for these analyses. Type II block consists of four floors
(ground floor plus three decks), with two two-bedroom

Figure 7 - Settlement as a function of q0, for HDL = 1.5 m, different S values, and a) Case 1: stratigraphy with natural moisture conditions
and b) Case 2: stratigraphy with the first 3.5 m of the soil saturated.

Figure 8 - Settlement reduction factor (SRF) as a function of q0, for HDL = 1.5 m, different S values, and a) Case 1: stratigraphy with natural moisture conditions and b) Case 2: stratigraphy with the first 3.5 m of the soil saturated.
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Figure 9 - Settlement reduction factor (SRF) as a function of q0, for S = 1.5 m, different HDL values, and a) Case 1: stratigraphy with natural moisture conditions and b) Case 2: stratigraphy with the first 3.5 m of the soil saturated.

housings per floor. The original project foundation was
formed by a total of 32 bored concrete piles with diameters
from 30 to 50 cm and depths of 12 to 17 m, arranged as
shown in Fig. 10.
For practical purposes and as a demonstrative example only, the stratigraphy and properties considered for this
analysis were those described in section 3.1.
Figure 10 shows the floor plan for the locations of the
columns and the load acting on each (serviceability state
load combination). To simplify the simulation, the total
load imposed by the superstructure (9,740 kN) was obtained through the sum of loads of all columns (Fig. 10).
This total load was divided by the total area of the slab
(202.4 m2) and by the number of floors (five), and then, a
distributed load of the same value (9.7 kN/m2) was applied
directly to each slab.

To obtain the magnitudes of the settlements that
needed to be minimized and to evaluate the performance of
the rigid inclusion system, the foundation was initially
modeled considering only a single-slab foundation. Subsequently, analysis was performed considering the rigid inclusion system.
The numerical simulation presented below was performed using PLAXIS 3D (Brinkgreve et al., 2015).
5.2. Modeling of the foundation with a single-slab foundation
As shown in Fig. 11, for modeling a single-slab foundation, the symmetry conditions of the problem were considered. The medium was discretized by a finite element
mesh with more than 112,200 10-node tetrahedral elements, the foundation and floor slabs were discretized by

Figure 10 - Floor plan for locations of piles and columns in the type II block (Castillo, 2013).
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Figure 11 - 3D model of the single-slab foundation.

six-node triangular plate elements (0.2 m thick) and the columns with three-node beam elements. The densification of
the mesh around (14 m along the x-axis and 10 m along the
y-axis) and under (12 m in z-axis) the footing was considered. The lateral boundary conditions were fixed in the horizontal direction, and the bottom boundary conditions were
fixed in both directions. The sensitivity analyses showed
that the mesh density was sufficient for accurate results.
5.3. Modeling of the foundation with rigid inclusions
As for the single-slab foundation, for the modeling of
the foundation with rigid inclusions, the symmetry conditions of the problem were considered, as shown in Figs. 12
and 13.
In all the models, the following characteristics were
considered: a slab thickness of 0.20 m, a distribution layer
1.5 m thick, an inclusion diameter of 0.3 m, and spacing between inclusions of 1.8 m (6 times the diameter of the inclusion). The inclusion tips were placed at 9.5 m and 12 m in
depth, and stratigraphies were analyzed with natural moisture conditions (Case 1) and with the first 3.5 m of the saturated soil (Case 2).
The medium was discretized by a finite element mesh
with more than 109,200 10-node tetrahedral elements, the
foundation and floor slabs were discretized by six-node triangular plate elements (0.2 m thick), the columns with
three-node beam elements, and the rigid inclusions with
three-node embedded pile elements. The densification of
the mesh around (14 m along the x-axis and 10 m along the
y-axis) and under (12 m in z-axis) the footing and the rigid
inclusions was considered. The lateral boundary conditions
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were fixed in the horizontal direction, and the bottom
boundary conditions were fixed in both directions. The sensitivity analyses showed that the mesh density was sufficient for accurate results. A general view of the mesh
employed for the structure and foundation is shown in
Fig. 13.
5.4. Analysis of the results
According to the Brazilian standard NBR 6122
(ABNT, 2010), the maximum allowable displacements
supported by the structure, without prejudice to the serviceability limit states, shall comply with the requirements of
NBR 8681 (ABNT, 2003). These displacements, both in
absolute terms (total settlements) and in relative terms (differential settlements), must be established by the designer
according to the importance of the construction work. As
shown in Table 5, several publications propose reference
values; in this study, the admissible settlement value
adopted was 50 mm.
Figures 14 and 15 show the settlements obtained in
the slab for Cases 1 and 2, respectively, and Table 6 shows
the maximum values. For Case 1, the maximum total settlement obtained was 127.8 mm, and that for Case 2 was
318 mm. The foundation does not meet the maximum admissible settlement criterion, requiring the use of rigid inclusions to minimize the total surface settlements. On the
other hand, Fig. 16 shows the settlements obtained for the
foundation with rigid inclusions, considering: a) Case 1 and
inclusions at a depth of 9.5 m, b) Case 2 and inclusions at a
depth of 9.5 m, c) Case 1 and inclusions at a depth of 12 m,
and d) Case 2 and inclusions at a depth of 12 m. Table 6 in-
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Figure 12 - a) Floor plan of the original project highlighting the area considered in the numerical modeling and b) details of the distribution of the rigid inclusions.

cludes the maximum values obtained for all the cases analyzed.
For Case 1 (Fig. 16a), the use of rigid inclusions
placed at a depth of 9.5 m yields a settlement reduction of
62.5 % compared with the foundation with the single-slab,
for inclusions placed at 12 m (Fig. 16c), the reduction was
71.8 %, and for Case 2 (9.5 m in depth, Fig. 16b, and 12 m
in depth, Fig. 16d), the settlement reductions were 83.0 and
87.1 %, respectively.
To control the angular distortion, a limit of 1/500 was
adopted, according to those proposed by Bjerrum (1963),
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as shown in Table 7. The angular distortion value was
calculated from Figs. 14, 15 and 16 as the ratio of the differential settlement between two neighboring columns
(Fig. 12) and the distance between axes.
Table 8 summarizes the maximum angular distortion
for all the cases analyzed. For the single-slab foundation in
Case 1 (Fig. 14), the maximum angular distortion was
1/396, and that for Case 2 (Fig. 15) was 1/1000. According
to these results, the single-slab foundation does not meet
the angular distortion limit in Case 1, and therefore, the use
of rigid inclusions is required. With rigid inclusions, as
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shown in Table 8 and Fig. 16, all the cases analyzed meet
the maximum angular distortion limit (1/500).

In general, for the cases analyzed, the rigid inclusions
perform well, reducing the settlement by more than 80 %
and homogenizing the vertical displacements at tolerable
values meeting with the serviceability limit states.
Based on measurements performed one year after
construction at superficial benchmarks located at eight
points around the perimeter of three five-floor buildings
with rigid inclusion foundation systems in soft soils, Rodri-

Table 5 - Maximum allowable settlements (Castillo, 2013).
Publication

dmax (mm)

Eurocode 7

< 50

Eurocode 1 (1993)

50

Teixeira & Godoy (1998)

90

Burland et al. (1977)
Figure 13 - Isometric projections of the foundation with rigid inclusions and the structure.

65-100

Bowles (1977)

64

Terzaghi & Peck (1967)

50

Skempton & MacDonald (1956)

90

Table 6 - Maximum total settlements (mm).
Single-slab

Inclusions up to
9.5 m

Inclusions up to
12 m

Case 1

Case 2

Case 1

Case 2

Case 1

Case 2

128

318

48

54

36

41

Table 7 - Values of angular distortion limits proposed by Bjerrum
(1963).
h

Damage category
Figure 14 - Vertical displacements for the single-slab foundation,
Case 1.

Danger to settlement-sensitive machines

1/750

Danger to landmarks with diagonal cracks

1/600

Safe limit for cracks not occurring in buildings*

1/500

First cracks on walls

1/300

Problems with overhead crane

1/300

Slant of tall buildings becomes visible

1/250

Considerable cracking of brick walls and panels

1/150

Risk of structural damage to general buildings

1/150

Safe boundary for flexible brick walls, L/H > 4 *

1/150

*The safe limits include a safety factor.
Table 8 - Maximum angular distortion values.
Slab-only

Figure 15 - Vertical displacements for the single-slab foundation,
Case 2.
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Inclusions up to
9.5 m

Inclusions up to
12 m

Case 1

Case 2

Case 1

Case 2

Case 1

Case 2

1/396

1/1000

1/616

1/616

1/821

1/593
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Figure 16 - Vertical displacements for all the cases analyzed with rigid inclusion foundations.

guez & Auvinet (2006) concluded that the mean differential settlement was approximately 0.5 cm, and hence, the
behavior of the buildings was adequate during that period.

6. Conclusions
In this study, numerical modeling was used to evaluate the performance of rigid inclusion foundations for settlement control considering the characteristic soils of the
city of Brasília in the Federal District of Brazil. PLAXIS
2D and 3D software was used considering the Hardening
Soil constitutive model parameters previously obtained,
calibrated and validated by the authors.
The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
from the soil to these elements. Complex interactions develop between the reinforced soil, the inclusions and the
distribution layer.
To evaluate the performance of a rigid inclusion foundation for settlement control, the case of a single-slab foundation (without inclusions) was analyzed, and the results
obtained for both cases were compared.
The numerical modeling highlights the development
of forces in the cap and inclusion tip, and those due to negative and positive skin friction. Similar behavior was observed in instrumented rigid inclusions that were part of the
foundation of an industrial structure.
The magnitudes of the cap, negative friction and positive friction loads increased significantly when the inclu-
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sion spacing increased. However, the tip load does not increase in this case, probably because the tip bearing
capacity had been reached at this point; therefore, for the
cases analyzed, the inclusions mainly responded by lateral
friction, as in the case of friction piles.
When the thickness of the distribution layer increased, an overload was generated and was transferred to the
inclusion mainly by the cap, while the negative skin friction
was almost constant, and hence, the positive skin friction
increased. Thus, additional settlements could occur. Due to
the above results and economic reasons, the distribution
layer cannot be large in thickness; this layer has to enable: i)
partial load transfer to the cap, ii) surface settlement reduction, and iii) homogenization; thereby guaranteeing the durability and functionality of the surface structure.
When the first 3.5 m of the soil was considered to be
saturated, the load on the inclusion cap increased, the negative skin friction load decreased, and both positive skin friction and tip load remained almost constant. These results
indicated that saturated soil is less resistant and more compressible than soil at natural moisture conditions and thus is
not able to bear the same load to the shaft of the inclusion
(negative friction); therefore, the load transferred by the
distribution layer to the inclusion tip increases, and no additional load is transmitted to the reinforced soil. This effect
means that inclusions can work properly for both natural
and saturated conditions without a significant increase in
settlement.
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The performance of the rigid inclusion foundation for
controlling surface settlement was determined using the
proposed Settlement Reduction Factor. Rigid inclusion
foundations are more efficient when the soil to be reinforced is more compressible and less resistant because the
distribution layer transfers more load to the head of the element and less load to the reinforced soil.
In general, for the 3D cases analyzed, the rigid inclusions perform well, reducing the settlement by more than
80 % and homogenizing the vertical displacements at tolerable values that meet the serviceability limit states. However, feedback from instrumentation cases in the city of
Brasilia is required to further validate the design considerations.
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Microstructural Characterization of Siltstone and Sandstone
Pore Space by X-Ray Microtomography
J.S. Fernandes, C.R. Appoloni, C.P. Fernandes
Abstract. Microstructural parameter assessment of reservoir rocks is extremely important for oil companies. In this
regard, computerized X-ray microtomography (m-CT) has proven to be an exceptionally useful methodology for the
analysis of these rocks, since it provides significant microstructural parameters, such as porosity, permeability, and pore
distribution. X-ray microtomography is a relatively novel non-destructive technique in the petroleum area which, besides
enabling the reuse of already measured samples, also provides 2-D and 3-D images, as well as a 3-D mathematical model of
the sample. This technique has the great advantage that it does not require sample preparation, allowing the reuse of the
sample and also reducing the measurement time. A Skyscan model 1172 microtomograph was used for the acquisition of
microtomographic data from the reservoir rocks. This work presents results of porosity and pore size distribution of six
sandstones and two siltstones. Most of the analyzed samples from the Tibagi River basin had porosity below 10 %, except
for the PG6 and PG8 samples, which presented 12 % and 13 %, respectively. Maximum pore radius ranged from 8 to 59 mm
for sandstones and from 5 to 6 mm for siltstones.
Keywords: pore size distribution, porosity, sandstone, siltstone, X-ray microtomography.

1. Introduction
X-ray computerized microtomography (m-CT) is a
non-destructive methodology that measures density variations of the material. This technique uses a set of two-dimensional projections of an object to reconstruct its threedimensional structure (Landis & Keane, 2010), using a
mathematical algorithm (Cormack, 1963, 1964; Wellington and Vinegar, 1987; Flannery et al., 1987). It requires
the employment of adequate software for the treatment and
analysis of images that enables the determination of important microstructure parameters, thus providing a better
knowledge of the analyzed material. A schematic illustration of the acquisition, reconstruction, and generation of
3-D images and models is shown in Fig. 1 (Fernandes et al.,
2016).
The application of X-ray microtomography and image analysis enabled the determination of some microstructural parameters for analyzing five samples of sandstone
and two of siltstone from various geological formations in
Brazil, which are or may become reservoir rocks for some
type of fluid. Additionally, a sample of Australian sandstone was also analyzed. Microcomputed tomography (mCT) provides two-dimensional (2-D) and three-dimensional (3-D) images, from which various characteristics, such
as porosity, permeability, and phase size distribution (pores
or solids) can be obtained. Furthermore, it permits the creation of a 3-D volume of the sample, allowing the visualiza-

tion of the actual structure of the porous network present in
the scanned volume and also for mathematical simulations.
As X-ray beams pass through the object being scanned, the
signal is attenuated by scattering and absorption. The basic
equation for attenuation of a monoenergetic beam by a homogeneous material is given by the law of radiation absorption (Siegbahn, 1979):

Figure 1 - Representation of the acquisition, reconstruction, and
generation of three-dimensional images and models (Fernandes et
al., 2016).
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I = I 0 e -mx

(1)

where I0 and I are the intensity of incident and transmitted
X-ray beams, respectively, m is the linear attenuation coefficient for the material being scanned, and x is the thickness
of the sample through which the beam will traverse. As in
most cases the scanned object is composed of a different
number of materials and the energy of the X-ray beam tube
is polyenergetic, this equation is rewritten as (Kalender,
2011):
E max

I=

ò
0

æ x
ö
I 0 ( E) expçç -ò m( E, x) dx ÷÷
è 0
ø

(2)

The petroleum industry commonly uses other methods to determine porosity and permeability, among which
the most widespread is mercury intrusion porosimetry. The
principle of this technique is based on the fact that mercury
does not wet most substances and, therefore, will not penetrate pores by capillary action, unless it is forced to do so.
Liquid mercury has a high surface tension and also exhibits
a high contact angle against most solids. Entry into pore
spaces requires applying pressure in inverse proportion to
the pore diameter (Lowell & Shields, 1991; Webb & Orr,
1997; Johnson et al., 1999). However, due to their destructive nature, this method often prevents the use of the samples for future analysis. Besides enabling future analyses of
the sample already measured, the m-CT also provides internal visualization of the sample through three-dimensional
images (Fernandes et al., 2016).
Through the most widespread methods such as mercury intrusion porosimetry, a sample may exhibit porosity
lower than that it actually possesses, resulting therefore in a
lower estimate for the rock storage capacity. This can be
due to the lack of connection between the pores of the rock,
which through the 3-D images obtained by microtomography, is verified and quantified.

The importance of not destroying the sample is justified when there is a need for future analysis, or by evolution
of measurement techniques, or archiving of samples in their
natural state.
The determination of the porosity of reservoir rocks
through X-ray microtomography is quite widespread (Appoloni et al., 2007; Flukiger and Bernard, 2009; Tsakiroglou et al., 2009; Izgec et al., 2010), however, for the
rocks of the Tibagi River basin such analyzes are pioneering.
After being microphotographed, the samples were
submitted to mercury porosimetry analyses to obtain the total porosity for comparison of the achieved microCT results.

2. Materials and Methods
2.1. Rocks analyzed
Except for the sample from the Tumblagooda Formation, which was collected from an outcrop of the Kalbarri
National Park in Australia and provided by CENPES /
PETROBRAS, all other rock specimens were taken from
the Tibagi River Basin located in the central region of the
Paraná State, Brazil. Table 1 shows a description summary
of the rock samples analyzed, indicating their collection
site, group, and formation. Such samples were selected to
represent rocks of easy analysis (with larger pores and
without clay) and rocks of difficult analysis (smaller pores
and often with clay).
Figure 2 shows scale images of the analyzed samples
with parallelepipedic shapes with diameters ranging from 5
to 8 mm and height from 10 to 20 mm to facilitate visualization of their dimensions.
Table 2 shows information about some of the most
significant acquisition parameters. The number of projec-

Table 1 - Main characteristics of the samples analyzed.
Sample

Geological group

Formation

107

São Bento

Botucatu

Faxinal-PR

108

Passa Dois

Rio do Rastro

Mauá da Serra-PR

403

Passa Dois

Teresina

Sapopema-PR

MC16

Guatá

Rio Bonito

Figueira-PR

Siltstone.

PG6

Itararé

Rio do Sul

Curiúva-PR

Yellow siltstone with rounded embedded
pebbles.

PG8

Paraná

Furnas

Tibagi-PR

Coarse sandstone with a low degree of
granulometric selection and presence of muscovite.

PG19

Paraná

Furnas

Tibagi-PR

Coarse sandstone with a low degree of granulometric selection.

Dirk Hartog

Tumblagooda

Australia

Coarse sandstone.

Tumblagooda
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Collection site (city/state) Description
Silicified sandstone.
Silty sandstone.
Silty sandstone. Very thin lamination, orange
gray.
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dia and Thermophysical Properties of Materials (LMPT) of
the Department of Mechanical Engineering of the Federal
University of Santa Catarina, Florianópolis, SC, Brazil, in
association with the Brazilian software company ESSS
(Engineering Simulation and Scientific Software). Other
software used was the CTan (Skyscan, 2018), with which
the 3-D reconstructions of the samples were performed.
Figure 3 (Fernandes et al., 2016) shows a photo of the
Skyscan 1172 microtomograph installed at CENPES.
This microtomograph is provided with an X-ray tube
with tungsten anode (W), 10 W maximum power, 20100 kV voltage, and 0-250 mA current. A CCD camera of
10 Mp (megapixel) was used to detect the X-rays. The maximum spatial resolution obtained by this equipment is 1 mm
for samples with 5 mm maximum diameter and 80 mm
height (Fernandes et al., 2016). To determine sample porosity for comparison purposes, a commercial porosimeter,
PoreSizer model 9320 of Micromeritics was applied. However, it was not possible to perform the intrusion into one of
the samples, since it had pores of very small dimensions,
thus precluding the measurements.

Figure 2 - Images of rock samples analyzed in this work. (A)
Sandstone 107; (B) Sandstone 108; (C) Sandstone 403; (D)
Siltstone MC16; (E) Siltstone PG6; (F) Sandstone PG8; (G) Sandstone PG19; (H) Sandstone Tumblagooda.

tions for each sample can be obtained dividing the total rotation by the angular step.
For the acquisition of the above data, a 1 mm thick
aluminum filter was used, aiming to reduce beam hardening effects on the sample images (Ketcham and Carlson,
2001).
2.2. Equipment and software used
A microtochromograph Skyscan model 1172, installed at the Research and Development Center (CENPES)
of PETROBRAS, Rio de Janeiro, RJ, Brazil, was used. The
microtomographic images (projections) were reconstructed
by the NRecon software (Skyscan, 2018). The porosities of
the samples were obtained through the Imago software
(Imago, 2018) developed in the Laboratory of Porous Me-

Figure 3 - Microtomograph Skyscan 1172, 20 - 100 kV X-ray
source, 10 W maximum power (Fernandes et al., 2016).

Table 2 - Key parameters used for the m-CT image acquisition.
Sample

Tension
(kV)

Total rotation
(°)

Angular
step (°)

Spatial resolution (mm)

Exposure time for
each projection (ms)

No. of
frames

Total acquisition time

Sandstone 107

70

0 to 360

0.25

2.9

3245

5

6 h 28 min

Sandstone 108

70

0 to 180

0.25

2.9

9735

4

8 h 5 min

Sandstone 403

70

0 to 360

0.25

1.4

2655

3

3h

Siltstone MC16

70

0 to 180

0.25

2.5

632

5

59 min

Siltstone PG6

70

0 to 180

0.25

2.9

2655

5

2 h 45 min

Sandstone PG8

80

0 to 180

0.25

5.0

1180

5

1 h 30 min

Sandstone PG19

70

0 to 180

0.25

1.4

8260

2

3 h 30 min

Sandstone
Tumblagooda

50

0 to 180

0.5

2.9

4425

5

2 h 18 min
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2.3. Image processing
Figure 4 shows two projections, 0° and 180°, acquired by the CCD chamber of sandstone sample 107. The
projections were reconstructed by the NRecon software using a cone-beam reconstruction algorithm (Feldkamp et al.,
1984), resulting in 2-D grayscale images of a sandstone and
a siltstone, as shown in Figs. 5a and 6a, respectively. After
generation, the 2-D images are analyzed by the Imago software. In this step a region of interest (ROI) is defined and
binarization (segmentation) (Imago, 2002) is performed,
transforming the grayscale image into black and white,
where black is the solid phase, and white, the porous phase,
as shown in Figs. 5b and 6b (Fernandes et al., 2016).
From the projection of 2-D images, it was reconstructed 3-D images using the CTan software, to reconstruct the actual volume of the rocks analyzed. As the 3-D
reconstruction process is very limited and requires a large
computational capacity, it was necessary to investigate the
representative elementary volume (REV) of these samples,
which must be large enough to represent the characteristics
of the sample and the smallest possible when compared to
its total volume. This scaling was analyzed, and it was concluded that the REV should be 1400 ´ 1400 ´ 1400 mm
(Fernandes et al., 2012). For a better view of the internal
structure of sandstone 107, a subvolume of 1500 ´ 1001 ´
300 mm was reconstructed, as shown in Fig. 7.
Figure 8 (Fernandes et al., 2012) shows the 3-D image of the PG8 sandstone sample: in yellow, the porous networks with relatively large diameters and few isolated
pores; in gray, the solid phase.

Figure 6 - Images of siltstone PG6 reconstructed by the NRecon
software; (a) 2-D grayscale image; (b) 2-D binarized image,
where black represents the solid phase and white, the porous
phase.

Figure 7 - 3-D image reconstructed from the sample 107 (1500 ´
1001 ´ 300 mm): dark gray represents the porous phase and light
gray, the solid phase.

Figure 4 - Projections of sandstone107; (a) image acquired at the
0° position; (b) image acquired at the 180° position.

3. Results
Figure 7 clearly shows that the pores of sandstone
sample 107 are isolated, having no connection among
them, thereby preventing the flow of any fluid through the
rock, thus providing virtually no permeability. This same
figure reveals that there are relatively large, but few pores,
reflecting the low porosity of the sample. The porosity (f)
for this subvolume is 5.4 ± 0.2 %, and even with a relatively
small subvolume, this value is very close to the mean value
of the porosity determined from all analyzed 2-D sections
(f = 6.1 ± 0.2 %).

Figure 5 - Images of sandstone sample 107 reconstructed by the
NRecon software; (a) 2-D grayscale image; (b) 2-D binarized image, where black represents the solid phase and white, the porous
phase.
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Table 3 shows the results of the average porosity of all
2-D sections, the porosity of the 3-D images based on the
representative elementary volume, and the porosity obtained
with the mercury porosimetry for all samples analyzed. In
addition, the pore radius with the highest frequency in the
pore size distribution histogram is also presented.
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Figure 8 - 3-D image reconstructed from the sample PG8 (1400 ´
1400 ´ 1400 mm): gray represents the solid phase, and yellow, the
porous phase (Fernandes et al., 2012).

The results of Table 3 show that the porosity found by
X-ray microtomography is systematically lower than that
achieved by mercury porosimetry, except for sample 107.
Regarding this sample, it is conceivable that mercury did
not completely fill its pores. In fact, the outcomes of the
microtomographic image analysis reveal that the pores of
sample 107 are isolated. In this connection, these findings
may explain the impossibility of mercury infiltration into
some of its pores, thus impairing a good performance of this
methodology to determine the absolute porosity of the sample.

For the other samples, the porosity obtained by the
m-CT was smaller. Therefore, it was concluded that there
are pores smaller than the resolution used by the microtomograph. Since the porosimeter can measure pores up to
6 nm in diameter, the microtomograph did not detect a portion of the pores with smaller diameters and indicated lower
porosity values for those samples.
The porosity value for all 2-D images compared to the
porosity of the 3-D images obtained using the representative elementary volume can also be observed from Table 3.
These values are statistically the same for most of the samples. This demonstrates the great advantage in determining
REV for the generation of representative 3-D images.
Figures 9 to 16 show the pore size distributions for the
analyzed samples. In these figures, it can also be observed
that the histogram for sandstone 107 presents two distributions: one around the pores with a radius of 5.8 mm and another for pores with a radius of 58.7 mm, and that 95 % of
the pore of this sample are comprised between 2.9 mm and
108 mm.
For sandstone 108, approximately 92 % of the porous
phase refers to pores with radii between 2.9 and 20.6 mm
and there is a distribution around a value of 11.7 mm.
From the sandstone 403 histogram, it can be observed
that approximately 97 % of the porous phase refers to pores
with radii between 3.9 and 11.9 mm. The frequency of
37.5 % for pores with a radius of 3.9 mm (spatial resolution
used) is considered very high, indicating that there are
pores with smaller radii.
The histogram for siltstone MC16 reveals that nearly
95 % of the porous phase refers to pores with radii between
2.5 and 10.2 mm. Likewise, for sample 403, the 25 % frequency for pores with a radius of 2.5 mm (spatial resolution
used) is considered very high, revealing that there are pores
with smaller radii. Notwithstanding, when analyzing the
2-D and 3-D images of this sample, we observed the pres-

Table 3 - Summary of the microstructural properties of the analyzed samples.
f sections 2-D ( %)

f image 3-D ( %)

f porosimetry Hg ( %)

Pore radius (mm)

Sandstone107

6.1 ± 0.2

5.4 ± 0.2

3.1

5.8-58.7

Sandstone 108

4.2 ± 0.1

4.0 ± 0.1

-

11.7

Sandstone 403

9.3 ± 0.2

7.6 ± 0.2

12.9

7.9

Siltstone MC16

7.0 ± 0.2

7.0 ± 0.2

13.4

5.1

Siltstone PG6

12.0 ± 0.3

11.5 ± 0.2

18.5

2.4-5.9

Sample

1

2

3

Sandstone PG8

13.0 ± 0.2

12.6 ± 0.2

15.8

20

Sandstone PG19

4.9 ± 0.1

5.1 ± 0.1

8.4

10

Sandstone Tumblagooda

15.3 ± 0.5

13.4 ± 0.4

-

11.7-23.5

1

Average total porosity with 95 % confidence.
REV porosity with 95 % confidence.
3
Most frequent value.
2
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Figure 13 - Average pore size distribution for siltstone PG6.
Figure 9 - Distribution of pore sizes for sandstone 107.

Figure 14 - Average pore size distribution for sandstone PG8.
Figure 10 - Distribution of pore sizes for sandstone 108.

Figure 15 - Average pore size distribution for sandstone PG19.
Figure 11 - Average pore size distribution for sandstone 403.

Figure 12 - Average pore size distribution for siltstone MC16.
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Figure 16 - Average pore size distribution for sandstone Tumblagooda.
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sin, the number of samples analyzed is relatively small.
However, since all samples had a porosity value about
10 %, we can ascertain that the sandstones and siltstones of
the basin have low porosity.
The highest average pore radius frequency of these
samples was about 10 mm. However, sample 107 presented
mean radius between 5.8 and 58.7 mm. The largest pores are
easily identified in Fig. 7. Nevertheless, as previously mentioned, apparently, they are not connected due to the silicification process that precludes the withdrawal of any fluid
from the interior of the rock.
X-ray microtomography technique provides a detailed characterization of sample geometry, such as porosity and pore size distribution. The pore interconnectivity
can be visualized and characterized by analyzing the 3-D
images. Several software tools for image analysis allow
scanning the internal structure of samples and enable visualization of pore distribution, thus providing data to determine whether they are connected or isolated and measuring
the amount of open and closed porosity.
Figure 17 - 2-D image of siltstone MC16 sample. The arrow indicates one of the fissures mentioned in the text.

ence of cracks with a diameter of approximately 5-10 mm
caused by the laminated part of the sample. Those fissures
can be seen in Fig. 17 and are repeatedly found throughout
the sample, justifying, in part, the high frequency at pores
with smaller radii.
The histogram of siltstone PG6 shows that approximately 90 % of the porous phase refers to pores with radii
between 2.9 and 11.7 mm. As for samples 403 and MC16,
the 27 % frequency for pores with a radius of 2.9 mm (spatial resolution used) is considered very high, providing indications that there are pores with smaller radii.
Regarding sandstone PG8, it can be observed that approximately 91 % of the porous phase refers to pores with
radii between 5 and 60 mm. The highest frequency refers to
pores with radii equal to 20 mm.
Sandstone PG19 presented approximately 95 % of the
porous phase with pores with radii between 5 and 15 mm.
The 38 % frequency for pores with a radius of 5 mm (spatial
resolution used) is considered very high, indicating that
there are pores with smaller radii.
From the histogram of the Tumblagooda sandstone, it
can be observed that approximately 90 % of the porous
phase refers to pores with radii between 2.9 and 76.4 mm.
This sandstone has a very heterogeneous distribution and
does not present pores with high frequencies.

4. Conclusions
We observed that most of the analyzed samples from
the Tibagi River basin had porosity below 10 %, except for
the PG6 and PG8 samples, which presented 12 % and 13 %,
respectively. If we consider the size of the Tibagi River ba-

Soils and Rocks, São Paulo, 42(3): 281-288, September-December, 2019.

Acknowledgments
The authors of this paper are grateful for the support
provided by CAPES, CNPq, CENPES / PETROBRAS,
Federal University of Santa Catarina and State University
of Londrina.

References
Appoloni, C.R.; Fernandes, C.P. & Rodrigues, C.R.O.
(2007). X-ray microtomography of a sandstone reservoir rock. Nuclear Instruments and Methods in Physics
Research, 580(1):629-632.
Cormack, A.M. (1963). Representation of a function by its
line integrals, with some radiological applications, Part
I. J. Appl. Phys., 34(9):2722-2727.
Cormack, A.M. (1964). Representation of a function by its
line integrals, with some radiological applications, Part
II. J. Appl. Phys., 35(10):2908-2913.
Feldkamp, L.A.; Davis, L.C. & Kress, J.W. (1984). Practical cone-beam algorithm. J. Opt. Soc. Am. A.
1(6):612-619.
Fernandes, J.S.; Appoloni, C.R. & Fernandes, P.C. (2012).
Determination of the representative elementary volume
for the study of sandstones and siltstones by X-ray
microtomography. Materials Research, 15(4):662-670.
Fernandes, J.S.; Appoloni, C.R. & Fernandes, P.C. (2016).
Accuracy evaluation of an X-ray microtomography system. Micron, 85(1):34-38.
Flannery, B.P.; Deckman, H.W.; Roberge, W.G. & D’Amico, K.L. (1987). Threedimensional X-ray microtomography. Science, 237(4821):1439-1444.
Flukiger, F. & Bernard, D. (2009). A new numerical model
for pore scale dissolution of calcite due to CO2 satured
water flow in 3D realistic geometry: principles and first
results. Chemical Geology, 265(1-2):171-180.

287

Fernandes et al.

IMAGO. (2002). Manual do Usuário, Versão 2.1.4., ESSS Engineering Simulation and Scientific Software Ltda.
Copyright ©, 88 p.
IMAGO.
(2018).
Images
analysis
software.
https://www.esss.com.br/index.php?pg=viewprojeto&idProject = 9 (accessed in
November 2018).
Izgec, O.; Zhu, D. & Hill, A.D. (2010). Numerical and experimental investigation of acid wormholing during
acidization of vuggy carbonate rocks. Journal of Petroleum Science and Engineering, 74(1-2):51-66.
Johnson, R.; Abrams, L. & Maynard, R.B. (1999). Use of
mercury porosimetry to characterize pore structure and
model end-use properties of coated papers. Tappi Journal, 82(1):239-251.
Kalender, W.A. (2011). Computed Tomography - Fundamentals, System Technology, Image Quality, Applications. 3rd ed., Publicis Corporate Publishing, Germany,
372 p.
Ketcham, R.A. & Carlson, W.D. (2001). Acquisition, optimization and interpretation of X-ray computed tomo-

288

graphic imagery: applications to the geosciences.
Computers & Geosciences, 27(4):381-400.
Landis, E.N. & Keane, D.T. (2010). X-ray microtomography. Materials Characterization, 61(12):1305-1316.
Lowell, S. & Shields, J.E. (1991). Powder Surface Area and
Porosimetry. 2nd ed., Chapman and Hall, London, 252
p.
Siegbahn, K. (1979). Alpha-, Beta- And Gamma-Ray
Spectroscopy, North-Holland Publishing Company.
Amsterdam, pp. 37-76.
Skyscan. (2018). Two-dimensional and three-dimensional
reconstruction software. http://www.skyscan.be/products/downloads.htm (accessed in November 2018).
Tsakiroglou, C.D.; Loannidis, M.; Amirtharaj, E. & Vizika,
O. (2009). A new approach for the characterization of
the pore structure of dual porosity rocks. Chemical Engineering Science, 64(5):847-859.
Webb, P.A. & Orr, C. (1997). Analytical Methods in Fine
Particle Technology. Ed. Micromeritics Instrument
Corporation, Norcross, GA, 301 p.
Wellington, S.L. & Vinegar, H.J. (1987). X-ray computed
tomography. J. Pet. Technol. 39(8):885-898.

Soils and Rocks, São Paulo, 42(3): 281-288, September-December, 2019.

An Alternative Approach to the Executive Control
of Root Piles
F.F. Monteiro, A.S. Moura, M.F.P. Aguiar
Abstract. A root pile is an injected type of pile (cast-in-place with pressure, with very distinct construction aspects from
the known micropile type). Those piles are installed by using distinct injection pressures up to 500 kPa during the mortar
shaft formation. The executive control of root piles is usually carried out by static load tests, requiring a costly and
time-consuming assessment method. To study root pile performance, static load tests were performed on eight monitored
piles with diameters of 350 and 410 mm. This paper proposes an alternative methodology for confirming the root pile
performance based on the use of a speedometer attached to the rotatory head of the drill rig. The methodology consists in
monitoring variables that are related to the pile bearing capacity, thus, proposing empirical equations with simple and
applicable use to estimate root pile bearing capacity during installation. The results obtained by the proposed equations
were in agreement with the values obtained from static load tests for the tested piles. Therefore, the results show that the
methodology proposed presents itself as a viable alternative for the executive control of root piles.
Keywords: foundations, micropiles, piles, root piles, static load test.

1. Introduction
The recent increase in the size of construction works
has boosted advances in foundation engineering. Pile foundations are one of the most important foundation techniques and are widely used in foundation engineering
(Zhou et al., 2018). With the technological evolution of
equipment used in the construction of foundations, as well
as the development of new types of foundations, the use of
bored piles has become widely spread in great urban centers of Brazil. In this context, the growth of root piles as a
foundation solution for construction works is notorious.
The root pile is an injected type of pile (cast-in-place with
pressure, with very distinct construction aspects from the
known micro-pile type). Those piles are performed by using distinct injection pressures up to 500 kPa during the
mortar shaft formation.
The performance assessment of deep foundations
varies according to the pile type. In the case of root piles,
the performance assessment is usually performed after pile
execution, by carrying out static load tests. The static load
test to failure is by far the most reliable method to determine both the bearing capacity and the load–settlement relationship of a pile. Consequently, the most significant
progresses in the field of pile design have been obtained
just by collecting and interpreting data from load tests
(Russo, 2012). Although the static load test is easy to perform and interpret, it is expensive, slow to implement, and

cannot be used systematically because it can destroy the
micro-pile (Calvente et al., 2017). Therefore, a shortage of
alternatives that assist in performance assessment of root
piles is identified. In order to overcome these disadvantages, this paper proposes an alternative methodology for
confirming root pile erformance based on the use of a
speedometer attached to the rotatory head of the drill rig.
The methodology consists in monitoring variables that are
related to the pile bearing capacity, thus, proposing empirical equations that are simple and can be used for estimating
root pile bearing capacity during their installation. Then the
methodology is tested and calibrated on real-scale root
piles at several experimental sites where five root piles with
lengths ranging from 7.7 to 26 m were installed. Finally, to
validate the methodology, the results of the proposed equations are compared with static load tests carried out on three
real-scale root piles. Many researchers have investigated
root pile performance, and several significant conclusions
have been made (Cadden et al., 2004; Huang et al., 2007;
Moura et al., 2015; Lima & Moura, 2016; Melchior Filho,
2018). Similar researches were carried out regarding different types of piles (Lin et al., 2004; Herrera et al., 2009;
Basu et al., 2010; Silva et al., 2012; Silva et al., 2014).
This research aims to propose a methodology for root
pile installation control. For that purpose, three equations
were proposed to estimate the pile bearing capacity (Qult),
which allows to control the root pile execution process. The
pile bearing capacity (Qult) is necessary to carry out perfor-
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mance control of the execution process. Thus, it is necessary to use an expression, or more than one that allow, Qult
estimation, in order to verify the minimum pile length during pile installation. In the specific case of the equations
proposed in this research, the procedure is performed with
measurements of NSPT, pile geometry, drill bit advance velocity and drill bit linear velocity.

2. Root Pile Installation Process
The root pile installation process is presented in
Fig. 1. A rotary drilling technique was used to install the
test root piles. First, the drill casing was attached to the rotary head, which rotates to advance the drilling into the soil
or rock (Fig. 1a). After that, a drilling rod (inner rod) was
attached to the same rotary head to perform the drilling inside the drill casing. The drilling rod advanced ahead of the
tip of the casing. High pressure water jets were used to clear
the cuttings as drilling advanced (Fig. 1b). At the final
depth, the base was cleaned using high pressure water jets
until no soil or rock cuttings were observed. After reaching
the desired depth, the inner rod was removed, whereas the
outer steel casing was left permanently in the ground. A
rebar was then installed into the drilling hole (Fig. 1c). The
casing was then filled with grout (0.6 water–cement ratio)
until grout was flowing through the annulus between the
drilled hole and the outer casing (Fig. 1d). A plug is installed at the drill casing upper end and pressure (compressed air) is applied while the drill case is removed. The
diameter of the drilling bit used to drill the test piles is equal
to 0.31 m (Fig. 2).

3. Proposed Methodology
The methodology proposed is based on the use of a
digital speedometer to monitor variables during pile instal-

lation. First, the monitoring equipment is set up on the
rotary head of the drill rig as shown in Fig. 3.
The drill rotator diameter is digitally inserted in the
speedometer, in such a way that the sensor records each
complete lap performed by the drill rotor (magnet). This
procedure allows recording the linear distance traveled by
the drill rotor for a determinate period of time. The drilling
rod used to drill the last meter length of the pile was then,
marked with sections of 10, 20 and 20 cm as seen in Fig. 4.
The elapsed time to drill the length between 2 marked
sections was recorded in order to determine the advance velocity (Va). The other measured variable is the drill rotator
linear velocity (Vb), which is measured for the same section.
The linear distance traveled by the drill rotor between 2
marked sections is divided by the circumferential length of
the drill rotor, thus, obtaining the number of rotations performed by the drill rotor during the drilling of the mentioned section. From the elapsed time during the drilling of
this section and the number of rotations performed by the
drill rotator, it is possible to determine the number of rotations per minute, that is, the frequency (f) of the drill rotor.
The drill rotor angular velocity (wr) is then, obtained from
the following relation:
wr = 2pf

(1)

Since the drill rotor is connected by the drilling rod to
the drill bit at the bottom of drilling hole while the drilling is
performed (Fig. 4), it can be assumed that the drill bit angular velocity (wb) is equal to the drill rotor angular velocity
(wr).
wr = wb

(2)

The drill bit linear velocity (Vb) is then determined
from the following equation:
Vb = wb Rb

(3)

Figure 1 - (a) Drill case drilling, (b) drill rod drilling, (c) reinforcement bar installation, (d) grouting.
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where: Vb is the drill bit linear velocity; wb is the drill bit angular velocity and Rb is the drill bit radius.

Figure 2 - Drill bit.

Figure 3 - Monitoring equipment. (a) Magnet, (b) Sensor,
(c) speedometer.

Then, the drill bit linear velocity and the drill bit advance velocity are associated with the pile bearing capacity.
The formulation of equations for executive control of the
monitored test piles was initiated by choosing variables that
would be used in the equation and considering that the formulation is intended to contribute to the development of an
empirical approach with simple application in the executive control of root piles. Two variables obtained during
monitoring were selected for correlating to pile bearing
capacity: the drill bit linear velocity (Vb) and the drill bit
advance velocity (Va), the first one being associated to the
skin friction resistance (Qs) and the second to the tip resistance (Qtip). In addition to the drill bit linear velocity (Vb)
and drill bit advance velocity (Va), the following variables
were considered: tip resistance index (NSPT, tip), average
shaft resistance index (NSPT, shaft), pile diameter (D), pile
length (L), pile perimeter (U) and tip cross sectional area
(Ap). The average shaft resistance index (NSPT, shaft) is determined from the average NSPT values along the pile shaft indicated in the standard penetration test results. The tip
resistance index (NSPT, tip) is determined by the average of
the NSPT values at the pile final depth indicated in the standard penetration test results.
Static load tests were carried out to determine the
bearing capacity of the test piles. On most occasions, a distinct plunging ultimate load (Qu) was not obtained in the
test, and therefore, the Van der Veen extrapolation method
was applied to obtain the ultimate load of the test piles (Van
der Veen, 1953). In order to correlate the monitored variables and the pile ultimate load, it was necessary to estimate
the load distribution along the pile shaft and tip. The Brazilian standard (ABNT, 2010) states that for bored piles, the
load distribution must occur as 80 % to the pile shaft and
20 % to the pile tip. Since the static load tests were not instrumented, three distinct scenarios were proposed. In the
first scenario, the load distribution would occur with 80 %
along the pile shaft and 20 % at the pile tip. In the second
scenario, the load distribution would occur with 90 %
along the pile shaft and 10 % at the tip. Finally, in the third
scenario, the load distribution would only occur along the
pile shaft, that is, with 100 % along the shaft. In this way,
the mentioned scenarios are presented as alternatives for
use in practical cases. The definition of the expression to be
adopted in real situations will depend on the user’s own
judgment, who may even apply the three equations to simulate possible real case scenarios.
For the development of the proposed equations in this
paper, a multiple linear regression analysis method was
used to explain the relationship between a dependent variable and several independent variables, so that:

Figure 4 - Drilling rod marked sections.
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Y = a 0 + a 1 X 1 + a 2 X 2 +K+ a n X n
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where Y is the dependent variable (in this case, Qtip or Qs);
X1, X2, ..., Xn are the independent variables; a1, a2, ..., an are
the coefficients of the respective independent variables,
known as regression coefficients and a0 is a constant whose
purpose is to represent the portion of Y that was not explained by the independent variables. By this approach and

å Y = na + a å X + a å X + a å X
å YX = a å X + a å X + a å X X
å YX = a å X + a å X X + a å X
å YX = a å X + a å X X + a å X
0

1

1

0

1

1

2

1

2

2
1

3

2

1

using the least squares method, the desired expression is adjusted based on the smallest deviation between the observed real values of the variable and the estimated value.
Thus, considering a multiple linear function with three variables, the following system must be solved:
(5)

3

2

2

0

2

1

2

1

2

2
2

3

0

3

1

3

1

2

3

+ a 3 å X1 X 3

(6)

+ a3 å X2X3

(7)

X 2 + a 3 å X 32

(8)

Using this system, the values of a0, a1, a2 and a3 are calculated using the current data of Y, X1, X2, X3. As the relations
between the variables are not linear in methods of bearing capacity estimation, it was necessary to use a logarithmic
transformation of variables to create an exponential model. The following equations illustrate the procedure:
Y = a 0 ´ X 1a 1 ´ X 2a 2 ´K´ X na n

(9)

ln(Y ) = ln( a 0 ) + a 1 ´ ln( X 1 ) + a 2 ´ ln( X 2 ) +K+ a n ´ ln( X n )
Therefore, considering the new variables as ln (Xi)
and solving the system of Eqs. 5 to 8, it is possible to use the
logarithmic transformation of variables, then, apply the
multiple linear regression model and obtain the values of
the coefficients ai.
Hence,
Qu = Qs + Qtip
Qtip = a ¢0 A V
a1
p

(11)
a2
a

N

a3
SPT , tip

a6
Qs = a ¢¢0 Vba 4 (UL) a 5 N SPT
, shaft

(12)
(13)

where Ap is the tip cross sectional area; Va drill bit advance
velocity; (NSPT, tip) is the tip resistance index; Vb is the drill bit
linear velocity; U is the pile perimeter, L is the pile length;

(10)

(NSPT, shaft) is the average shaft resistance index; a1, a2, a3, a4,
a5, a6 are linear regression coefficients; a ¢0 and a ¢¢0 are regression constants.

4. Soil Profile and Site Description
Five construction sites were selected for this research;
in all those sites, root pile foundations were built. In Fig. 5,
the location of the selected sites for the development of the
research is presented. The construction sites are located in
the city of Fortaleza, Brazil.
SPTs and rock core borings were performed at five
construction sites before installation of the root piles. In site
1, the groundwater level was found at a depth of 3 m. From
the ground surface to 5 m, a clayey silt layer was encoun-

Figure 5 - Construction sites location.
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tered, with N values ranging between 16 and 60. Below this
layer, a sandstone layer with RQD varying from 43 to 54 %
was encountered to a depth of 15 m; the N values, ranged
from 58 to 60. In site 2, from the ground surface to 11 m, a
clayey sand layer was encountered, with N values ranging
between 3 and 60. Below this layer, a silty clay layer was
encountered to a depth of 16 m; the N values ranged from
29 to 60. The bedrock is 16 m below the ground surface.
The groundwater level was found at a depth of 1.2 m.
In site 3, the first layer with a total thickness of 2 m
consists of silty sand soil, with N values ranging between
12 and 25. Below this layer, a silty clay layer was encountered to a depth of 11 m; the N values ranged from 38 to 60.
Finally, a magmatic gneiss layer with RQD varying from
54 to 100 % was found to a depth of 26 m; the N values
along this layer are equal to 60. The groundwater level was
at a depth of 2 m.
In site 4, the groundwater level was found at a depth
of 6.7-7.4 m. From the ground surface to 4 m, a silty sand
layer was encountered with N values ranging between 2 and
4. Below this layer, a clayey sand layer was encountered to
a depth of 12 m; the N values, ranged from 4 to 9. Finally, a
sandy clay layer with N values varying from 9 to 42 was encountered to a depth of 22 m.
In site 5, the first layer with a total thickness of 11 m
consists of silty sand soil, with N values ranging between 6
and 60. Finally, a clayey silt layer with N values varying
from 7 to 59 was encountered to a depth of 19 m. The
groundwater level was at a depth of 3.85 - 4 m.
Figures 6, 7, 8, 9, 10 and 11 present the geometry of
the test root piles and the subsurface profile at the construction site locations.

Figure 6 - Subsurface profile and test piles 1 and 2.

5. Load-Displacement Test Results and
Procedures
Static load tests were performed on the test piles 10
days after installation. The vertical settlement of the pile
head was measured by four dial gauges (two on each side of
the pile) attached to two reference beams. The load was applied in increments of 20 % of the final test load and maintained until the settlement rate from two consecutive settlement readings at the pile head was less than 5 %. After
reaching the maximum load, the pile was unloaded in five
load stages, with the exception of pile 6. In Table 1, the geometry of the tested piles, the maximum applied load, injection pressure and maximum recorded displacement are
summarized. Figs. 12 and 13 show the applied load at the
pile head vs. pile head settlement curves obtained from the
static load tests.
The curves show that the tests on piles 6 and 8 fully
mobilized the shaft friction, showing a sudden increase in
the settlement at about the maximum applied load. The
other tests were executed on piles with the same diameter
(d = 0.41 m) but with different lengths: the piles are far
from failure and exhibit similar behavior mainly governed
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Figure 7 - Subsurface profile and test piles 3 and 4.

by the shaft friction along the shaft. On most tests, a distinct
plunging ultimate load (Qu) was not obtained, and therefore, the Van der Veen extrapolation method was applied to
obtain the ultimate load of the test piles. The extrapolated
ultimate load (Qu) values are presented in Table 2.

6. Monitoring Results
The monitoring process was performed during test
pile installation. The data acquisition system (speedometer)
recorded the drill bit linear velocity (Vb) and drill bit advance velocity (Va) during the drilling of the marked sections on the drill rod. In Table 3, the monitoring results are
presented. However, due to unforeseen events that occurred
during field monitoring, it was necessary to perform changes in the lengths of the marked sections in some test piles.
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Figure 10 - Subsurface profile and test pile 7.

Figure 8 - Subsurface profile and test pile 5.

Figure 11 - Subsurface profile and test pile 8.

The penetration resistance index value (NSPT) was limited to
60, in depths that presented high N values, in which the pile
execution continued without additional difficulties.

Figure 9 - Subsurface profile and test pile 6.
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For piles 1 and 2, executed in similar stratigraphic
profiles (site 1), higher excavation times are observed when
compared to the other piles, which is attributed to the pile
tip being seated on a rock profile. Thus, for these piles,
lower advance velocities are verified. However, the drill rotor frequency, which is directly associated with the drill bit
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Table 1 - Summary of load test data.
Site

Test pile

L (m)

D (m)

Applied load (kN)

Settlement (mm)

Injection pressure (kPa)

1

1

7.7

0.41

2000

2.24

400

2

7.7

0.41

2000

4.32

400

2

3

15

0.41

2400

11.24

4

15

0.41

2400

10.38

300

3

5

26

0.41

2240

8.04

300

4

6

12

0.35

1620

15.61

300

5

7

16

0.41

2400

13.85

300

8

12

0.41

2400

25.04

300

300

Figure 12 - Results from static load tests on piles 1, 2, 3 and 4.

Figure 13 - Results from static load tests on piles 5, 6, 7 and 8.
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Table 2 - Extrapolated ultimate load (Qu) values.
Site

Pile

Qu (kN)

1

1

3000

2

3200

3

3100

4

2900

3

5

2800

4

6

1550

5

7

2450

8

2150

2

linear velocity, presents similar values when compared
with values for piles 4 and 5.
Pile 5 (site 3), which has the tip supported in magmatic gneiss, presents an average penetration resistance index along the shaft similar to piles 1 and 2, which also have
the tip supported on rock. In site 4, where pile 6 was executed, a reasonable compliance with pile 8 is verified when
advance velocity is evaluated. Piles 6 and 8 are embedded

in soils whose stratigraphy alternates between clayey silt,
silty sand, clayey sand and sandy clay. These piles present a
7.4 % variation when compared to the respective advance
velocities, which is smaller for pile 8. This is due to the fact
that the penetration resistance index at the tip of pile 8 is
higher than for pile 6. Thus, a correlation between these two
variables is observed, in such a way that the higher the penetration resistance index, the lower the advance velocity,
noting an inversely proportional ratio. High frequency values were observed during installation of piles 6, 7 and 8,
which were already expected due to the direct frequency relationship with the drill bit linear velocity (Vb). Thus, it is
possible to observe, that the higher the frequency, the
greater the drill bit linear velocity and the smaller the soil N
value. Based on the above, it is possible to infer that pile
load capacity is inversely proportional to the drill bit linear
velocity (Vb) and the frequency. Table 4 shows the average
values of the monitored variables and the ultimate load for
each test pile.

Table 3 - Monitoring results.
Pile
1

2

3

4

5

6
7
8
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Drilled length (m)

Time (s)

Va 10 (m/s)

-3

Frequency (Hz)

wb (rad/s)

Vb (m/s)

NSPT, tip

NSPT, shaft

0.1

38.00

2.63

2.01

12.60

1.95

60

50

0.2

51.00

3.92

2.50

15.72

2.44

0.2

78.00

2.56

2.15

13.50

2.09

0.2

72.00

2.78

2.25

14.13

2.19

0.1

27.00

3.70

1.76

11.08

1.72

60

52

0.2

50.00

4.00

2.67

16.76

2.60

0.2

56.00

3.57

1.36

8.55

1.33

0.2

54.00

3.70

2.65

16.62

2.58

0.1

11.22

8.91

2.55

16.00

2.48

60

33

0.1

8.27

12.10

1.15

7.24

1.12

0.2

19.28

10.40

0.99

6.21

0.96

0.1

4.76

21.00

2.00

12.57

1.95

60

32

0.2

9.78

20.40

1.95

12.24

1.90

0.2

15.84

12.60

1.20

7.56

1.17

0.1

18.59

5.38

1.54

9.66

1.50

60

52

0.2

34.30

5.83

1.94

12.21

1.89

0.2

43.19

4.63

1.76

11.08

1.72

0.15

29.00

5.20

3.99

25.10

3.89

10

6

0.2

43.00

4.70

4.06

25.48

3.95

0.3

30.00

1.00

2.05

12.86

1.99

39

22

0.2

27.00

7.40

2.44

15.32

2.37

0.3

38.00

7.90

1.61

10.14

1.57

22

22

0.2

44.00

4.50

4.38

27.52

4.27
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7. Equations Proposal and Validation
For the development of the equations, a multiple linear regression analysis method was used. Initially, piles 3,
4, 6, 7 and 8 were chosen for the development of the expression (calibration), then piles 1, 2 and 5 were chosen for validation. The selection of the piles for the calibration and
validation of the equations was carried out randomly. As
mentioned on a previous section, three distinct scenarios
Qu , 80 / 20 =
Qu , 90 /10 =
Qu ,100 / 0 =

, 404
81,61A 0p , 015 N 0SPT
, tip

Va0 , 08
, 404
40,80 A 0p , 015 N 0SPT
, tip

Va0 , 08

+

were proposed. In the first scenario, the load distribution
would occur with 80 % along the pile shaft and 20 % on
the pile tip. In the second scenario, the load distribution
would occur with 90 % along the pile shaft and 10 % on
the tip. Finally, in the third scenario, the load distribution
would only occur along the pile shaft, that is, with 100 %
along the shaft. The equations for the proposed scenarios
are now, presented:

0 ,168
1615,33(UL) 0 , 0058 N SPT
, shaft

+

(14)

Vb0 , 44
0 ,168
1817, 25(UL) 0 , 0058 N SPT
, shaft

(15)

Vb0 , 44

0 ,168
2019,17(UL) 0 , 0058 N SPT
, shaft

(16)

Vb0 , 44

where Ap is the tip cross sectional area; Va is the drill bit advance velocity; (NSPT, tip) is the tip resistance index; Vb is the
drill bit linear velocity; U is the pile perimeter, L is the pile
length; (NSPT, shaft) is the average shaft resistance index.
Analyzing the equations, it is verified that the regression coefficients did not change, whereas the regression
constants changed; this occurred for both the skin friction
bearing capacity and the tip bearing capacity. The regression constant of skin friction bearing capacity gradually increased when moving from one scenario to the other. The
2
coefficient of determination (R ) of the equations is 0.99.
It is noteworthy that the equations proposed for the
executive control present physical sense for the pile ultimate load capacity, and the variables that have a positive regression coefficient, are directly proportional to the pile
bearing capacity. Thus, for example, the greater the pile
perimeter (U), pile length (L) or average shaft resistance index (NSPT, shaft), the greater the pile skin friction bearing capacity. On the other hand, the greater the drill bit linear
velocity (Vb), the lower the pile skin friction bearing capacity. The methodology proposed was verified on root piles
monitoring data that were not part of the universe used for

the development of the equations by comparing the results
obtained from load tests performed on these piles and values obtained from the proposed equations. Piles 1, 2 and 5
were randomly selected to carry out the validation. The proposed equations did not consider the injection pressure.
However, Melchior Filho (2018) observed the small influence of this variable in the evaluation of Qult. More details
are presented in Melchior Filho (2018). It is also important
to point out that the injection pressure of all the piles chosen
for the development of the expression (calibration) was
about 300 kPa. Table 5 shows the load capacity estimates
from the proposed expressions, as well as those obtained
from the load tests.
Considering the presented scenarios, it is observed
that the percentage error between the estimated values and
the reference values considered was at least 2.8 % and at
most 13.3 %. When comparing the estimated pile bearing
capacity values and the reference values for pile 1, an absolute error of 4.6 % is verified. It is worth mentioning that
all bearing capacity estimates for pile 1 presented values
slightly lower than the reference value (ultimate load obtained from the load test). For pile 2, an absolute error of

Table 4 - Average monitoring variables values.
Pile

Va 10-3 (m/s) Frequency (Hz) wb (rad/s)

Vb (m/s)

NSPT, tip

NSPT, shaft

Qu (kN)

13.99

2.17

60

50

3000

13.25

2.05

60

52

3200

1.56

9.81

1.52

60

33

3100

18.00

1.72

10.79

1.67

60

32

2900

5.28

1.75

10.98

1.70

60

52

2800

36.00

4.95

4.03

25.29

3.92

10

7

1550

0.25

28.50

8.70

2.24

14.09

2.18

39

22

2450

0.25

41.00

6.20

3.00

18.83

2.92

22

22

2150

Drilled length (m)

Time (s)

1

0.175

59.75

2.97

2.23

2

0.175

46.75

3.74

2.11

3

0.133

12.92

10.50

4

0.167

10.13

5

0.167

32.03

6

0.175

7
8
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Table 5 - Methodology validation.
Method

Pile 1

Pile 2

Pile 5

Qs (kN) Qtip (kN) Qu (kN)

Qs (kN) Qtip (kN) Qu (kN)

Qs (kN) Qtip (kN) Qu (kN)

Qu, 80/20

2244

671

2915

2314

658

2972

2533

639

3173

Qu, 90/10

2525

335

2860

2603

329

2932

2850

319

3170

Qu, 100

2805

0

2805

2893

0

2893

3167

0

3167

Load test Qu (kN)

3000

8.3 % is observed when comparing the pile bearing capacity values with the reference values. As for pile 1, it is found
that the bearing capacity values predicted for pile 2 are
lower than the reference values; this occurs for all load distribution scenarios. A distinct trend is verified for pile 5,
with the greater absolute error (average of 13.2 %). The
pile bearing capacity values predicted for pile 5 were higher
than the reference value.
It is important to mention that the use of the SPT on
fine soils has some limitations, due to the characteristics of
the test, in which a great disturbance of the soil structure is
observed. Eurocode 7 states that the use of the SPT should
be restricted to a qualitative evaluation of the soil profile as
there is no general agreement on the use of SPT results in
clayey soil (BS, 2007). The soil profiles analyzed to develop the proposed methodology consist, mostly, of coarse
soils. Therefore, the application of this methodology to
clayey soils has to be performed with proper evaluation. It
is worth mentioning that the use of the proposed equations
is restricted to soils with similar characteristics to those of
this research. In this sense, the use of the proposed expressions in fine soil profiles should be preceded by further research, in order to contemplate a wider range of soil types.
In general, the bearing capacity values estimated by
the proposed equations were in agreement with the reference values. Therefore, a correlation between the pile bearing capacity and the suggested variables is observed. It is
worth mentioning that the proposal of this work is to present a simplified procedure for the executive control of root
piles, helping in the decision-making during field execution, in relation to the definition of the pile length to be executed.

8. Conclusions
In this research, simplified methodologies and equations for the executive control of root piles were proposed,
providing a useful tool to assist in the decision-making during field execution. The methodology is based on the monitoring of execution variables (advance velocity and drill bit
linear velocity), determined from fundamentals of classical
physics with measurements made during field testing.
Based on these equations, it became possible to establish a
monitoring methodology for root piles. The measured execution variables during monitoring are correlated with ultimate load values obtained from load tests.
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3200

2800

This methodology is easy to carry out and provides an
immediate interpretation. The methodology allows a systematic control without disturbing root piles. It is also
adapted to the real conditions of root pile construction sites
and is therefore a technically and economically feasible
methodology. At present, the methodology is limited to
root piles having a length lower than 30 m and maximum
bearing capacity of 3500 kN. This methodology can provide the ultimate bearing capacity of the pile with a reasonable accuracy.
This alternative and original methodology has the advantage of estimating the root pile bearing capacity during
pile installation with a non-destructive approach. This
means that in the absence of a static load test, the methodology can become an alternative for the root pile executive
control. The monitoring protocol and the processing and
treatment of the acquired data show that the methodology
proposed can provide results with great similarity when
compared to static load test results.
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Evaluating the Adsorptive Capacity of Aluminoferric Red
Oxisol in Reducing the Availability of 2,4-Dichlorofenoxiacetic
Acid
D.P. Baldissarelli, D.P. Siqueira, A. Dervanoski, M. Morais, L. Galon, E.P. Korf, G.D.L.P. Vargas
Abstract. Increased food production results in the development and application of agrochemicals to control weeds, which
can affect agricultural production. Pesticides contaminate the environment and change soil and water quality. Therefore, to
improve the understanding of the adsorption mechanism of 2,4-dichlorophenoxyacetic acid (2,4-D) in aluminoferric red
oxisol we have conducted an adsorption study using Langmuir and Freundlich isotherms, treating kinetic data using
pseudo first-order, pseudo second-order, and intraparticle diffusion models. The results showed the Freundlich isotherm
fits the experimental data best, revealing favorable adsorption and a strong attraction between adsorbent molecules,
considering the nF and kF model parameters of 3.7 and 34.21 L/g, respectively. The kinetic model with the best fit was the
pseudo second-order model. The intraparticle diffusion model indicated the second step as the process controlling step,
revealing kD of 12.36 and 4.42 mg/g for the concentrations of 6352.80 mg/L and 1087.20 mg/L, respectively. Higher kD
represents lower transport resistance and higher motive power for mass transfer.
Keywords: adsorption isotherms, adsorption kinetics, agrochemicals, intraparticle diffusion model, pseudo second-order model.

1. Introduction
Global demand for food has grown considerably in
recent decades due to population increase, which has resulted in increased food production. Weeds are prevalent in
monoculture agriculture, causing the widespread use of
pesticides (Martins et al., 2014). Some farmers adopt a
pre-established control system to apply pesticides that does
not consider local conditions, such as soil type, climate, agricultural management, type of cultivar, or cropping system
(Mancuso et al., 2011). Thus, in soil it is estimated a concentration increase every year and therefore being able to
exceed the limits permitted by environmental standards
(Cotillas et al., 2018). Consequently, high concentrations
have been identified in several environmental compartments and can be spreading easily due the solubility of
many pesticides, increasing he extension of the contaminated area (Pavlovic et al., 2005; Piaia et al., 2017).
The southern region of Brazil, more specifically, Rio
Grande do Sul state, is known as agricultural, with its main
crops being soy, corn and wheat. Among different types of
herbicides used in agriculture, stand out the selective ones,
such as 2,4-dichlorophenoxyacetic acid, also called 2,4-D,
used for post-emergence application on weeds, for various
crops such as soybeans and wheat. Its use intended to eliminate the presence of these weeds that may end up compro-

mising production. This herbicide presents short to medium
persistence in the soil, being maintained for prolonged periods and can reach up to 4 weeks in regions with tropical
characteristic; in cold and dry regions its decomposition becomes very reduced (Silva & Silva, 2007), which can come
to affect this ecosystem, as well as, to compromise subsequent plantations, reducing production.
The degradation of agricultural soils by 2,4-D has recently become a concern for researchers (Risco et al., 2016;
Souza et al., 2016a). It is commercially distributed in amine
formulations, salts, and esters (Amarante Jr. et al., 2003;
Sbano et al., 2013). Amines were adsorbed more effectively in the soil than those of ester, therefore, more leachable, while those of ester are poorly soluble, therefore they
present less movement (Silva & Silva, 2007). The active element of 2,4-D is widely used in the chemical industry, and
due to the specific characteristics of this agrochemical,
such as high water solubility (620 mg/L) (Pavlovic et al.,
2005; Souza et al., 2016b), low biodegradability (Brillas et
al., 2003; Nethaji & Sivasamy, 2017), and low soil adsorption coefficient, it is commonly found in groundwater because it percolates through the soil (Prado et al., 2016).
Considered moderately toxic by the World Health Organization (WHO, 2004), this long-lasting herbicide damages the nervous system of living beings (humans and ani-
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mals). Its oral and dermal lethal dose (LD50) is 370 mg/kg
(in rabbits) and 1400 mg/kg (in mice), respectively (Vieira
et al., 1999). From this perspective, it is important to understand the adsorption mechanisms of pesticides in the soil, as
different processes are also affected by this dynamic, such
as degradation, bioaccumulation, transport, and mobility
(Long et al., 2015).
Adsorption is a multi-step process involving the
transport of adsorbate molecules (2,4-D) from the aqueous
phase to the surface of the solid (soil) particles, followed by
the diffusion of solute molecules into the pore interiors. If
the experiment is a batch system with rapid shaking, there is
a possibility that the transport of adsorbate from the solution into pores (bulk) is the step that controls the speed of
the process (McKay, 1982). This process is described by a
graphical relationship, that shows the amount of adsorbed
2,4-D varying with the square root of time (Weber & Morris, 1963).
Numerous studies have been conducted to clarify the
behavior and adsorption of herbicides, such as terbuthylazine, prometryne, metribuzin, hexazinone, metolachlor,
chlorotoluron, trifluralin, azoxystrobin, fipronil, chlormequat chloride (Kodeová et al., 2011), and atrazine (Yue et
al., 2017), in soil. Regarding 2,4-D, research has demonstrated that in soils with a higher amount of organic matter,
whether natural or derived from residues, the adsorption of
pesticides by soil particles is higher (Amarante Jr. et al.,
2003; Bekbölet et al., 1999; Spadotto et al., 2003; Vieira et
al., 1999; Rodriguez-Rubio et al., 2006).
Although 2,4-D is classified as an extremely toxic
product in Brazil, its use is permitted and therefore there are
many concerns about the effects on human health and the
environment. Therefore, knowledge is essential about the
mechanisms of retention and mobility of this contaminant
in the soil. There have been numerous studies about the adsorption of this pesticide in Brazilian soil, however, there is
a lack of research on the use of latosol with low organic
matter as adsorbent material. To increase knowledge about
the capacity and mechanisms of the adsorption of the 2,4-D
agrotoxic in aluminoferric red oxisol, this study evaluates
its adsorption capacity, adsorption processes, and interactions that occur between adsorbent particles and adsorbate
compounds.

2. Methodology
2.1. Solutions and adsorbent
2,4-D pesticide was used in the amine formulation of
720 g/L. The solutions required for the study were prepared
with ultrapure water from the Millipore Milli-Q system.
The investigated soil was collected in the experimental area
on the Erechim campus of the Federal University of Fronteira Sul (UFFS) in Rio Grande do Sul, Brazil. This soil is
residual basalt material with a pedological classification of
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aluminoferric red oxisol (Erechim unit) (Streck et al.,
2008).
Samples were taken from the surficial layer of horizon A soil (from 0 to 10 cm) of a site that never received
agrochemicals in order to avoid interference from other
contaminating sources. Physical and physico-chemical
characterization was performed for different attributes,
such as: pH, micronutrients (iron, copper, zinc and manganese), soil density and organic matter content; these analyses were performed based on methodology described by
Embrapa (2009); and moisture content and granulometric
analysis, through the Brazilian Standards NBR 6457 and
NBR 7181, respectively (ABNT, 2016; ABNT, 1984).
2.2. Evaluation of adsorption capacity and kinetic study
Under unsteady environment temperature (23 °C ±
1 °C) and pH 5.5, the mass of 2.5 g of soil was added to
50 mL of aqueous solution (1:20), and then, soil adsorption
capacity was evaluated using a static method by American
Society for Testing and Materials (ASTM, 2016). All the
adsorption tests were conducted in triplicate, and the variables evaluated were the concentration of 2,4-D in the liquid phase at equilibrium (Ce), and through mass balance
(Eq. 1), the amount of 2,4-D adsorbed on the solid phase
(qe) per unit mass of soil used as adsorbent was obtained.
Initially, a kinetic study was performed in which two
initial concentrations of the 2,4-D contaminant (1087.20
and 6352.80 mg/L) were used, resulting from the used volumes of 0.25 and 1.30 liters per hectare, which are extreme
values for application of 2,4-D, normally used in the field.
These tested volumes are close to those recommended for
agronomic application and the purpose of using these concentrations was to obtain the time at which the system
reaches equilibrium. Monitoring time was 480 min, however, pre-tests verified that the highest adsorption rates occurred during the first hour of the study. Based on these
results, it was determined that in the adsorption kinetic assays the aliquots would be withdrawn at shorter time intervals at the beginning of the kinetic study (5, 15, 30, and
45 min), with the experiment ending after eight hours. This
study was used to perform the kinetic modeling of the process, which will be described later. Table 1 shows the experimental conditions used in the preliminary tests and in
the kinetic study.
Subsequently, the adsorption study was carried out in
triplicate, using initial concentrations of the 2,4-D contaminant of 0.0, 1668.80, 4734.40, 8318.40, 10176.00, and
17920.00 mg/L resulting from 2,4-D applications of 0.0,
0.50, 1.00, 1.50, 2.00, and 3.50 L per hectare of soil used in
the field to obtain adsorption isotherm models, with the
2,4-D adsorbate concentration at equilibrium (Ce). Aliquots
resulting from the kinetic study and the adsorption study
were used to determine the amount of 2,4-D.
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Table 1 - Experimental conditions used and kinetic study.
Experiment

Concentration
2,4-D (mg/L)

Time
(min)

1

1087.20

480

2

6352.80

1

0.0

2

1668.80

3

4734.40

4

8318.40

5

10176.00

6

17920.00

Kinetic study
Equilibrium study

The Freundlich isotherm is described by Eq. 3. The
empirical model considers multilayer adsorption and can
be applied on highly heterogeneous surfaces. In many cases
it provides better representation of adsorption equilibrium
of a single solute compared to a Langmuir isotherm (Merk
et al., 1981), where the heat of adsorption depends on the
concentration in the solid phase.

45

1

q e = k F C en F

2.3. Chromatographic analysis of 2,4-D
To determine the liquid phase 2,4-D adsorbate concentration at equilibrium (Ce), aliquots were centrifuged at
3000 rpm (Sigma Equipment 3-16 L) for 10 min. Thereafter, a syringe filter (0.45 mm) was used to separate the soil
from the liquid phase. The resulting extract was then subjected to chromatographic analysis. Identification was
achieved using a high-performance liquid chromatography
system (HPLC) (Shimadzu, Prominence UFLC with PDA
detector) using the standard curve of the analyte (2,4-D).
Data processing was performed using LabSolutions software, version 5.75. The amount of solute adsorbed per unit
mass of adsorbent (soil), qe (mg/g), was determined using
Eq. 1:
q e = (C 0 - C e )

V
W

(1)

where C0 is the initial adsorbate concentration (mg/L), Ce is
the adsorbate concentration at equilibrium (mg/L), V is the
solution volume (L), and W is the weight of the solid (g).
2.4. Adsorption process modeling
After determining the adsorbed concentrations, adsorption isotherms were traced and mathematical modeling
was applied to determine the adsorption mechanisms of
2,4-D in soil particles.
2.5. Adsorption isotherms
Langmuir and Freundlich isotherm models were employed in the study. The Langmuir isotherm model, presented in Eq. 2, assumes uniform adsorption energy on the
surface and in the transmigration of the adsorbate between
sites (McKay et al., 1982).
qe =

q max bL C e
1 + bL C e

(2)

qe is the amount of solute adsorbed per unit mass of adsorbent (mg/g), Ce is the adsorbate concentration at equilib-
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rium (mg/L), and qmax (mg/g) and bL (L/g) are Langmuir parameters representing the maximum adsorption capacity
and the adsorbate/adsorbent interaction constant, respectively.

(3)

qe is the amount of solute adsorbed per unit mass of adsorbent (mg/g), kF is the equilibrium constant of the Freundlich
model related to adsorption capacity (L/g), Ce is the adsorbate concentration at equilibrium (mg/L), and nF is a dimensionless exponent of the Freundlich equation related to the
intensity of adsorption.
2.6. Kinetic adsorption
Adsorption kinetics describe the rate of solute removal in the fluid phase over time and are dependent on the
physical and chemical characteristics of the adsorbate, the
adsorbent, and the experimental system. The adsorption
mechanism in adsorbents may involve the following steps:
the transfer of adsorbate molecules from the solution to the
external surface of the adsorbent (boundary layer); the adsorption of the adsorbate molecules into the external surface of the particle through molecular interactions; the diffusion of adsorbate molecules from the external surface to
the interior of the particle (effective diffusion); and the adsorption inside the particle (Ruthven, 1984). According to
Sun & Xiangjing (1997), the first stage of adsorption can be
affected by increased adsorbate concentration and shaking,
accelerating diffusion of the adsorbate to the solid surface.
The second stage is dependent on the nature of adsorbate
molecules. The third stage is generally considered the determining step, especially in the case of microporous adsorbents.
Kinetic adsorption models can be used to determinate
the mechanisms and adsorbent efficiency in the removal of
contaminants. In this study, data relating to the adsorption
of 2,4-D by soil has been treated using three kinetic models
- the pseudo first-order, pseudo second-order, and intraparticle diffusion models.
Pseudo first-order Lagergren model (Khaled et al.,
2009; Xu et al., 2013; Ho & McKay, 1998; Roy et al., 2013;
Gulnaz et al., 2005) is the first known equation to describe
the adsorption rate based on adsorption capacity. According to some authors, the pseudo first-order model may be
related to the occurrence of physical adsorption, which can
control the reaction rate (Ho & McKay, 1999).

303

Baldissarelli et al.

The linear equation of Lagergren or pseudo firstorder equation is expressed in Eq. 4:
log( q e - q t ) = log q e -

k1
t
2.303

(4)

where qe is the adsorption capacity at equilibrium (mg/g), qt
is the adsorption capacity in time t (mg/g), k1 is the constant
of the adsorption rate of pseudo first order (1/min), and t is
the time of reaction (min).
Another kinetic model evaluated was the pseudo second-order model (Roy et al., 2013; Gulnaz et al., 2005;
Khaled et al., 2009; Ho & McKay, 1999; Xu et al., 2013),
being a linear model represented by Eq. 5:
t
1
1
t
=
+
2
q t k2 q e q e

(5)

where t is the time of reaction (min), qt is the adsorption capacity in time t (mg/g), k2 is the constant of the adsorption
rate of pseudo second order (g/mg.min), and qe is the adsorption capacity at equilibrium (mg/g).
The intraparticle diffusion model is commonly expressed by Eq. 6 (Roy et al., 2013; Ho e McKay, 1998):
1

q t = kD t 2

(6)

where qt is the adsorption capacity in time t (mg/g), kD is the
velocity constant of intraparticle diffusion (mg/g.min) and t
is the time of reaction (min).
Based on the assumption that 2,4-D is transported
from the aqueous solution to the adsorbent by intraparticle
diffusion, this is another kinetic model that must be used to
study the adsorption of this contaminant in soil. The intraparticle diffusion velocity constant (kD), also known as the
Weber and Morris constant, is obtained by the linearization
of Eq. 6 corresponding to the angular coefficient of the line,
which can present two or more linear steps that can limit the
adsorption, as follows:
a) Linear stage that begins with a rapid diffusion on the
outer surface of the particle;
b) Linear stage that begins with gradual adsorption, where
intraparticle diffusion is the limiting rate; and
c) The equilibrium stage in which the intraparticle diffusion
begins to decay due to the low solute concentration in
the solution and the lower availability of adsorption
sites (Chen et al., 2003).
All the experimental results for the adsorption equilibrium of the 2,4-D compounds were adjusted using the

least squares method with version 7.0 STATISTICA software, applying the Langmuir and Freundlich models. The
statistical significance adopted for fitting the experimental
data to the models was 95 %.

3. Results and Discussion
3.1. Soil characterization
Table 2 shows pH, moisture content, density, micronutrients and organic matter content of the soil sample.
High moisture content of the superficial soil layer
(0-10 cm) is due to pluviometric precipitations that occurred in the days prior to the collection of the material.
According to Streck et al. (2008), the latosols have low nutrient content and high acidity, with pH below 4.9 in the superficial layer and, at greater depths, values close to 5.5
(Brazil, 1973).
Fig. 1 shows the particle size distribution of the soil
sample, with clay, silt and fine sand contents, corresponding to 38,26 %, 12,83 % and 47,33 %, respectively.
3.2. Equilibrium studies
Langmuir and Freundlich adsorption isotherms were
obtained using the adsorption tests with different initial
concentrations of 2,4-D. Fig. 2 shows the results of experimental adsorption isotherms for 2,4-D, adjusted using the
Langmuir and Freundlich models.
Adsorption isotherms for 2,4-D in soil were described
as type L, according to Giles et al. (1960) classification.
Fig. 2 indicates that for lower concentrations of agrochemicals added to the soil, adsorption occurs with greater intensity, indicating the affinity of the adsorbent with 2,4-D.
This is confirmed by Pavlovic et al. (2005), who showed
that in this isothermal shape (L) monofunctional adsorbate
is strongly attracted to an adsorbent, mainly via electrostatic or ion-ion interactions, thus reaching the saturation
value. By means of the experimental results, it was still possible to observe that when the lowest concentration of
2,4-D (1668.80 mg/L) was used, a removal of approximately 25.00 % was obtained, and as the concentration of
the contaminant was increased (17920.00 mg/L), there was
a decrease in removal to 4.50 %.
The parameters obtained by the Langmuir and Freundlich models are shown in Table 3. Considering the parameters of the models presented in Table 3, calculated with the
experimental data obtained by the chromatographic analysis of 2,4-D, it is possible to verify that the Freundlich
model showed better adjustment for the adsorption process

Table 2 - Soil characteristics: pH, moisture content, micronutrients and organic matter.
pH
4.21 ± 0.11
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Moisture
content (%)

Density
3
(g/cm )

50.85 ± 4.88

1.22 ± 0.50

3

Micronutrients (mg/dm )
Fe

Cu

Mn

Zn

7.580.50

1.52 ± 0.20

1.47 ± 0.01

0.36 ± 0.03

Organic matter
content (%)
3.17 ± 0.71
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More information can be gathered using the equilibrium constant of the Freundlich model. Alfonso et al.
(2017) evaluated the adsorption of four organophosphorus
pesticides (diazinon, dimethoate, methyl parathion, and
sulfotep) in different soils from Yucatán, Mexico. Their results indicate that all agrochemicals had low adsorption in
the soil studied and therefore high mobility. The Freundlich
model provided the best correlations, with kF in the range of
1.62-2.35 L/mg for sulfotep, 2.43-3.25 L/mg for dimethoate, 5.54-9.27 L/mg for parathion, and 3.22-5.17 L/mg
for diazinon.
These values, found by Alfonso et al. (2017), are
much lower than the values observed in this research, indicating a good adsorption capacity and a higher affinity of
2,4-D for the aluminoferric red oxisol. The increased values for the two constants of the Freundlich model (nF and
kF) are related due to the presence of a higher clay and silt
content in the studied soil, being 38,26 % and 12,83 %, respectively. According to Bekbölet et al. (1999), who investigated the adsorption of 2,4-D in soils with low organic
matter and neutral pH, it has been also verified that the adsorption process is positively correlated with the organic
matter content and the amount of clay and silt. This is also
confirmed by Alfonso et al. (2017), who obtained the lowest and highest values of nF and kF, respectively, for soil
with higher clay content.

Figure 1 - Particle size distribution of the soil sample.

Figure 2 - Langmuir and Freundlich adsorption isotherms for
2,4-D (0.0, 1668.8, 4734.4, 8318.4, 10176.0, and 17920.0 mg/L);
adsorbate weight, 2.5 g; volume, 50 mL; temperature,
23 °C ± 1 °C.
Table 3 - Parameters of the Langmuir and Freundlich models, adjusted to experimental data.
Langmuir isotherm model Eq. 2
2

qmax (mg/g)

bL (L/g)

R

363.00

0.09

0.86

Freundlich isotherm
model - Eq. 3
2

nF

kF (L/g)

R

3.70

34.21

0.96

3.3. Adsorption kinetics
Fig. 3 shows the behavior of 2,4-D adsorption kinetics using two different initial concentrations (6352.80 mg/L
and 1087.20 mg/L), in order to evaluate the equilibrium
time between the adsorbent and the adsorbate used . This
equilibrium time was also used to construct the adsorption
isotherms. Fig. 3 shows that the equilibrium time decreases
as the concentration of the contaminant increases. Based on
this result and other preliminary results, the equilibrium
time chosen for the other tests concerning the adsorption
isotherms was 45 min.
Through the results obtained and analyzing the studied soil, it is verified that this soil does not present micro-

of 2,4-D in the soil, based on the value of the determination
coefficient (R2). Considering the model, it can be assumed
that the soil studied has heterogeneous sites and that the adsorption process occurs in multiple layers.
In adsorption studies of 2,4-D (25 °C) in adsorbents
such as illite, sand, and humic acid, Haque & Sexton (1968)
obtained values of 1.02, 1.454, and 1,09 L/mg, respectively, for the equilibrium constant of the Freundlich model
(kF). Delle Site (2000) reports that for values of nF > 1 it is
possible to have L-shaped isotherms and that the lower this
ratio, the greater the interaction between adsorbate and adsorbent. This shows that due to the high nF determined in
the present study, the ratio becomes smaller when compared to studies cited above, and therefore there is a high interaction between adsorbate and adsorbent.
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Figure 3 - Behavior of different 2,4-D concentrations in the adsorption process as a function of the reaction time.
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porosity characteristics, being that the adsorption occurs
more effectively on the surface, reaching equilibrium more
quickly compared to microporous adsorbents, such as activated carbon, for example. The clay soil used in this study
favors the adsorption process of the contaminant, as it presents a larger surface area when compared to sandy soils.
Thus, by knowing the adsorption kinetics it is possible to
determine the process control steps and the adsorption behavior of 2,4-D in the studied soil. Table 4 presents the kinetic parameters of pseudo first-order and pseudo secondorder Lagergren models. These parameters were determined by establishing a linear relationship from the experimental results.
Considering the kinetic pseudo first-order and pseudo
second-order models, if the qe of the linearization is not
equal to qe obtained experimentally, then the reaction will
probably not be of the analyzed order, even though this plot
has high correlation with the experimental data (Khaled et
al., 2009; Crini et al., 2007). Analyzing the data presented
in Table 4 for the pseudo-first order model, it is verified that
the qe values obtained by the linearization are very low
compared with the experimental values of qe. In addition,
the R2 determination coefficient is relatively low for most
data, which indicates that 2,4-D adsorption in soil is not a
first-order reaction.
Fig. 4 shows the adjustments of the pseudo secondorder adsorption kinetics obtained for this study.
2
The higher determination coefficient (R ) (shown in
Table 4) for the pseudo second-order model shows that it
provided a better adjustment to the experimental data than
the pseudo first-order model. In addition, the qe (mg/g) calculated using this kinetic model is close to the experimental
qe (mg/g).
Salman & Hameed (2010) studied adsorption kinetics
for the removal of 2,4-D from contaminated water using
coal and found that the pseudo second-order model fits the
experimental data best. This same behavior has been observed in the work of Trivedi et al. (2016) in which peanut
shells were used in the removal of 2,4-D.
In addition, the pseudo second-order model may be
related to the occurrence of chemical adsorption, which can
control the reaction rate (Ho & McKay, 1998). According
to Ruthven (1984), in the case of chemisorption, it involves
the exchange or sharing of electrons between the adsorbate
molecules and the surface of the adsorbent, resulting in a
chemical reaction. This results essentially in a new chemi-

Figure 4 - Results of pseudo second-order kinetic: adsorbate
weight, 2.5 g; volume, 50 mL; temperature, 23 °C ± 1 °C.

cal bond and therefore much stronger than in the case of the
physisorption. The concepts of chemisorption and physisorption are distinct, however the two adsorption mechanisms are not completely independent. The distinction as to
whether the species is physically or chemically adsorbed is
not very clear, since both processes can often be described
in terms of the principles of physical adsorption.
In general, the differences between physical adsorption and chemical adsorption can be summarized as: Chemical adsorption is highly specific and not all solid surfaces
have active sites capable of chemically adsorbing adsorbate. It should be noted that not all molecules present in the
fluid can be adsorbed chemically, only those capable of
binding to the active site. Physical adsorption, unlike chemical adsorption, is non-specific. From a thermodynamics
point of view, the heat involved in the physisorption is generally below 10 kcal/mol, that is, of the order of condensation/vaporization. In the adsorption chemistry, the heat of
adsorption is of the order of the heat of reaction, therefore
above 20 kcal/mol. It should be added that, since no formation or breakage occurs, the chemical nature of adsorbate is
not altered (Nascimento et al., 2014).
In general, it was verified that the kinetic pseudo second-order model is adequate to describe the adsorption process of 2,4-D in the soil in the present study.
3.4. Intraparticle diffusion kinetics
Fig. 5 shows the correlation of qt vs. t(1/2) for the adsorption of 2,4-D in the soil created for the intraparticle diffusion model, including the three steps described in the

Table 4 - Adsorption rate constants of pseudo first-order and pseudo second-order models and qe values for different initial 2,4-D concentrations: adsorbate weight, 2.5 g; volume, 50 mL; temperature, 23 °C ± 1 °C.
2,4-D concentration (mg/L)

qe experimental
(mg/g)

Pseudo first-order model - Eq. 4
2

Pseudo second-order model - Eq. 5
2

k1 (1/h)

qe (mg/g)

R

k2 (g/mg.h)

qe (mg/g)

R

6352.80

14.59

0.70

6.24

0.22

9.25

10.96

0.85

1087.20

20.69

0.08

6.01

0.07

1.00

16.83

0.99
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section on kinetic adsorption (methodology) and separated
by the 3 vertical lines highlighted (Fig. 5). In all cases, the
quality of the adjustments obtained is defined by the deter2
mination coefficient (R ) for each of the steps.
Table 5 shows the adsorption kinetic constants of the
model for the second stage, chosen as the process control
stage (highest determination coefficient mean). For the adsorption process using 2,4-D, the intraparticle diffusion
model presented a kD of 12.36 and 4.42 mg/g.h for the concentrations of 6352.80 mg/L and 1087.20 mg/L respectively.
The results show that the higher the concentration
used, the higher is the kD as can be seen in Fig. 5. This result
is expected because the higher the concentration used, the
greater the motive power for mass transfer and the higher
the rate of diffusion of the contaminant in the pores of the
adsorbent. This order of velocity can be attributed to the
mass and molecular configuration of 2,4-D (Foust et al.,
1982).

4. Conclusion
It was possible to verify that the adsorption process of
2,4-D in the aluminoferric red oxisol occurs through different attraction forces, suggesting a diversity of active sites in
the soil. Among the models that describe the kinetic adsorption of the pesticide in soil, the Freundlich model provided
2
the best adjustment (R of 0.96). The equilibrium constant
and dimensionless exponent, both of the Freundlich model,
kF and nF respectively, estimated at 34.21 and 3.7, indicate
affinity between the adsorbent and the adsorbate, mainly
Table 5 - Kinetic parameters of intraparticle diffusion model for
2,4-D; adsorbent weight: 2.5 g, volume: 50 mL, temperature:
23 °C ± 1 °C.
2,4-D concentration (mg/L)

2

kD (mg/g.h)

R

6352.80

12.36

0.87

1087.20

4.42

0.99

due to the clay and silt content present in the soil and the
characteristics of the analyte molecule. This implies a significant reduction in the availability and mobility of the
pesticide in soil. In terms of the adsorption kinetics, it has
been verified that the pseudo second-order model better
represented the contaminant studied. This behavior is related to the molecule of the contaminant, as other research
has also related this kinetic model to the adsorption of
2,4-D, even using another substance as an adsorbent. Based
on the kinetic tests, it was possible to identify the controlling stage of the process and the high values of the determination coefficient relative to the intraparticle diffusion
model. This indicated that the process is strongly controlled
by the second step for the concentrations evaluated, as
intraparticle diffusion rate is limiting of this process.
Furthermore, the results and conclusions obtained in
this study can be used as knowledge and decision making
for remediation in contaminated areas, considering that the
soil in natural conditions, as in this study, already has a
good ability to attenuate contaminants.
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3D Finite Element Analysis of Diaphragm Wall Construction
Stages in Sand
R.A. Abdelrahman, A.M. Hassan, M.I. Amer
Abstract. Construction of underground structures may impose a hazardous effect on adjacent buildings due to ground
movements caused by the construction of side support system and excavation. Most studies focus on predicting the soil
movements due to excavation, however, limited research is performed to predict the effect of the construction process of
the side support walls. Therefore, a 3D numerical model is developed to better understand the influence of installing
diaphragm walls in sandy soils. A verification model has been used to validate the modeling of diaphragm wall
construction sequence and its outputs using field data measurements of a selected case study. The diaphragm wall
construction process is simulated using the WIM and WIP methods. This study has proved that WIM method is capable of
simulating the construction stages and capturing the changes in soil stresses and displacements. Moreover, the results show
that modeling diaphragm wall installation as a plane strain problem leads to the overestimation of the soil displacements. In
addition, the effect of related parameters including; panel length, panel width, soil relative density, and moisture condition
have been studied. The anticipated soil stresses and displacements during the construction process of diaphragm walls are
presented. Finally, the effect of the selected modeling method (WIP or WIM) on the anticipated displacements during the
following excavation stage is highlighted.
Keywords: construction stages, diaphragm wall, PLAXIS 3D, sand, WIP, WIM.

1. Introduction
A diaphragm wall is used as a part of side support systems for underground structures such as metro stations,
basements, and underpasses. A diaphragm wall is a reinforced concrete structure constructed in-situ panel by panel. The wall can reach depths down to 50 m. The panel
length ranges between 2.5 m and 7.0 m. The typical construction sequence of each panel includes three stages: (1)
trench excavation under bentonite slurry support, (2), wet
concrete injection, and (3) concrete hardening (Clear &
Harrison, 1985).
The common practice is to design the side support
system without considering the effect of the construction
process of the walls. The construction sequence is assumed
to have no effect on soil stresses or ground movements.
However, previous studies indicate that diaphragm wall
construction induces significant changes in stresses and
movements of the surrounding soil (Burlon et al., 2013;
Poh & Wong, 1998; Symons & Carder, 1993). Several case
histories are reported in which the construction of a deep diaphragm wall resulted in the collapse of the constructed
panels and settlement values up to 60 mm (Cowland &
Thorley, 1984).
Numerical modeling is capable of simulating the diaphragm wall using two methods; WIP (wished in place) and
WIM (wished in model). In the WIP method, the dia-

phragm wall is modeled as a plate element. The sequence of
diaphragm wall installation is not considered and no changes in soil stresses or ground movements are assumed (De
Moor & Stevenson, 1996). Conversely, in the WIM method, the model is developed to consider the three construction stages of each panel. The first stage involves removing
soil elements constituting the ground to be excavated (the
trench) and simultaneously applying the hydrostatic bentonite pressure along the sides and bottom of the trench. For
the second stage, the hydrostatic wet concrete pressure
should replace the hydrostatic bentonite pressure. Ling et
al. (1994) found, based on field measurements, that the full
hydrostatic wet concrete pressure is applied down till a certain depth (the critical depth) after which the wet concrete
pressure increases with depth at a rate governed by the unit
weight of the bentonite (bi-linear pressure). The critical
depth (hcrit) is observed to be located approximately at one
third of the wall depth. According to Ling et al. (1994), the
wet concrete behaves as a heavy fluid because the solid particles (aggregates and cement grains) are suspended in the
water. As the hydration process takes place, reduction in
pore pressure is observed. The hydration mechanism results in the gradual transfer of the load from being a pore
pressure into a solid weight. Consequently, the vertical
stresses increase and the horizontal stresses acting on the
trench sides are reduced. For the third stage, the trench is replaced by an elastic concrete material and the bi-linear
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pressure is removed. This approach has been adopted in
several studies in order to evaluate the effect of installation
of diaphragm walls in clayey soils (Ng et al., 1995; Gourvenec & Powrie, 1999; Arai et al., 2008; Li & Lin, 2018).
In this paper, the effect of diaphragm wall installation
in sandy soils is evaluated via a 3D numerical model. The
paper consists of four parts; the first part validates the diaphragm wall numerical model and its outputs using a case
study. The WIP and WIM methods are used to consider the
effect of the construction process and the results of both
methods are compared to field data measurements. The second part discusses the effect of the construction process on
the ground movement and the soil stresses. The third part
provides a parametric study to evaluate the effect of related
parameters: panel length, panel width, soil relative density,
and moisture condition. Finally, the effect of the selected
modeling method (WIP or WIM) on the anticipated displacements during the subsequent excavation is highlighted.

2. Case Study and Model Verification
The selected case study is a diaphragm wall constructed to be a part of the basements of a multi-story building in Dokki, Giza, Egypt (El-Sayed & Abdel-Rahman,
2002; Abdel-Rahman & El-Sayed, 2009). The soil stratification at this site is shown in Fig. 1 as well as the results of
the SPT tests with depth. The ground water table was monitored at a depth of 2.0 m below the ground surface.
As shown in Fig. 2, the excavation site is 24.6 m times
35.7 m and is surrounded by five existing buildings. Buildings A, B and C are 12 to 14 stories high and are founded on
piles with lengths ranging between 14.0 m and 16.0 m and
are located at distances of 1.8 m, 3.15 m and 7.15 m away
from the excavated site, respectively. Buildings D and E are
5 and 2 story buildings, respectively. Both buildings are
founded on shallow foundations at 2 m depth and are located at a distance of 3.2 m from the excavation site.
The excavation depth was 10.8 m below the ground
surface, therefore, a side support system was needed. This
supporting system was composed of a diaphragm wall sup-

Figure 1 - Soil stratification and SPT data (Abdel-Rahman & El
Sayed, 2009).
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ported by two rows of anchors and struts. The diaphragm
wall width (w) is 0.6 m, depth (D) is 21 m, and the panels’
lengths (L) range between 2.70 m and 6.72 m. The total
number of panels is 20.
An optical surveying program was adopted to monitor the settlement of adjacent buildings due to the construction of the side support system and excavation. As shown in
Fig. 2, thirty one settlement points (SP-1 to SP-31) were
fixed on selected columns at the location of adjacent buildings.
Figure 3 shows the measured total settlements due to
construction of the diaphragm wall and excavation down
till the designated depth. Despite being founded on piles,
considerable settlement values were observed at Buildings A, B, and C. For these buildings, the total settlement
ranged between 0.0 mm and 12.5 mm (Fig. 3a). The maximum value occurred at SP-19 (Building B). This point
was located at a distance of 3.15 m from the diaphragm
wall. None to negligible settlement values were detected
at SP-1, SP-2, SP-28, SP-29, and SP-30 which were located at distances of 18 m to 40 m away from the corners
of the site. Due to construction of the diaphragm walls, the
measured settlements ranged between 0.0 mm and 8.6 mm
which implied that at least 44 % of the total settlement values took place before excavation. The diaphragm wall is
21 m deep whilst the piles are 14 m to 16 m deep which
may explain why most of the settlement took place during
the execution of the diaphragm wall. For Buildings D and
E (on shallow foundations), the total settlement ranged between 1.2 mm and 17.8 mm. The maximum value occurred at SP-23 (Building E). This point was located at a
distance of 3.2 m from the diaphragm wall. Insignificant
settlement value was detected at SP-24, which is located at
a distance of about 14 m from the corner of the site. Due to
construction of the diaphragm walls, the measured settlements ranged between 0.4 mm and 8.6 mm, which implied
that 14 % to 50 % of the total settlement values took place
(Fig. 3b).
These measurements confirm the importance of estimating the displacements induced during the construction
of the diaphragm walls while studying the effect of installing a side support system and excavation. Therefore, verification models are constructed via the 3D finite element
program (PLAXIS©). The soil mass is simulated as a continuum composed of 10-node tetrahedron volume elements. For all soil layers, the Hardening Soil Model (HSM)
is applied. Table 1 presents the assigned parameters for
each soil layer. For buildings on deep foundation, due to
lack of data, a surcharge load of 150 kN/m2 is simulated at a
depth of 16 m below the ground surface. Buildings founded
on shallow foundations are simulated as a 40 kN/m2 surcharge load at 2 m below the ground surface as shown in
Fig. 4.
Two models have been studied to determine the effect
of the diaphragm wall simulation technique. The dia-
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Figure 2 - Excavation site and adjacent buildings (Abdel-Rahman & El Sayed, 2009).

Figure 3 - Field measurements for buildings founded on: (a) deep foundation and (b) shallow foundations.

phragm wall is simulated using either WIP method or WIM
method. In the WIP method, the diaphragm wall is simulated as a plate element. The plate element is formed based
on Mindlin’s plate theory to simulate a thin two-dimensional structure with flexural rigidity and a normal stiffness. Herein, the plate is modeled as an elastic isotropic
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concrete material and its properties are: unit weight
(gc) = 24 kN/m3, Young’s modulus (E) = 2.6 x 107 kN/m2
and Poisson’s ratio (n) = 0.20. The model considers the sequence of construction in three stages. At the first stage, the
soil initial stresses are generated using the Ko procedure. At
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Table 1 - Soil properties for the case study (Hardening Soil Model).
Layer
Thickness (m)
Saturated unit weight, g (kN/m )
3

ref

Secant stiffness in standard drained triaxial test, E

Tangent stiffness for primary oedometer loading, E

50

(MPa)

ref

Silty sand

Fine sand

Graded sand

2

3

6

14

17

18

19

20

6

16

25

25

6

16

25

25

Unloading/reloading stiffness, Erefur (MPa)

18

48

75

75

Power for stress-level dependency of stiffness, m

0.5

0.5

0.5

0.5

Effective cohesion, c’ (kPa)

0.01

0.01

0.01

0.01

Effective angle of shearing resistance, f (deg)

29

31

33.5

36

Dilatancy angle, Y (deg)

0

1

3.5

6

0.2

0.3

0.3

0.3

0.515

0.485

0.448

0.412

oed

(MPa)

Fill

Poisson’s ratio, nur
Earth pressure coefficient at rest, Ko

Figure 4 - PLAXIS three dimensional model configuration for
case study.

Figure 5 - Construction stages of diaphragm wall.

the second stage, the surcharge loads of adjacent buildings
are activated. At the third stage, the diaphragm wall (plate
element) is activated.

are activated as elastic isotropic concrete volumes with unit
weight (gc) equal to 24 kN/m3, E = 2.6 x 107 kN/m2 and Poisson’s ratio n = 0.20 as shown in Fig. 5c. For each panel, the
last three stages (third to fifth) are repeated according to the
construction schedule executed on site.

In the WIM method, the diaphragm wall panels are
simulated as volume elements. The model is developed to
consider the construction stages of each panel. First, the
soil initial stresses are generated using the Ko procedure.
Second, the surcharge loads of adjacent buildings are activated. Third, the excavation under slurry support is simulated by deactivating soil elements inside the trench.
Simultaneously, the hydrostatic bentonite pressure with a
3
unit weight (gb) of 10.4 kN/m is applied along the trench
sides and bottom (Fig. 5a). Fourth, wet concrete is poured
into the trench replacing the bentonite slurry. Thus, the bentonite hydrostatic pressure is replaced by bi-linear pressure
(Fig 5b). A full concrete pressure with a unit weight (gcwet) of
23 kN/m3 is applied down to a critical depth (hcrit) below
which the pressure increases along depth with the bentonite
pressure. Fifth, concrete hardens, hence, the bi-linear pressure is removed and the volume elements inside the trench
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Figure 6 depicts that the WIP method underestimates
the settlement values at the selected points by 63 % to 85 %.
The calculated settlements range between 0.4 mm and
1.6 mm for buildings A, B, and C and between 0.4 mm and
1.2 mm for buildings D and E. On the other hand, the WIM
method presents a better prediction. The calculated settlements range between 0.7 mm and 10.6 mm for buildings A,
B, and C and between 2.1 mm and 10.1 mm for buildings D
and E. Figure 7 presents the horizontal displacement contours using both the WIP and WIM methods. It can be noted
that negligible values are acquired using the WIP method,
however, higher values are attained using the WIM method. Furthermore, the WIP method shows an almost uniform distribution of displacements all over the site. The
WIM method shows a more realistic trend where higher
displacement values occur along the diaphragm panels. In
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Figure 6 - Field measurements vs. calculated settlements using
3D FEM.

addition, concentration of displacements is noticed around
the panels especially at the right and bottom sides of the
site. By reviewing the panels’ lengths and construction
schedule, it is found that these higher values occurred
where longer successive panels were executed. The model
constructed using the WIP method also shows that the construction of diaphragm walls generates insignificant values
of straining actions.
Based on the above results, the WIM method is
adopted for the parametric study. The current study focuses
on investigating the effect of construction of the diaphragm
wall on the generated soil stresses and displacements.

Figure 8 - Proposed model: (a) Meshing (b) Configuration and (c)
Panels geometry.

3. Results and Discussion
In order to investigate the effect of diaphragm wall
construction on ground movement and soil stresses, a 3D
model of a diaphragm wall with a depth (D) of 17 m is simulated (Fig. 8a and b). The diaphragm wall is composed of
three panels as presented in Fig. 8c. Panel 1 is a primary
panel, panels 2 and 3 are secondary panels. Each panel is
simulated in stages according to the construction sequence

mentioned in the previous section, with a total number of
nine stages. Construction of panel 1 is simulated in stages 1
to 3, followed by panel 2 (stages 4 to 6) and panel 3 (stages
7 to 9).
The effect of parameters related to diaphragm wall
geometry including panel length (L = 3 m, 6 m, and infinity)
and panel width (w = 0.6 m, 0.9 m, 1.2 m) have been stud-

Figure 7 - Horizontal displacement contours: (a) WIP method and (b) WIM method.
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ied. In addition, the effect of soil relative density is investigated. The diaphragm wall is constructed in loose, medium
dense, and dense sand with properties shown in Table 2.
Next, a comparison between constructing the diaphragm
wall in dry sand vs. saturated sand is conducted.
The model dimensions (80 m times 180 m) are selected such that the model borders have no influence neither on induced settlements, nor on stresses. The bottom of
the geometry is fixed and the upper boundaries are fully
free to move. For the sides, the displacements normal to the
boundary are fixed and the tangential displacements are
kept free.
The construction process of the diaphragm wall panels has a major impact on the stress distribution behind the
wall. For a diaphragm wall with w = 0.6 m and L = 3.0 m
constructed in dry medium dense sand, Fig. 9 depicts the
change of horizontal stresses behind the wall along the center of panel 1. In order to understand the trend in which the
stresses change, three additional lines are plotted: initial
horizontal stress, bentonite pressure, and concrete pressure.
For medium dense sand:
Initial horizontal stress = g Ko Z
= 19 x 0.426 Z = 8.09 Z kN/m3/m

(1)

Bentonite pressure = gb Z = 10.4 Z kN/m /m

(2)

Concrete pressure = gcwet Z = 23 Z kN/m /m

(3)

3

3

where g is the soil unit weight, Ko is the earth pressure coefficient at rest, Z is the depth below ground surface, gb is the
bentonite unit weight, and gcwet is the wet concrete unit
weight. The current study is performed in sandy soils,
hence, the initial horizontal stress is lower than the subse-

quent applied pressures (bentonite and concrete). Thus,
during the construction of panel 1, the horizontal stresses
generally increase (stages 1 to 3, Fig. 9a). This trend is the
opposite of the results observed by Ng & Yan (1999). In
clayey soils, the initial horizontal stress is larger than the
subsequent applied pressures (bentonite and concrete).
Therefore, horizontal stresses are reduced during the construction of the panel.
Underneath the wall, the horizontal stress values fall
below their initial state (Ko condition) due to the restraint
provided by the underlying soil. This trend extends to a distance of about 5 m (0.3D) underneath the wall bottom,
which complies with the results of Conti et al. (2012).
During the construction of panel 1, the horizontal
stresses increase during the stage of trench excavation under bentonite support (stage 1, Fig. 9a).The injection of wet
concrete (stage 2, Fig. 9a) leads to a further increase in the
horizontal stresses, particularly in the upper third of the retaining wall. The horizontal stresses follow the bi-linear
pressure applied during stage 2. However, negligible change is detected during concrete hardening (stage 3, Fig. 9a).
The same trend is found when the construction advances
from stage 5 to 6 and from stage 8 to 9, as shown in Fig 9b.
The construction of panels 2 (stages 4 to 6) and panel 3
(stages 7 to 9) causes a drastic decrease in horizontal
stresses behind panel 1 (Fig. 9b). At stage 9, the stresses are
less than the initial stresses. This could be further examined
using Fig. 10, which shows the total horizontal stress at a
distance of 0.1 m behind the panels at a depth of 8.5 m below the ground surface. A horizontal section is plotted with
distance measured from the edge of panel 2 normalized by
the length of panel (y/L). It is found that the construction of

Figure 9 - Horizontal stress distribution with depth across the center of panel 1: (a) construction of panel 1 and (b) construction of panels
2 and 3 (medium dense dry sand, w = 0.6 m, L = 3.0 m, D = 17 m).
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Figure 10 - Horizontal stress distribution at 0.1 m behind the diaphragm wall at 8.5 m depth below ground surface (medium dense
dry sand, w = 0.6 m, L = 3.0 m, D = 17 m).

a certain panel causes a maximum increase in the horizontal
stresses behind the center of this panel, then, stresses decrease gradually toward the edge of this panel and adjacent
panels. This trend is attributed to the lateral stress transfer
which is also observed by Conti et al. (2012).
Figure 11 inspects the effect of diaphragm wall installation on the soil movement behind the wall along the center of panel 1. During the stages of bentonite and wet
concrete injections, the soil horizontal stresses increase,
consequently, the soil horizontal displacements increase
(Fig. 11a). However, no further horizontal displacements
are experienced behind this panel once concrete hardens.
The construction of the adjacent panels does not cause any
additional displacements to the studied panel. In addition,
the maximum horizontal displacement values occur ap-

proximately at half the panel depth (0.5D) below the
ground surface, which matches the results obtained by
Conti et al. (2012). Moreover, the effect of diaphragm wall
installation almost diminishes at 5 m below the wall toe,
i.e., approximately one third of the wall depth (0.3D),
which is verified by Ng & Yan (1998).
The soil horizontal displacements are accompanied
by settlements near the diaphragm wall. As shown in
Fig. 11b, settlement values occur directly behind the wall
and become marginal after a distance of 17 m behind the
wall which is equivalent to 1D, which matches the results of
Powrie & Kantartzi (1996) and Ng & Yan (1998). The settlements increase as the wall installation proceeds. Behind
a given panel, about 75 % of the total expected settlement is
developed by the end of construction of this panel while the
remaining 25 % occurs during the construction of the two
adjacent secondary panels.
3.1. Effect of diaphragm wall geometry
Figure 12 presents the effect of the panel length (L)
and width (w) on the soil horizontal stresses and displacements. Panels with lengths of 3 m, 6 m and infinity and
widths of 0.6 m, 0.9 m, and 1.2 m are selected. A panel
length of infinity is attained via plane strain condition,
which can be done using a 2D model (Fig. 13). The same
procedure adopted for 3D modeling of the construction sequence of the diaphragm wall is used. In engineering practice, 2D modeling is usually adopted because 3D modeling
is more complicated and time consuming.
Figure 12a shows that using longer panels leads to
higher horizontal stresses behind panel 1, hence, larger val-

Figure 11 - (a) Soil horizontal displacements along the diaphragm wall and (b) Settlement behind the diaphragm wall (at the center of
panel 1 - medium dense dry sand, w = 0.6 m, L = 3.0 m, D = 17 m).
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Figure 12 - Effect of panel dimensions on soil: (a) horizontal stresses, (b) horizontal displacements at stage 9 (at the center of panel 1 medium dense dry sand, D = 17 m).

3.2. Effect of soil relative density and moisture condition

Figure 13 - 2D Model (plane strain condition).

ues of horizontal displacements are expected. In Fig. 12b,
the maximum horizontal displacements behind panel 1 are
normalized to the maximum values obtained from the plane
strain condition (Umax(X)/Umax(X)2D). The results are plotted vs.
the panel depth to length ratio (D/L). As the panel length increases (D/L reduces), the horizontal displacements increase gradually until reaching a maximum value at D/L = 0
(plane strain condition). The results presented herein show
that modeling diaphragm wall installation as a plane strain
problem leads to the over-prediction of the soil displacements and stresses during installation by 230 % to 400 %.
This approach leads to unrealistic values of ground movement because it does not account for the arching effect (Ng
& Yan, 1998). On the other hand, panel width has no effect
on soil horizontal displacements during the construction of
the diaphragm wall as shown in Fig. 12b.
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The effect of soil relative density is investigated using
sand with three different relative densities presenting loose,
medium dense, and dense soil as proposed in Table 2. The
angle of shearing resistance (f) is introduced in Fig. 14 as
an indication of the soil relative density. As the soil becomes denser, the maximum soil displacements decrease.
This is attributed to the fact that the increase in soil relative
density is associated with an increase in soil stiffness (E) as
shown in Table 2. The rate of decrease in displacement values declines as the relative density increases. At the end of
construction of panel 3 (stage 9), the maximum vertical displacement (settlement) decreases from 22 mm for loose
sand to 10 mm for medium dense sand (54.5 % reduction),
and to 5.5 mm for dense sand (31.3 % reduction).
The diaphragm wall construction sequence is also
simulated in saturated sand in order to inspect the effect of
moisture on the performance of the wall. First, horizontal
stresses are investigated as shown in Fig. 15a. The horizontal stresses decrease during bentonite injection (Stage 1),
then increase again during the concrete injection and hardening (stages 2 & 3). This trend contradicts the results obtained from the dry sand case (Fig. 9a). This is attributed to
the fact that the initial stresses, in saturated sand, are larger
than bentonite pressure and lower than the wet concrete
bi-linear pressure. For medium dense sand:
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Table 2 - Proposed different granular soil types of different relative density (Hardening Soil Model).
Soil type
Saturated unit weight, g (kN/m )
3

ref

Secant stiffness in standard drained triaxial test, E

Tangent stiffness for primary oedometer loading, E
Unloading/reloading stiffness, E

ref

(MPa)

50
ref

oed

(MPa)

Medium dense

Dense

18

19

20

20

40

60

20

40

60

60

120

180

Power for stress-level dependency of stiffness, m

0.5

0.5

0.5

Effective cohesion, c’ (kPa)

0.01

0.01

0.01

30

35

40

ur

(MPa)

Loose

Effective angle of shearing resistance, f (deg)
Dilatancy angle, Y (deg)
Poisson’s ratio, nur
Earth pressure coefficient at rest, Ko

Figure 14 - Effect of soil relative density on maximum soil displacements (at the center of panel 1 - dry Condition, w = 0.6 m, L =
3.0 m, D = 17 m).

Initial horizontal stress = gsub Ko Z + gw Z
= 9 x 0.426 Z + 10 Z = 13.8 Z kN/m3/m

(4)

Bentonite pressure = gb Z = 10.4 Z kN/m3/m

(5)

Concrete pressure = gcwet Z = 23.0 Z kN/m /m

(6)

3

where gsub is the soil submerged unit weight, Ko is the earth
pressure coefficient at rest, Z is the depth below ground surface, gw is the water unit weight, gb is the bentonite unit
weight, and gcwet is the wet concrete unit weight. This reduction in stresses during bentonite injection (Stage 1) causes
the trench side to move in the reverse direction. Figure 15b
shows the horizontal displacements along one side of the
trench during stage 1 for dry sand and saturated sand. The
positive values of the horizontal displacement indicate that
the trench cross section increases (bulging). On the other
hand, the negative values of the horizontal displacement indicate that the trench cross section decreases (necking). The
maximum necking (saturated sand) or bulging (dry sand)
occurs at a depth of 14.25 m (0.84D). At stage 2 (Fig. 15c),
the horizontal stresses increase again; accordingly, the di-
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rection of the horizontal displacement is reversed again and
becomes positive for saturated sand. Meanwhile, further increase in the horizontal displacement is noticed at the same
stage for dry sand. It is also noted that the depth at which the
maximum horizontal displacement occurs is shifted upward. The maximum bulging occurs at depth of 4.5 m
(0.26D) for saturated sand and at depth of 7.7 m (0.45D) for
dry sand. Figure 15d shows the maximum horizontal displacement (Umax(X)) and settlement (Umax(Z)) during construction (stages 1 to 9) for dry and saturated sand. Once the
concrete hardens (stage 3), the horizontal displacements
become constant and no further change is expected due to
the following construction stages. On the other hand, the
settlement values continue to increase after stage 3 at a
lower rate.

4. Effect of the Modeling Technique on the
Displacements During Subsequent
Excavation
The effect of the modeling technique is investigated
for a diaphragm wall with w = 0.6 m and L = 3.0 m constructed in dry medium dense sand. Two models are developed using WIP and WIM methods. For each model, the
soil in front of the diaphragm wall is excavated to a depth of
8 m. Due to excavation, the WIP method overestimates the
horizontal displacement of the diaphragm wall by around
50 % (Fig. 16a). The maximum horizontal displacement is
about 26 mm using the WIM method and 40 mm using the
WIP method. On the other hand, the estimated settlement
values behind the wall using the WIP method are higher by
14 %. Nevertheless, the WIP method underestimates the
settlement values due to diaphragm wall construction by
87 %; after excavation the effect of using this simplification
has less impact on the results (Fig. 16b).

5. Conclusions
In this study, the finite element numerical model succeeded in simulating the complicated construction se-
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Figure 15 - Effect of moisture condition on: (a) horizontal stresses (b) horizontal displacements at stage 1 (c) horizontal displacements at
stage 2 and (d) max displacements for stages 1 to 9 (at the center of panel 1 - medium dense Sand, w = 0.6 m, L = 3.0 m, D = 17 m).

quence of diaphragm walls. The model output has been
validated through a comparison with the field measurements of the settlement values recorded during execution of
the side support system and excavation of a site in Dokki,
Egypt. The diaphragm wall construction process can be
simulated using the WIM and WIP methods. The WIP
method is the conventional finite element method. The effect of diaphragm wall construction stages is not considered, therefore, no changes in soil stresses or movements
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are anticipated. On the other hand, this study has proved
that the WIM method is capable of simulating the construction stages and capturing the changes in soil stresses and
displacements. The construction sequence for each panel is
simulated through three stages representing: (1) excavation
under slurry support, (2) wet concrete injection, and (3)
concrete hardening. The construction sequence is found to
have a major impact on the stress distribution behind the
wall. In dry sandy soils, an increase in horizontal stresses
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Figure 16 - Effect of modeling technique on: (a) diaphragm wall horizontal displacements after excavation and (b) settlements (along
the center of panel 1 - medium dense sand, w = 0.6 m, L = 3.0 m, D = 17 m).

behind the primary panel is expected during the bentonite
and wet concrete injection stages. However, a drastic decline in horizontal stresses is noticed during the construction of secondary panels. The installation of the diaphragm
wall causes an increase in soil movement. The maximum
horizontal displacement values occur approximately at
0.5D below the ground surface. The horizontal displacement along the primary panel take place only during the
bentonite and wet concrete injection stages. The construction of secondary panels does not cause any additional horizontal displacement. However, behind the primary panel,
about 75 % of the total expected vertical displacements are
developed by the end of construction of this panel, while
the remaining 25 % occur during the construction of the
secondary panels.
In engineering practice, 2D modeling is used as a conventional tool to determine the expected displacements.
However, the results presented herein show that modeling
diaphragm wall installation as a plane strain problem leads
to the overestimation of the displacements. Subsequently,
over-designed side support systems are provided. Simulating the actual panel length using a 3D model leads to
lower and more realistic values of stresses and displacements. In addition, an increase in soil relative density leads
to a pronounced decrease in the induced displacement.
Moreover, in saturated sandy soils, initial horizontal
stresses are larger than bentonite pressure, therefore, necking of the trench section occurs. Finally, adopting different
techniques of modeling the construction sequence of diaphragm wall has a major impact on the estimated displacement during the following excavation stage.
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Bayesian Update of Load Capacity for a Large Steel Piling
in a Stratified Soil Profile
J.A. Nietiedt, B.R. Danziger, M.S.S. Almeida
Abstract. This paper applies Bayesian updating of the load capacity of a large steel piling foundation for the high load
structure of the Alcântara Wastewater Treatment Plant (WWTP), located near the city of Rio de Janeiro in Brazil.
Uncertainty is modeled by a priori and a posteriori distributions of the piling capacity. The a posteriori distribution is
determined by updating the a priori distribution using a likelihood function, which incorporates records obtained during
pile driving. The Bayesian update was applied to a dataset consisting of 645 steel driven piles. Two pile capacity design
models and two different likelihood functions were used to verify their influence on the updated capacity estimates. Static
and dynamic test results were compared to the updated estimates. The results demonstrate the ability of the Bayesian
update technique to significantly improve the reliability of the entire piling.
Keywords: Bayesian theory, reliability, steel piles.

1. Introduction
Pile capacity predictions usually involve numerous
uncertainties due to measurement errors in soil properties,
limitations of geotechnical investigation, spatial variability
across a site, model simplifications, among others. Huang
et al. (2016) also point out that installation processes may
also vary from pile to pile and affect the variability of the
ultimate pile capacity. Kay (1976) presented an interesting
application of probability theory to develop a consistent set
of guidelines for safety factor selection for a range of design methods. He demonstrated that such an approach provides the basis for the optimization of the testing procedure
and an improved final design. Kay’s 1976 method makes
use of the Bayesian approach, which permits the inclusion
of subjectively determined aspects of the design in the formal analysis. A sampling from the “state of nature”, according to Kay (1976), allows for a formal reduction in
uncertainty through the application of Bayesian theory.
Estimates of pile and pile group reliability based on
load test results have been reported by Baecher & Rackwitz
(1982), Zhang et al. (2001), Zhang (2004), Zhang et al.
(2006, 2010, 2014) and Huang et al. (2016). Guttormsen
(1987) applied the wave equation model for obtaining the
likelihood distribution function when performing the Bayesian update for offshore piles. One of the strong points of
the application of reliability theory is the possibility of
combining various methods, as reported by Lacasse et al.
(1991) who made use of a pile capacity calculation model
and estimation based on some measurement activity to obtain an updated estimate. Vrouwenvelder (1992) emphasized that based on information from testing and monitor-

ing, the engineer may update the estimate of pile capacity.
Moreover, as the new estimate is based on more information, the uncertainties are fewer and a corresponding reduction of the safety factor could be justified. Lacasse &
Nadim (1994) commented on the importance of adopting
rational approaches and well documented projects to account for load capacity uncertainties. Zhang &Tang (2002)
applied the Bayesian theory to piling reliability using load
test results in the updates. The same approach can have
other applications. Baecher & Ladd (1997), for instance,
used Bayesian theory in the prediction of clay properties
such as undrained strength and overconsolidation ratio.
Zhang et al. (2004) applied the Bayesian approach to update empirical predictions with regional information or
site-specific observations to effectively reduce the uncertainty associated with the correlations. Goh et al. (2005)
used a Bayesian network algorithm to model the relationship between the undrained shear strength of soil, the effective overburden stress and the undrained side resistance alpha factor for drilled shafts. Li et al. (2017) illustrated the
application of Bayesian theory to evaluate the spatial variability of soil in slope stability projects.
The objective of this paper is to apply the Bayesian
updating technique to update the expected value and variance of the probability distribution of soil resistance to
driving for H-section steel piles. For driven piles, the construction processes can be better controlled and the variabilities due to construction are expected to vary in smaller
ranges.
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Figure 1 - Relationship between a priori, likelihood and a posteriori distribution of pile capacity (Lacasse & Goulois, 1989;
Lacasse et al., 1991).

2. The Bayesian Updating Approach
The Bayesian updating approach, illustrated in Fig. 1,
shows the probability density functions used in the updating procedure. Bayesian updating allows for a reliable estimate of the a posteriori pile capacity from a priori and
likelihood distribution functions. A detailed description of
Bayesian concepts is found in applied statistics books (e.g.,
Ang & Tang, 1984). Equations 1 and 2 allow the estimation
of the expected value and the variance of the updated pile
capacity (a posteriori) based on the expected value and the
variance of the a priori distribution, as well as the likelihood function.
mQ =

s =
2
Q

s 2Q L × m Q P + s 2Q P × m Q L
s 2Q L + s 2Q L
s 2Q L × s 2Q P
s 2Q L + s 2Q P

(1)

(2)

where mQ is the expected value of the updated pile capacity
obtained a posteriori, mQP and mQL are, respectively, the expected value of the pile capacity originally predicted (a priori) and that obtained from the measurement activity
2
(likelihood function); sQ is the updated variance of the dis2
2
tribution of pile capacity (a posteriori) and sQP and sQL are,
respectively, the variances of the originally estimated distribution, obtained by means of the available field tests (a
priori) and that obtained from the measurements (the likelihood function).

3. The Test Site
The dataset refers to a Wastewater Treatment Plant
(WWTP) in Alcantara, located in the lowlands nearby Rio
de Janeiro. The piling dataset is related to the representative
area delimited by the solid black line and Alcantara river in
Fig. 2. The boreholes identified as SP, SPC and SNB in the
figure represent different site investigation campaigns. The
triangles and squares represent, respectively, the vane tests
and CPTu tests. In the hatched area, nearly 4,000 H shaped
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W200x71 steel piles have been driven as foundation for the
structures of the sewage plant. Each pile driven in the representative area had its performance controlled by three procedures: the complete driving log; the final average penetration for the last 10 hammer blows; and the elastic pile
rebound for the same 10 blows. The penetration and elastic
rebound at pile head were measured during the end of driving by means of the simple and traditional use of pencil and
paper form. In the same representative region, 9 dynamic
and 2 static loading tests were also performed.
Figure 3 shows: (i) the pile section; (ii) a typical register for the last 10 blows; and (iii) the plugging condition expected to occur at soil-pile during failure of the steel H piles
(toe resistance mobilization as fully plugged and skin friction mobilization throughout the entire pile-soil contact).
This plugging condition is commonly used in Brazilian,
German (Schenck, 1966; EAB, 2008) and French (French
Standard, 1993) foundation practice.
3.1. Soil profile and characterization
The soil profile consists of a very soft superficial clay
layer with thickness varying from 8 to 12 m. Below the superficial soft layer, the SPT borings showed a fine-tocoarse dense sand, with thickness varying from 4 to 7 m,
followed by a silty-sand/sandy-silt gneissic residual soil
stratum. The very soft clay layer has been subjected to 8
CPTu tests, 6 vane tests and 5 sampling logs for laboratory
tests, with locations also shown in Fig. 2. The laboratory
tests consisted of index tests and oedometer tests. The superficial clay characterization and test results for the
WWTP site are similar to those described by Almeida et al.
(2008). A summary of the main parameters is listed in Table 1.
The mean value and the variance of the standard penetration test “N60” distributions were determined for the representative area.
Spatial variability of the soil profile and geotechnical
parameters occurs especially in the more resistant layers,
where the CPTu could not penetrate and only the SPT bor-

Table 1 - Soft soil parameters.
Parameter

Range

gsat(kN/m )

13.5-15.5

3

Su (kPA)
Sur (kPA)

10-25
3-5

OCR

1.4-2.5

e0

1.6-3.2

Cc

0.80-1.90

Cs

0.14-0.28

kv (m/s)
2

cv (m /s)

5 ´ 10 -3 ´ 10
-10

-9

1 ´ 10 -2 ´ 10

-7

-8

Soils and Rocks, São Paulo, 42(3): 323-335, September-December, 2019.

Bayesian Update of Load Capacity for a Large Steel Piling in a Stratified Soil Profile

Figure 2 - Wastewater Treatment Plant (WWTP).

ings were available. The layers of dense sand and residual
gneissic soil are expected to be responsible for nearly the
entire pile capacity.
Figure 4 presents the N60 values and the statistical distribution for the 46 borings and investigated depths: the
mean, the mean minus the standard deviation and the mean
plus the standard deviation, represented in three distinct
curves. The typical soil profile for the representative area is
also shown in the same figure. The superficial soft soil layer
presents a zero N60 for nearly the entire depth, and therefore
the three statistical curves are superimposed on the depth
axis. Some very high outlier values of N60, representing local discontinuities in the final centimeters of penetration
with fractional NSPT (e.g. 20 blows / 5 cm) were removed
from the dataset before the statistical calculation. No boreholes penetrated depths beyond 19 m due to the presence of
rock fragments in the residual soil. As the steel H-piles have
higher impedance than the SPT sampler and are less af-
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fected by small rock fragments within the soil, some piles
reached depths of 21.5 m. For these depths the N60 values
were extrapolated by repeating the last N60 penetration resistance available from the boreholes.
In Brazil, selection of appropriate correction factors
is required to convert NSPT into N60 according to the actual
energy delivered during the SPT test. The correction factor
used on the interpreted values was that obtained from Cavalcante et al. (2003, 2004, 2011) based on actual measurements on the Brazilian dataset, indicated below:
. N SPT
N 60 = 137

(3)

4. The A Priori Mobilized Pile Resistance
As emphasized in the previous section, the piling site
has been divided into representative areas characterized by
a selected typical soil profile. The results included in the
present paper refer to the representative area and typical
soil profile shown in Figs. 2 and 4, respectively.
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Figure 3 - Pile section and typical register.

For any calculated model, pile capacity is estimated
by Eq. 4:
Q + W = Q p + Ql

(4)

where Q is the pile capacity, W is the pile weight, Qp is the
tip load capacity and Ql is the load capacity due to lateral
friction. The pile weight is often neglected due to its small
influence in the overall pile capacity and Eq. 4 is written as:
Q = Ab × q p + U å t l × D l

(5)

where Ab is the pile base area, qp is the unit tip resistance, U
is the pile perimeter, tl is the unit shaft resistance, Dl is the
pile length with the same tl,rupt value.
A number of methods can be used in the deterministic
analysis of pile capacity. In the present analysis the authors
have chosen two distinct methods in order to verify the statistical distribution of the pile capacity for different calculation models and their influence on the a posteriori updated
distribution. These methods are described below.
4.1. Aoki & Velloso method
The first selected calculation model was that of Aoki
& Velloso (1975), widely used in Brazil, which estimates
the pile capacity from the results of standard penetration
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tests. This method is based on empirical correlations between qc (from CPT) and N60 (from SPT) established for
both sedimentary and residual soil profiles in different regions in Brazil (Aoki & Velloso, 1975, Danziger & Velloso, 1995; Politano et al., 2001). Correction factors are
used for different pile types to account for the effects of distinct construction procedures. Comparisons between the
estimated pile capacity of this model and that observed
from numerous static load tests have shown generally good
agreement.
According to Aoki &Velloso (1975), the unit tip resistance and the unit shaft resistance are estimated as:
qp =

q c k × N 60
=
F1
F1

(6)

tl =

f s a × k × N 60
=
F2
F2

(7)

where F1, F2 are correction factors, k and a are dependent
on the soil type and qc and fs are related to N60 by means of
the correlations presented above. For steel driven piles, F1
and F2 are 1.5 and 3, respectively. Values of k = 220, 1000
and 700 kPa and a = 4, 1.4 and 2.4 % were used for the soft
soil layer (silty-clay), sand layer and residual soil layer
(sandy-silt).
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were s’v is the vertical effective stress and s’0 is the mean
effective stress at the foundation base, Nc* and Ns are the
load capacity factors and K0 is the soil at-rest coefficient
and C is the cohesion or undrained shear strength.
The Ns factor can be determined by any method that
takes into account soil deformability prior to failure. The
soil deformability in a condition of little volume change
(dense strata) was estimated, in the present case, with the
elastic soil modulus given by Freitas et al. (2012). According to Vesic (1977) the Ns factor is a function of the friction
angle and the reduced stiffness index of the soil.
For pile-soil skin friction, Vesic (1977) proposes
Eq. 10, where Ks depends on the initial at-rest condition,
construction procedures and pile shape.
q s = K s × s¢v

(10)

For application of the Vesic (1977) method, correlations between the soil parameters and N60 are necessary.
The authors made use of Kulhawy & Maine (1990) guidelines with resulting soil strength parameters summarized in
Table 2. An overall working platform consisting of a 0.5 m
layer of sandy material was used over the whole region due
to the low capacity of the soft soil to support the traffic of
the machines.

5. The Soil Resistance to Driving

Figure 4 - N60 values - Statistical soil boring profile.

4.2. Vesic method
The second method selected for deterministic analysis of pile capacity was the well-known theoretical approach developed by Vesic (1977). Conventional theories
consider the tip resistance to be given by the same expression as that used for the load capacity for shallow foundations, excluding the component relative to the ground
weight, since this component is very small in this type of
foundation, Eq. 8.
q p , rupt = C × N + s¢0 × N s
*
C

s¢0 =

(1 + 2K 0 ) s¢v
3
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(8)
(9)

The soil pile resistance mobilized during pile driving
differs from the pile capacity estimated for long term conditions, although the calculations are carried out quite similarly. The resistance mobilized during driving, known in
the literature as SRD (soil resistance to driving), is that mobilized during pile penetration from the hammer blows
(Toolan & Fox, 1977; Stevens et al., 1982; Semple &
Gemeinhardt, 1981).
For both methods adopted for a priori estimates, the
disturbed undrained resistance of the superficial soft layer
was used for the unit adhesion. For both the sandy and high
permeability soils, resistance to driving is similar to longterm resistance, even though it is known that aging and dissipation of pore pressure can change soil resistance with
time even for coarse soils.
Most theoretical methods for pile capacity consider
that the skin friction may not indefinitely increase with
overburden pressure, but rather a limiting value may be
used. The decrease in unit shaft resistance for very deep
piles has been analyzed by Lehane et al. (1993), Randolph
et al. (1994) and Jardine & Chow (1996). Although both seTable 2 - Granular soil parameters.
gsat (kN/m )

j’ (°)

c’ (kPa)

Working platform

19

30

5

Dense sand

20

35-40

0

Gneissic residual soil

20

35-45

0

Soil

3
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lected methods for a priori estimation do not propose any
limit, a N60 value of 68 blows for 0.30 m penetration was
considered as a limit, as no accurate correlation is available
for such higher resistances.
5.1. The dataset
For the final driven depth of each pile of the dataset,
the bearing load capacities were calculated using the Aoki
& Velloso (1975) and Vesic (1977) methods. Three scenarios of the N60 profile were formed: mean (M), mean minus
standard deviation (M - D) and mean plus standard deviation (M + D), given the closest borehole as the mean value
and the variance of N60 for the whole site, according to the
curves presented in Fig 4. The calculation results for the
predicted pile capacity were assembled, composing a large
dataset from which the statistical distribution of the a priori
values was determined.
Figure 5 compares the a priori pile capacity for the
645-pile dataset estimated using both selected methods.
The piles were driven to depths varying from 13.5 to
21.5 m, with an average embedded length of 16 m and a
standard deviation of 1.5 m, resulting in a COV of 0.09. The
Vesic (1977) calculation model resulted in values nearly
37 % higher than the Aoki & Velloso (1975) method. Figure 5 shows that for load capacities higher than 2,500 kN
for the Vesic method, the M, M-SD and M+SD related values are concentrated over a narrow range. This occurs for
the deeper piles embedded into high resistance residual
soils, where the N60 limit resulted in nearly the same soil resistance independently of the “NSPT profile” used in the calculation. While in the Aoki & Velloso method the unit tip
resistance remains constant and total lateral friction resistance increases with pile penetration in the residual soil
layer, the Vesic method considers a decrease in unit tip and
friction resistance due to the increase in the confining effective stress for a fixed N60. Therefore, a decrease in the calculated soil friction angle occurs, resulting in a decrease in
predicted pile capacity. While the values from the Aoki-

Figure 5 - Expected a priori values of SRD (soil resistance to
driving) estimated using both calculation models for the 645-pile
dataset.
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Velloso method continue to increase with depth at a constant rate, the Vesic method begins to increase at a lower
rate when the piles penetrate the residual soil stratum with a
fixed N60, causing the inflection and concentration of points
in the narrow range observed in Fig. 5. On the other hand,
some points at the top center of the graph in the same Fig. 5
presented a different behavior, probably due to an over estimation of the friction angle by the Kulhawy & Mayne
(1990) correlation for some undisclosed soil stratum.
The frequency histogram for the a priori pile capacity
was tentatively analyzed by both normal and lognormal
distributions. Better results were found for the normal distribution, as presented in Figs. 6a and 6b. The predicted values from the Aoki & Velloso (1975) method are well
represented, whereas those of Vesic (1977) are concentrated between the values of 2,500 and 3,000 kN. The behavior of the normal distribution for the second method is
probably affected by the abrupt increase in tip resistance
when the piles penetrate the residual soil layer. At depths
bellow 16 m, the average contribution of the tip resistance
to total pile capacity was nearly 30 % for the Aoki-Veloso
method and 60 % for Vesic. This explains the large number
of piles with a priori capacity ranging from 2,500 to
3,000 kN, calculated using the Vesic model for piles installed through the transition depth where soil profiles
move abruptly from the sedimentary to the residual layer.

Figure 6 - Histograms for the natural normal distribution curve of
SRD (soil resistance to driving): (a) Aoki-Velloso method and (b)
Vesic method.
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6. Likelihood Function Distribution
The likelihood function is the one that includes onsite results, a sample of the “state of nature”, as reported by
Kay (1976). The “state of nature” for the present case was
obtained from the registers documented during driving for
the entire dataset: the average pile set and rebound for the
final ten blows. The average pile set was introduced in the
Danish formula (Sorensen & Hansen, 1957) and the pile rebound in the Chellis-Aoki formula (Chellis, 1951; Aoki,
1989) for deterministic calculation of the pile capacity at
the end of driving.
6.1. The Danish formula
The Danish formula (Sorensen & Hansen, 1957) is
still widely used in Brazil for predicting pile capacity of
steel piles. The accuracy of the Danish formula has been
checked at several sites, as reported by Olson & Flaate
(1967). Danziger & Ferreira (2000) used the formula to
compare results to more accurate applications of wave
equation programs and found good agreement. The formula
is described by the following equations:
Ru =
Se =

h × WH × H
S + 0.5 S e
2h × WH × H × L
A× E

(11)

(12)

tained by reducing the part attributable to the soil from the
total measured rebound K. The Chellis-Aoki rebound formula is calculated as follows:
Ru =

C 2 × A× E
a×L

C 2 = K -C 3

(13)
(14)

where Ru is the pile mobilized capacity, C2 is the elastic
shortening of the pile shaft, C3 is the soil rebound for which
Aoki (1989) suggests a value of 2 or 3 mm or a value close
to the pile set, A is the pile section area, E is the modulus of
elasticity of the pile material, L is the pile length and a depends on the pile transfer between toe and friction resistance. If only the pile tip resists the load, the a value is 1,
whereas if the tip resistance is zero, a is 0.5. For typical
cases, in which part of the pile capacity is due to the tip and
part comes from friction resistance, Aoki (1989) suggests
a = 0.7 as an approximate value. As the pile capacity had
already been predicted, the authors made use of the range of
a estimated from the a priori pile capacity calculations.
The first 8-12 m of the soil profile is formed by soft clay, so
almost 90 % of the bearing capacity is mobilized in the last
few meters. Therefore, a does not vary significantly
(m = 0.9, COV = 0.025) and no bias is expected due to correlation between a priori and likelihood functions.
Figure 7a presents the histograms associated with the
likelihood function obtained from the Danish formula and

where Ru is the ultimate dynamic pile capacity, h is the driving hammer efficiency, WH is the hammer weight, H is the
hammer drop, S is the pile set per hammer blow, Se is the
elastic pile rebound per hammer blow, L is the pile length, A
is the pile end area and E is the modulus of elasticity of the
pile material (Olson & Flaate, 1967).
All the data necessary for the application is known
from the dataset, except the system efficiency. A common
value used for the efficiency is 0.7. However, as 9 dynamic
loading tests were available in the present case study, the
measured efficiency from the dynamic tests was used instead. The average measured efficiency was 75 % with a
standard deviation of 21 %. Thus, for each pile in the
dataset, the capacity mobilized during pile driving was calculated with the Danish formula using the mean (75 %),
mean minus the standard deviation (54 %) and mean plus
the standard deviation (96 %) of hammer efficiency and
those values were included in the dataset forming the first
likelihood function.
6.2. Chellis-Aoki rebound formula
The second formula used is based on pile rebound at
final penetration. The use of pile rebound was initially proposed by Chellis (1951) and later modified by Aoki (1989).
The formula uses the direct relationship between the pile
capacity mobilized during driving and the elastic shortening of the pile. The elastic shortening of the pile can be ob-
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Figure 7 - Histograms for the likelihood function distributions of
pile capacity Ru: (a) Danish and (b) Chellis-Aoki.
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Fig. 7b for that related to Chellis-Aoki formula. Figure 7
also illustrates that the expected value of mobilized pile capacity from the statistical distribution of both selected likelihood functions was very close, as well as the COV. In
fact, both results came from the same dataset, from different registers but from the same site, thus consisting of the
same “state of nature”.
Figure 8 compares the pile capacity estimated with
the two selected likelihood functions. In spite of the scatter,
which is reasonable due to uncertainty in the hammer efficiency, elastic rebound of the soil and actual drop height,
most of the results concentrate close to the 45° line between
±30 %.

7. The A Posteriori Distribution
Equations 1 and 2 were used to update the SRD value
for each pile estimated a priori by using both likelihood
functions, resulting in the a posteriori SRD estimates. For
each pile, the mean values in Eqs. 1 and 2 were obtained as
the specific a priori prediction and estimates from the dynamic formulas. The variance values were derived from the
statistical distribution of the whole dataset, containing all
analyzed piles and the uncertainties involved. Every pile
has its own updated estimates and the set of all pile forms
the a posteriori distribution.
Figures 9a and 9b present the histograms associated
with the a posteriori distribution obtained from the AokiVelloso method updated with the Danish and Chellis-Aoki
formulas respectively, and Figs. 10a and 10b represent a
posteriori distribution histograms obtained from the Vesic
method updated with the Danish and Chellis-Aoki formulas respectively. The a posteriori pile capacity always has a
value between that obtained a priori and the one corresponding to the likelihood function, moving closer to the
distribution of lower variance. The coefficient of variation
of the a posteriori distribution is always lower than that of
the other distributions since the a posteriori distribution includes information from both a priori and likelihood function, reducing the uncertainty of the estimate.

Figure 8 - Expected values of the likelihood function of pile capacity Ru for the two dynamic formulas.
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Figure 9 - Histograms for the a posteriori distributions for the
Aoki-Velloso Method of SRD: (a) updated with Danish formula
and (b) updated with Chellis-Aoki formula.

Figure 10 - Histograms for the a posteriori distributions for the
Vesic Method of SRD: (a) updated with Danish formula and (b)
updated with Chellis-Aoki formula.
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Figure 11 summarizes the updating procedure for
both pile capacity methods (Aoki & Velloso and Vesic).
Figure 11a shows the expected values a posteriori updated

using the Danish formula as the likelihood function,
whereas in Fig. 11b the Chellis-Aoki formula was applied.
Unlike the a priori estimates, where the Vesic method resulted in capacities 37 % higher than those from AokiVelloso, for the a posteriori estimates this difference is
very low, 7.9 %, when updated with Chellis-Aoki, and
10 % when updated with the Danish formula. After the updates, the uncertainties evidenced in the a priori comparisons were not observed. The update greatly reduced the
uncertainty between the different calculation methods, reducing the uncertainty to a significantly lower level.

8. Load Test Results

Figure 11 - A posteriori expected value of SRD (soil resistance to
driving) using both calculation models (Aoki-Velloso, and Vesic), updated with (a) Danish formula and (b) Chellis-Aoki formula.

The pile load test results are summarized in Tables 3
and 4. Table 3 includes the results from nine dynamic tests
and Table 4 the results of two slow maintained static load
tests. Pile 148 suffered structural damage during the dynamic test and its results were not included in the following
analysis. The conventional pile capacity from the static
load tests was obtained through extrapolation according to
Van der Veen (1953), a common method used in Brazil
when physical failure is not reached during the load test.
The load settlement curve of pile E-106 presented a nearly
linear behavior up to the maximum testing load. That is the
reason why the authors did not use the extrapolated capacity for this pile, consistent with Van der Veen (1953).
The a priori and a posteriori estimates of pile capacity are now compared to the load tests (8 dynamic and 1
static), as presented in Table 5 and Fig. 12. The mobilized
pile resistance in the dynamic test was interpreted with
CAPWAP, as presented by Rausche et al. (1972). In
Fig. 12a the a priori pile capacity estimated using the
Aoki-Velloso method is represented in the vertical axis,
with the statistical distribution indicated by its statistical
range and the expected value by the middle point. Figures
12b and 12c compare the a posteriori expected values updated with the Chellis-Aoki and Danish dynamic formulas,

Table 3 - Dynamic test results.
Pile

Embedded length
(m)

Final set
(mm/10 blows)

Transferred energy
(kJ)

Tip resistance
(%)

CAPWAP capacity
(kN)

113
114

17.4

5

38.2

21.0

2,850

16.4

10

46.3

27.4

2,790

115

16.4

5

43.0

26.7

2,770

116

16.1

5

38.7

28.8

2,950

148*

17.4

20

23.1

7.4

1,450

156

17.9

10

22.6

15.4

2,530

240

18.8

1

29.8

16.9

2,400

260

17.6

1

28.8

14.0

2,320

265

17.7

9

25.6

8.8

2,310

Note: * Pile was damaged during the tests.
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Table 4 - Static tests results.
Pile

Embedded length
(m)

Maximum testing
load (kN)

Maximum testing
displacement (mm)

Permanent
displacement (mm)

Van der Veen extrapolated capacity (kN)

172

16.9

1,400

14.87

1.25

2,160

106

15.7

1,000

8.09

1.91

*

Note: * No Van der Veen extrapolated capacity was considered for pile 106.

respectively. Similar results are found when the estimated a
priori values are calculated using the Vesic method. Fig-

ures 12b and 12c illustrate the decrease in uncertainty,
clearly observed by the relative reduction of the statistical
range for each tested pile. The comparison of Fig. 12a with
Figs. 12b and 12c demonstrates that the update with both
the Danish and the Chellis-Aoki formulas were quite efficient in estimating the expected pile capacity within a narrow range and approximating the expected value to the
results of the pile load tests. With the exception of pile
E-106, all the other tests presented in Figs. 12b and 12c indicated measured pile capacities higher than the updated.
Since the tests were performed with an interval of at least
190 days after the end of driving, the higher pile capacity
can be attributed both to a higher hammer energy during the
tests, compared to the final driving, and also to an increase
in soil resistance over time due to pore pressure dissipation.
The extent of the pile capacity increase, due to both higher
energy (which can cause a higher mobilized resistance) and
an increase in soil resistance over time was nearly 30 % and
19 % for the Aoki & Velloso and Vesic methods, respectively.

Table 5 - Statistical distributions of the database.
Method

Qrupt expected
value (kN)

Standard
deviation
(kN)

COV

AV

1,665

448

0.27

Vesic

2,262

701

0.31

Calculations

1

Dynamic Formulas

1

Chellis-Aoki

1,909

318

0.17

Danish

2,072

371

0.18

1,830

210

0.11

1,974

254

0.13

AV

1,922

223

0.12

Vesic

2,136

257

0.12

2,615

239

0.09

Updated by
Chellis-Aoki1
AV
Vesic
Updated by Danish

Figure 12 - Comparisons between estimates of SRD (soil resistance to driving) using Aoki-Velloso method and load pile tests:
(a) a priori estimate (b) a posteriori estimate updated with Chellis-Aoki formula and (c) a posteriori estimate updated with Danish formula.
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1

Dynamic Load Tests

2

CAPWAP
1

2

Note: 645 piles; 8 piles.
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The decrease in uncertainty due to Bayesian updating
can be interpreted in terms of the coefficient of variation
(COV). Table 5 shows the variability ranges for each method including the expected value (mean), variance and
COV with respect to all 645 piles and 8 dynamic load tests.
There is a very significant decrease in the variability of the
expected capacities due to updating. The a priori pile capacity estimated using the Aoki & Velloso and Vesic methods presented COV of 0.27 and 0.31, respectively. The
likelihood functions (dynamic formulas) presented lower
uncertainties as they made use of the sample from the “state
of nature". Such “state of nature" uncertainty produced
COV of 0.18 and 0.17 for the Danish and Chelli-Aoki formulas, respectively. After Bayesian updating, COV fell to
0.12 and 0.11 for the Aoki & Velloso method updated with
Danish and Chellis-Aoki likelihood functions, respectively. For the Vesic method, COV fell to 0.12 and 0.13 using
the Danish and Chellis-Aoki likelihood functions, respectively. The COV of the dynamic load tests, 0.09, was very
close to that for the a posteriori estimates. Therefore, the
Bayesian update was quite effective in improving the reli-

ability of the estimated pile capacity, reducing the uncertainty to a range very close to that obtained with dynamic
tests.
Figure 13 summarizes the Bayesian procedure applied in this paper using the Aoki & Velloso method. Similar results were obtained for the Vesic method. Figure 13a
shows the three statistical normal curves for the a priori
(Aoki & Velloso method), likelihood (Danish formula) and
a posteriori (Aoki & Velloso updated by Danish) distributions. Figure 13b presents the Aoki & Velloso a priori distribution using the Chellis-Aoki formula for the likelihood
and a posteriori distributions. The flattened shape of the a
priori distribution is attributed to its high variance due to
uncertainties involving the limitation of the calculation
methods, spatial variability and limitations of the SPT tests.
Both likelihood functions are narrower due to the lower
variance and consequently lower uncertainty. The a posterori distributions are even narrower reflecting lower variance, and therefore even lower uncertainty. As expected,
the mean a posteriori pile resistance is between the mean
values for the a priori and likelihood distributions, being

Figure 13 - Comparison between a priori, likelihood and a posteriori normal distributions of SRD (soil resistance to driving) for the
Aoki-Velloso method: (a) with respect to Danish likelihood distribution and (b) with respect to Chellis-Aoki likelihood distribution.
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closer to the likelihood mean value due to its lower variance. Figure 13 is a real representation of Fig. 1 and shows
the proper functioning of the procedure applied in this paper.

9. Conclusions
This paper presents the application of the Bayesian
updating procedure to a comprehensive steel piling dataset
in a sedimentary soil profile in Rio de Janeiro, Brazil.
Two methods for estimating the a priori pile capacity
were used, as well as two likelihood functions, for updating
the soil resistance mobilized by the piling at the end of driving. The updating procedure was able to practically eliminate significant model uncertainties of the a priori
predictions.
Although different, the Chellis-Aoki and Danish likelihood functions revealed very close statistical distribution
and were both efficient in reproducing a sampling from the
“state of nature.” The functions also demonstrated their efficiency in obtaining an improved a posteriori estimate of
pile capacity including a much lower uncertainty range.
The pile capacity a posteriori always had a value between that obtained a priori and the one corresponding to
the likelihood function, thus closer to the distribution of
lower variance. The coefficient of variation of the a posteriori distribution was always lower than that of the other distributions, since the a posteriori distribution includes
information from both (a priori and “likelihood function”),
reducing the uncertainty of the estimate.
The updated estimates were then compared to the results of dynamic and static load tests. The comparisons indicated measured pile capacity nearly 30 % and 19 %
higher than the updated for the Aoki-Velloso and Vesic
methods, respectively. The higher values measured may be
attributed to set up effects and a higher energy adopted in
the tests compared to final driving.
The Bayesian updating technique can be applied to a
single pile, a group of piles, as in the present paper, as well
as to a combination of estimated pile capacity and static or
dynamic load tests. The practical application to different
pile types, sites and various soil formations can produce relevant statistical information concerning the accuracy of different geotechnical calculation methods. Focus on continuous application can contribute significantly to a more
rational design and better quality control systems, with resulting improvement to piling safety.
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Shear Creep Properties of Weak Interlayer in Slope Based on
Stationary Parameter Fractional Derivative Burgers Model
W.B. Ma, Z.G. Zhao, P. Li, Q. Liu, C.Q. Yang, J. Li, W.B. Luo
Abstract. Based on special engineering geological conditions of a cut-slope area at Heitanping hilly-pass along Yongzhou
- Jishou highway, shear creep properties of weak interlayer in this slope (about 30 m deep) have been studied by shear creep
test to obtain shear creep curves. Shear creep constitutive model can be obtained by stationary parameter fractional
derivative Burgers model, and long-term shear strength of the weak interlayer can be determined after the analysis of the
shear creep curves. The research results show that the shear creep curves under different shear stresses have the same
change tendency, which can be divided into three stages: instantaneous elastic stage, primary creep stage, and stationary
creep stage, where both the instantaneous elastic deformation and primary creep time are increasing with the shear stress.
On the basis of the shear creep constitutive equation, stress-strain isochrones of the soil have been constructed to identify
the relationship between shear modulus G and time t. After the combination of deformation of the short-term shear strength
and the G-t relationship, long-term shear strengths in different lengths of time have been obtained, which results in
difference from the short-term shear strength. So the long-term shear strength should draw much attention to provide
important theoretical references for the slope safety assessment.
Keywords: creep soil, direct shear creep test, fractional derivative Burgers model, long-term shear strength, non-attenuation,
weak interlayer.

1. Introduction

der long-term stress has a creep feature, shear creep properties of the weak interlayer must be studied in detail.

With the rapid development of Chinese economy,
highway network is becoming increasingly important (Li et
al., 2016; Roy & Sarkar, 2016). Because of the complex
terrain in China, the highway usually goes through the
mountains, and the landslide is the most common and dangerous geological hazard in the highway construction (Ilori
et al., 2010; China Geological Environmental Monitoring
Institute 2014; Tiwari et al., 2015). Once the landslide happens, the investment and time of the construction will be
increased, and finally, it causes buildings collapse and casualties (Hasegawa et al., 2009; Rackwitz et al., 2013). Difficulties of slope treatments are varied in different geological conditions, and the treatment of slope with weak
interlayer will be the most difficult part. The slope will
slide along the weak interlayer, and the most important factor of the landslide is the mechanical properties of the weak
interlayer. So the mechanical properties of the weak interlayer must be studied in detail. Since shear failure of the
weak structural plane in slope is the major factor in slope
instability of massive engineering projects, and the soil un-

At present, a series of studies have been carried out on
the shear creep properties of the weak interlayer in slope.
Wang et al. (2007) analyzed the creep properties of the
weak interlayer in Jurassic red clastic rocks in Wanzhou
based on creep tests and Singh-Mitchell model. Based on
the study of shear creep properties of soils in different regions, Jeong et al. (2009) determined the relationship between the power-law index and shear strain rate. Xu et al.
(2010) built the power function model of the shear stiffness-shear stress by the in-situ shear test study of the weak
interlayer in slope. Yang & Cheng (2011) studied the shear
creep properties of shale by the direct shear creep test with
the combination of a non-linear visco-elastic shear creep
model. Le et al. (2012) studied the mechanism of soil creep
deformation and recommended an enhanced explanation
for the creep compression mechanisms of clays. Ma et al.
(2014) carried out a detailed study on the shear creep properties of the simulative deep-sea sediment, and the shear
creep constitutive equation was obtained by fitting the test
data with Burgers model. The constitutive equations of soil
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were generally studied by conventional methods or models.
However, there were fewer assessments of the practical
project combining the fractional derivative constitutive
model and the long-term shear strength.
The fractional derivative constitutive model has recently become a hotspot in geotechnical constitutive model
research. Based on the results of creep test, performed on
the marble in the Jinping II hydropower station in China,
Chen et al. (2014) proposed a time-dependent damage constitutive model by fractional calculus theory and damage
variables to describe these time-dependent damage characteristics. Based on the experimental study of the surrounding rock of the deep and long tunnels at Jinping II hydropower station, He et al. (2016) found that the
non-stationary parameter fractional derivative constitutive
model can reflect the whole creep process very well. Lai et
al. (2016) summarized the investigation progresses and applications of the fractional derivative model in geotechnical
engineering and indicated that the fractional derivative
model is one of the most effective and accurate approaches
to describe the rheology phenomenon.
Due to the design service life of slopes in highway engineering being usually more than 50 years, the stability
analysis of the slope should be based on the long-term shear
strength of soil. Cheng et al. (2009) obtained the long-term
shear strength of the weak interlayer collected from two
typical redbed soft rock slopes. Zhou et al. (2012) analyzed
the major mode of the soil erosion in karst areas by combining the long-term shear strength of brown clay, which had
been obtained by the long-term creep properties study of
the brown clay. Yang et al. (2013) studied the shear creep
properties of attenuation creep soil by the direct shear creep
test, and proposed the long-term shear strength of the attenuation creep soil to assess the long-term stability of the
northern slope of an open-pit mine in Fushun City, Liaoning Province, China. Zhu & Yu (2014) studied attenuation
creep soil by creep test, and the long-term shear strength of
the attenuation creep soil was deduced by the creep curves

and isochronous curve method. Most researches focused on
attenuation creep soil, while there are many non-attenuation creep soils in the practical project (e.g., this weak
interlayer), which need the assessments of the long-term
stability too.
Based on special engineering geological conditions
of a cut-slope area at Heitanping hilly-pass along Yongzhou-Jishou highway, it was found that there was an obvious weak interlayer in this slope (depth about 27.8-31.2 m,
Fig. 1), and the landslide occurred easily along the weak
interlayer. The creep curves of the weak interlayer under
constant compressive stress (determined by the soil overburden pressure) and different shear stresses were obtained
by using the direct-shear creep apparatus to study the shear
creep properties of the weak interlayer. Then, shear creep
constitutive equation and long-term shear strength can be
obtained, which provides the theoretical basis for the safe
treatment of the slope in this area.

2. Soil Samples Preparation and Test
Arrangement
2.1. Soil samples preparation
The soil samples were taken from the weak interlayer
of a cut-slope area at Heitanping hilly-pass along Yongzhou - Jishou highway (depth about 27.8-31.2 m, Fig. 1).
The borehole, 36.5 m deep, was above the water line. All
the soil samples were listed in Table 1. The rock mass is
better at a depth of 11.5-17.6 m, and the Rock Quality Designation (RQD) is more than 80 %; the rock stratum in the
depth of 17.6-27.8 m was broken, and the RQD was almost
zero; the rock stratum in the depth of 27.8-31.2 m was poor
with strongly weathered sandy mudstone soil, which was
supposed as sliding zone in the middle layer (Fig. 1); the
rock stratum in the depth of 31.2-32 m was better than the
one in the depth of 27.8-31.2 m, with strongly-weathered
rock. So it could be considered that the rock stratum in the
depth of 27.8-31.2 m was the weak interlayer, with about

Table 1 - Soil samples (hole depth 36.5 m, no water level).
Depth of soil layer (m)
Silty-clay slate

Description of lithology
0.0-7.8

The main component is silty clay, which contains fully weathered slate.

7.8-11.5

It is mainly composed of strongly weathered soil, which is supposed as sliding zone in
shallow layer.

11.5-17.6

The core exhibits short column rocks, and the RQD is locally greater than 80 %.

17.6-27.8

The rock mass is broken, and the RQD is almost zero.

Strongly weathered sandy
mudstone soil (the weak
interlayer)

27.8-31.2

This layer is mainly composed of strongly weathered sandy-mudstone soil, which is
supposed as sliding zone in the middle layer, and the test samples for this study were
taken from this layer.

Medium weathered slate

31.2-32.0

The stratum is mainly broken rock and has palimpsest texture and slaty structure.

32.0-36.5

It is mainly composed of medium weathered slate with palimpsest texture, and slaty
structure, where the size of broken rocks is 2-7 cm.

Strongly weathered slate
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Figure 1 - The slope of Heitanping hilly-pass and the borehole soil samples. (a) The slope of Heitanping hilly-pass. (b) Borehole soil
samples (depth of 27.8-31.2 m). (c) The section of the slope.

11.45 % water content homogeneous soil. The samples of
the weak interlayer could be prepared by 20 mm-high ring
knife, and a total of 5 ring samples were taken, 4 of which
were used to determine the shear strength parameters c, j,
one for the shear creep test, keeping in humidistat to prevent dryness.
2.2. Test arrangement
Based on Table 1, the overburden pressure s of the
weak interlayer was calculated as 785 kPa, which can be
exerted to the soil samples as vertical pressure by weights.
The cohesion c = 5 kPa and internal friction angle
j = 10.30° of the soil samples can be obtained by conven-

Soils and Rocks, São Paulo, 42(3): 337-348, September-December, 2019.

tional slow direct shear test (The Construction Department
of the People’s Republic of China 1999). And the shortterm shear strength tf of the soil samples under the overburden pressure s (785 kPa) was 148 kPa.
As shown in Fig. 2, the direct shear creep apparatus
was refitted by conventional direct shear apparatus. The undisturbed soil samples were consolidated under the vertical
pressure p (i.e., the overburden pressure s) until the vertical
dial indicator had stable data. The horizontal shear stress
(ti = tf/n) was applied with step loads (load levels n = 4) as
t1 (40 kPa), t2 (80 kPa), t3 (120 kPa), t4 (143 kPa, where the
soil sample was damaged at this load level). Each level of
the load was sustained 12 d, and finally, the soil sample was
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Figure 2 - Direct shear creep apparatus. (a) Direct shear creep apparatus. (b) Partial enlarged detail.

destructed under the shear stress t4 (Fig. 3). The moisturizing treatment should be done around the shear box during
the test to prevent soil water from evaporating.

3. Analysis of Test Results
Fig. 3 shows the direct shear creep curves of the weak
interlayer under constant compressive stress (the overburden pressure) and step shear stresses, which can be converted into the shear creep curves under separate loading by
Tan Tjongkie theory (Zhu & Yu, 2014; Wang et al., 2015;
Zhu & Yu, 2015) (Fig. 4). It can be seen that all of the shear
creep curves can be divided into three stages: instantaneous
elastic stage, primary creep stage, and stationary creep
stage.

Under the constant shear stress, the shear instantaneous elastic stage occurs. The instantaneous elastic displacement increases with the increase of shear stress macroscopically, where the relative displacements of internal
soil particles increase with the increase of shear stress microscopically.
The primary creep stage is relatively short (about
10 h), and enters into the stationary creep stage soon. As
time increases, the weakness of soil will irregularly deform
to fail (called softening effect), which results in relative displacements and rearranges tight connecting of the clay particles (called hardening effect). The hardening effect
process increases with time until it reaches the dynamic
equilibrium with the softening effect. Since the soil has
high plasticity, which needs a relatively short time to reach
the maximum hardening effect, besides, it shows that the
primary creep stage of soil is very short, and transfers into
the stationary creep stage soon.
In the stationary creep stage, the shear creep curves of
the soil sample show constant creep rates, and the creep deformation rates (0.847293-0.894393 ´ 10-6/s) are lower
than the average value of 0.885793 ´ 10-6/s. It is shown that
the rate of the hardening effect is smaller than the rate of the
softening effect when the soil samples are subjected to the
shear stress, which makes the soil creep keep constant.

4. Creep Model and Creep Parameter
4.1. Creep model

Figure 3 - Shear creep curves under step loading.

The stress of the spring is proportional to the strain,
the stress of the dashpot is proportional to the strain rate,
which constitute the mechanical model of elastomer and
Newtonian fluid, respectively. If they are combined, visco-

-2
Table 2 - Stable creep rate (unit: /s ´ 10 ).

Load level

dg/dt (t1 = 40 kPa)

dg/dt (t2 = 80 kPa)

dg/dt (t3 = 120 kPa)

Average

Creep rate

2.353592

2.484425

2.436647

2.460536
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Figure 4 - Shear creep curves under separate loading. (a) Shear creep curves under separate loading (t (kPa): 1-40; 2-80; 3-120). (b) Partial enlarged detail of No. 2 creep curve.

elastic characteristics of some complex fluids can be described, such as Maxwell model (Fig. 5 (a)) can be obtained
by connecting spring and dashpot in series, and Kelvin
model (Fig. 5 (b)) can be obtained by connecting spring and
dashpot in parallel (Kang et al., 2015).
The creep constitutive equation of the Maxwell model is as follows:
e(t) =

s0
s
×t + 0
E
b

(1)

where s0 is constant stress. E is an elastic constant and b is a
viscosity coefficient.
The creep curve of Maxwell model is a straight line.
After the constant stress s0 is applied, the instantaneous
elastic strain sE0 is produced, and then the deformation occurs at a constant rate

s0
b

e(t) =

s0
E

Et
æ
ç1 - e b
ç
è

ö
÷
÷
ø

(2)

the strain increases with time. When t ® ¥, e ® sE0 , such as
an elastic solid (Lewandowski & Chorazyczewski, 2010),
because it has no instantaneous elasticity, it cannot be used
to describe the creep constitution of the soil sample studied
in this paper.
The K-H model is composed of an elastomer and a
Kelvin model in series (Fig. 6). Its creep equation is as follows:
s
s
e(t) = 0 + 0
E1 E 2

E t
- 2
æ
ç1 - e b
ç
è

ö
÷
÷
ø

(3)

The K-H model describes solids with instantaneous
elasticity and delayed elasticity (Xiong et al., 2015). K-H

, that is to say, under a certain

stress, the material can gradually produce infinite deformation, which is the characteristic of fluid (Lewandowski &
Chorazyczewski, 2010). Therefore, Maxwell model is not
suitable for the model that needs to be established in this paper.
The creep equation of Kelvin model is as follows:

Figure 6 - K-H rheological model.

Figure 5 - (a) Maxwell model and (b) Kelvin model.
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creep model was used to fit the creep curve of this paper by
means of OriginPro software. The fitting curve is shown in
2
Fig. 7 (a). The fitting accuracy R of the separate loading is
0.9678, 0.9825 and 0.9891, respectively.
The Burgers model is made up of Kelvin model and
Maxwell model in series (Fig. 8), which also reflects the
softening and hardening characteristics of rheological materials. From this viewpoint, it is reasonable to characterize
the creep characteristics of soil samples in this paper than
other models (Xiong et al., 2015). The creep equation of
Burgers model is as follows:
E t
é1
- 2
1 æç
t
1 - e b2
e(t) = s 0 ê
+ +
êë E1 b1 E 2 çè

öù
÷ú
÷ú
øû

(4)

The Burgers creep model was used to fit the experimental curve with the help of OriginPro software. The fit2
ting curve is shown in Fig. 7 (b). The fitting accuracy R of
the hierarchical loading is 0.9704, 0.9875 and 0.9883, respectively.
In recent years, some scholars have used fractional
derivative creep model to describe the creep characteristics
of rock and soil, which have a good fitting effect on nonlinear creep curve (Zhou et al., 2012). The constitutive equations with fractional derivative have been proved to be a
valuable tool to handle viscoelastic properties (Khan et al.,
2009; Lai et al., 2016; Heymans & Bauwens, 1994).
In order to describe the creep curve more accurately,
the non-stationary parameter fractional derivative Burgers
model and stationary parameter fractional derivative Burgers model (fractional order a = 1/8, 2/8, 3/8, 4/8, 5/8, 6/8,
7/8) were selected respectively to fit the creep curves of the
weak interlayer for parameter identification (Podlubny,
1999).

Replacing the traditional Newton dashpot with Abel
dashpot was the essence of the fractional derivative constitutive model (Darabi et al., 2011). And the definition of
Abel kernel Ia (t) was expressed as
1
ì
,t >0
ï
I a = í G(1 - g)t a
ïî 0,
t £ 0, 0 £ a £ 1

(5)

where G(z) is the Gamma function.
The fractional derivative can reflect the memory effect of viscoelasticity because it is actually the Volterra integral of Abel kernel function (Koeller, 1984; Darabi et al.,
2011). Thus, the fractional derivative constitutive model
can describe the time effect of the viscoelastic material very
well. And the constitutive relationship of the Abel dashpot
is expressed as
s(t) = h a D a [ e(t)] = h a I a de

(6)

where h is the viscosity parameter of the Abel dashpot. It is
an ideal solid when a = 0, and it is an ideal fluid when a = 1.
Da is the Riemann-Liouville fractional derivative operator,
which is expressed as
a

D a [ f (t)] =

1
d
G(1 - a) dt

t

ò
0

f (t - x)
dx, (1 £ a £ 1) (7)
xa

Fractal phenomena are prevalent in many subjects. A
number of studies (Orczykowska et al., 2015; Cajic et al.,

Figure 8 - Burgers rheological model.

Figure 7 - Creep curve fitting results of K-H model and Burgers model (t (kPa): 1-40; 2-80; 3-120; the solid-line curves are the fitting
curves). (a) K-H model fitting curve (b) Burgers model fitting curve.
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2017; Podlubny, 1999) have shown that the self-similarity
spring-dashpot fractance can be used to describe fractional
element (i.e., Abel dashpot). The fractal network system
composed of springs and dashpots, combined with fractal
theory, determine the order of fractional order in creep constitutive equation. By means of Heaviside operator, the
constitutive relationship of the spring-dashpot fractance
(Fig. 5) can be deduced as follows (Podlubny, 1999).
The constitutive relation of the spring-dashpot fractance (Fig. 9) is expressed as
t = GTg

(8)

where T is the operator to be solved. The Eq. (8) can be used
to describe both spring in a special case of T = 1, and the
Newtonian dashpot in a special case of T = (h/G)D (where
h is the viscosity coefficient of the dashpot, D = dtd is the
first time derivative). Due to the series rule, the total stress
is the same as that of the series components, while the total
strain is the sum of the strain of all components. The total
strain of the fractance shown in Fig. 9 can be expressed as
g = g1 +

t1
t
= g 2 + D -1 2
G
h

(9)

Combining Eq. (8), the Eq. (9) can be further rewritten into
æ
GT ö
g = (1 + T ) g 1 = ç1 + D -1
÷g 2
h ø
è

(10)

Due to the parallel rule, the total strain is the same as
that of the parallel components, while the total stress is the
sum of the stress of all components. The total stress of the
fractance can be expressed as
t = GTg = t1 + t 2 = GT ( g 1 + g 2 )

(11)

Combing Eq. (10) and Eq. (11), we get
æ
ç
1
1
Tç
+
ç1 + T
TGD -1
1+
ç
h
è

ö
÷
÷g = Tg
÷
÷
ø

(12)

This indicates that the operator T needs to satisfy:
1
+
1+ T

1
=1
TGD -1
1+
h

According to the Heaviside calculus, the operator D
can be used as a parameter. The constitutive operator of the
spring-dashpot fractance T can be expressed as
T = l1 / 2 D1 / 2
where l = h/G, and D

t = G ( l) 1 / 2

1

2

= dtd 1 / 2 is 1/2 derivative of time.
1 /2

d 1 /2 g
dt 1 / 2

(15)

Equation (15) is the special case of the fractional derivative constitutive model as a = 1/2.
By defining the fractance shown in Fig. 9 as a new element, and then replacing the dashpot of the fractance
shown in Fig. 9 with the new element, a double fractance
can be obtained. By the use of the computing method
above, the constitutive operator of the double fractance can
be expressed as
T = l1 / 4 D1 / 4

(16)

By defining the fractance shown in Fig. 9 as a new element, and then replacing the spring of the fractance shown
in Fig. 9 with the new element, the other double fractance
can be obtained. By the use of the computing method
above, the constitutive operator of the new double fractance
can be expressed as
T = l3 / 4 D 3 / 4

(17)

In general, the following equation can be proved
(Podlubny, 1999): by replacing the spring and the dashpot
of the fractance shown in Fig. 9 by the operators T1 = lapa
b b
and T2 = l p , the multiple fractance can be obtained. And
the constitutive operator of the multiple fractance can be
expressed as
a+b
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(14)

Then, the constitutive relation of the spring-dashpot
fractance shown in Fig. 5 can be expressed as

T =l 2 p

Figure 9 - Spring-dashpot fractance.

(13)

a+b
2

(18)

By replacing the dashpot in the Maxwell body of the
Burgers model with the spring-dashpot fractance, the fractional derivative Burgers model (Ma et al., 2014; Chen et
al., 2014; Zhao et al., 2016; Xue et al., 2016) can be obtained. As show in Fig. 10. The rheological constitutive
equation can be expressed as
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a

gers model: G1, G2, h1 , h2 and a. Four creep parameters
needed to be identified by fitting in the stationary parameter
a
fractional derivative Burgers model: G1, G2, h1 , and h2
(fractional order a = 1/8, 2/8, 3/8, 4/8, 5/8, 6/8, 7/8).
4.2. Creep parameter identification
Figure 10 - Fractional derivative Burgers rheological model.

t+

æ ha ha ö
hah2 1+ a
h2
Dt + ç 1 + 1 ÷D a t + 1
D t
÷
çG
G2
G1 G 2
è 1 G2 ø

(19)

a

= h a1 D a g +

h 1 h2
G2

D1 + a g

By Laplace transform, the creep constitutive equation
is expressed as
é1
ù
1
1
ta
g(t) = tê
+ a
+
(1 - e - t ( G 2 / h 2 ) ) ú (20)
ëG1 h1 G(1 + a) G 2
û
Five creep parameters need to be identified by fitting
in the non-stationary parameter fractional derivative Bur-

Fig. 11 and Table 3 show the fitting results, and the
correlation coefficient R2, which was obtained by fitting the
shear creep curves (Fig. 4) with Eq. 20. Accordingly, the
three models could well describe the creep properties of the
weak interlayer with high fitting precision (R ³ 0.9077);
while the correlation coefficient of the non-stationary parameter fractional derivative Burgers model was lower, the
stationary parameter fractional derivative Burgers model
had a high correlation coefficient. And the correlation coefficient was the highest when the fractional order a = 1/8. So
the fractional derivative Burgers model could describe the
creep properties of the weak interlayer better when the fractional order a = 1/8.
Table 4 showed the creep parameters of the soil under
different shear stresses, which were obtained by fitting
tested shear creep curves with the stationary parameter

Figure 11 - Fitting shear creep curves of soil by different creep models (t (kPa): 1-40; 2-80; 3-120; the solid-line curves are the fitting
curves). (a) Non-stationary parameter fractional derivative Burgers model. (b) Stationary parameter fractional derivative Burgers model
(a = 1/8).
Table 3 - Correlation coefficient R2 of the creep models.
Shear stress
t (kPa)

2

Correlation coefficient R of the fractional derivative Burgers model
Non-stationary a

a = 1/8

a = 2/8

a = 3/8

a = 4/8

a = 5/8

a = 6/8

a = 7/8

40

0.9077

0.9871

0.9864

0.9865

0.9865

0.9867

0.9865

0.9866

80

0.9436

0.9894

0.9891

0.9892

0.9893

0.9893

0.9894

0.9894

120

0.9672

0.9961

0.9956

0.9955

0.9955

0.9954

0.9954

0.9954

Average

0.9395

0.9909

0.9904

0.9904

0.9904

0.9905

0.9904

0.9905
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Table 4 - Creep parameters (stationary parameter fractional derivative Burgers model, a = 1/8).
Shear stress t(kPa)

G1(kPa)

h1a(kPa.h)

G2(kPa)

40

2.3384 ´ 10

3

1.9555 ´ 10

80

3.1576 ´ 103

120
Average

h2(kPa.h)

4.5832 ´ 10

3

6.4165 ´ 10

3

2.1387 ´ 10

4.8812 ´ 10

3

6.4173 ´ 10

3

2.8803 ´ 103

1.9545 ´ 10

4.7351 ´ 10

3

6.8617 ´ 10

3

2.7921 ´ 103

2.0162 ´ 10

4.7332 ´ 10

3

6.5652 ´ 10

3

3

3

3

fractional derivative Burgers model (a = 1/8). Obviously,
these four creep parameters (G1, G2, h1a, h2) fluctuated
slightly with the increase of shear stress, which finally
tended to a constant value (i.e., material constant), indicating that their average values can be used for the shear creep
parameters of the weak interlayer in the slope.

5. Analyses of Long-term Shear Strength
The short-term shear strength can be obtained by a
conventional shear strength test, where the soil samples
were damaged in a very short time. And the short-term
shear strength can be used in the short-term stability analysis of slopes. But the resistance of rock and soil under
long-term load is different from that under short-term load.
The strength of rock and soil decreases with the increase of
load time. Therefore, the study of the long-term shear
strength of soil is very important to slope stability analysis.
In order to obtain the long-term shear strength of the
soil, it is needed to analyze the creep properties of the soil.
For attenuation creep soil, the shear strain keeps a constant
with the increase of time (Fig. 12) if the shear stress t is less
than the attenuation shear strength t¥ (Yang et al., 2013)
(i.e., t < t¥), while the shear strain develops continuously
with the increase of time until destruction if the shear stress
t is more than the attenuation shear strength t¥ (i.e., t > t¥),

Figure 12 - Isochronous curves of stress-strain (attenuation creep
soil).
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indicating that the long-term shear strength, i.e., the attenuation shear strength t¥, can be obtained on the basis of the
isochronous curve method (Guo et al., 2005; Xie et al.,
2014; Zhu & Yu, 2014; Gao et al., 2015; Simsiriwong et
al., 2015).
For non-attenuation creep soil, the shear strain develops continuously with the increase of time until creep destruction, i.e., there is no attenuation shear strength t¥ (Feng
et al., 2018; Ter-Martirosyan and Ter-Martirosyan, 2013).
The long-term shear strength of such soil cannot be obtained by the isochronous curve method, but there are so
many engineering projects that need to evaluate the longterm stability of such soil. In this paper, long-term shear
strengths of such soil under different periods (such as 10
years, 20 years, 50 years, 100 years, etc.) can be deduced on
the basis of the shear creep constitutive equation and the
short-term shear strain corresponding to the short-term
shear strength of the soil, which are deduced as follows.
Based on the shear creep constitutive equation above,
the isochronous curves of shear stress-shear strain of the
soil (Fig. 13) can be deduced for the curve between the
shear elastic modulus G and time t (Fig. 14), which is fitted
by the equation as follows.
G=

1
a + bt ( c -1 )

(16)

Figure 13 - The isochronous curves of shear stress-shear strain.
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Table 5 - The comparison of the long-term shear strength and the short-term shear strength.
Time t (year)

Short-term

10

20

30

40

50

60

70

80

90

100

G (MPa)

3.007

0.352

0.217

0.160

0.127

0.106

0.092

0.081

0.072

0.066

0.060

tc (kPa)

143.00

41.55

25.58

18.80

14.99

12.53

10.80

9.51

8.51

7.72

7.06

tc/tf (%)

100.0

29.1

17.9

13.1

10.5

8.8

7.6

6.7

6.0

5.4

5.0

Figure 14 - The curve of the shear elastic modulus G-time t.

And the fitted G-t equation is showed as follows.
G=

1
0.72354 + 0.00157 ´ t 0. 87826

(17)

The equation has a high fitting precision for the high
correlation coefficient R2 (R2 = 0.95564).
The shear strain gf0 = 0.047553 according to the
short-term shear strength under the transient loading can be
calculated on the basis of the shear elastic modulus
G0 = 3.0072 ´ 103 kPa and the short-term shear strength
tf = 148 kPa under the overburden pressure s = 785 kPa,
which is considered as the limit of the soil damage. Thus,
the long-term shear strength tc10 = 41.55 kPa of the soil at 10
years can be calculated by using the critical shear strain
gf = 0.117772 (the shear strain corresponding to the shortterm shear strength) and the shear elastic modulus
G = 0.35277 ´ 103 kPa when t = 3650 d. It shows that tc10 is
29.1 % of the short-term shear strength in Table 5 as well as
the other long-term shear strengths.

6. Conclusions
The shear creep properties of the weak interlayer in
the slope (at Heitanping hilly-pass along Yongzhou-Jishou
highway) were studied by direct shear creep apparatus,
which was the modified direct shear apparatus. The shear
creep constitutive equation of the soil was obtained by
comparing two different creep models for the long-term
shear strengths. In this study, the following conclusions can
be drawn:
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1) The shear creep properties of the weak interlayer are obtained by the modified direct shear creep apparatus.
All shear creep curves can be divided into three stages:
instantaneous elastic stage, primary creep stage, and
stationary creep stage. The primary creep stage is relatively short and increases with the increase of shear
stress.
2) The shear creep constitutive equation of the soil has been
obtained by the stationary parameter fractional derivative Burgers model (fractional order a = 1/8) which
has the best-fitted results of the shear creep curves of
the soil compared with non-stationary parameter fractional derivative Burgers model.
3) The relationship between shear elastic modulus G- time t
has been obtained by the isochronous shear stressshear strain curves on the basis of the shear creep constitutive equation above. It is found that the long-term
shear strengths, which are deduced by the G-t equation
and the shear strain according to the short-term shear
strength, decrease with the increase of time. Therefore, it is necessary to assess the weak interlayer by
use of the long-term shear strength at different time.
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Prediction of Load-Settlement Curves by the DMT
in an Unsaturated Tropical Soil Site
N.M. Silva, B.P. Rocha, H.L. Giacheti
Abstract. Several methods for prediction of the load-settlement curves of shallow foundations have been proposed based
on in-situ testing data. However, the good accuracy of such prediction depends on the definition of appropriate soil
stiffness. Seasonal variability and its influence on the soil behavior need to be considered for unsaturated tropical soils. In
this context, this study uses a procedure to determine the complete load-settlement curves of shallow foundations by the
flat dilatometer test (DMT) in an unsaturated tropical soil site, considering seasonal variability. The DMT and the plate
load tests carried out at the experimental research site of the University of São Paulo (São Carlos, Brazil) are presented and
discussed. It was found that the DMT is an adequate test for predicting soil stiffness, and the presented procedure allows a
good estimate of the complete load-settlement curves. It was also observed that seasonal variability should be considered in
the prediction of such curves for the studied site.
Keywords: flat dilatometer test (DMT), in-situ tests, load-settlement curve, seasonal variability, tropical soils.

1. Introduction
Several methods are available to predict the loadsettlement curve based on in-situ test data (Schmertmann,
1986; Mayne et al., 2000; Briaud, 2007). However, in most
cases, these methods consider that the deformability modulus is constant (Lehane & Fahey, 2004). Moreover, the accuracy of these curves’ prediction depends on the adequate
definition of soil stiffness for the deformation level imposed by the foundation element (Mayne, 2001, Shin &
Das, 2011).
The plate load test has been commonly used to represent the behavior of shallow foundations (Consoli et al.,
1998; Menegotto, 2004, Tang et al., 2018). The utilization
of plate load test results allows minimization of the effects
of the “scale” factor, soil sample disturbance, and selected
technique on the input information for a foundation design
(Reznik, 1993).
The flat dilatometer (DMT) has been shown to be an
accurate test technique for site characterization (Marchetti
et al., 2001; Marchetti & Monaco, 2018), compacted fill
analyses (Queiroz et al., 2012; Amoroso et al., 2015), laterally loaded pile analyses (Robertson et al., 1987; Marchetti
et al., 1991), as well as to predict foundation settlements
(Schmertmann, 1986; Monaco et al., 2006; Anderson et al.,
2007; Monaco et al., 2014). Very few studies evaluating the
applicability of such test for predicting the complete loadsettlement curves of shallow foundations in unsaturated
tropical soils have been found in the literature.

Soils formed in tropical weather regions are influenced by drying and wetting cycles, which lead to the formation of thick profiles of unsaturated soils. It is important
to consider seasonal variability in these soil sites caused by
soil suction, which is related to the water content through a
soil-water retention curve (SWRC). Therefore, the behavior of unsaturated soils cannot be considered without taking
into account soil suction (y) and the site variability (Giacheti et al., 2019).
This study presents the results of flat dilatometer and
plate load tests for prediction of the load-settlement curves
of shallow foundations in an unsaturated tropical sandy
soil. The DMT and plate load tests were carried out in different months of the year to better understand the influence
of seasonal variability on the load-settlement curve prediction in the studied site.

2. Flat Dilatometer Test (DMT)
2.1. Principles of test procedure and interpretation
Marchetti (1980) and Marchetti et al. (2001) describe
the flat dilatometer, which has a steel blade 14 mm thick,
94 mm wide and an expandable circular steel membrane
(60 mm diameter) mounted on one face. The blade is connected, by an electro-pneumatic tube, running through the
insertion rods, to a control unit on the surface. The authors
also describe the test procedure which starts by inserting
the dilatometer into the ground. By use of a control unit
with a pressure regulator, a gauge and an audio signal, the
operator determines the p0-pressure required to just begin to
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move the membrane and the p1-pressure required to move it
1.1 mm into the ground. The blade is then advanced into the
ground by one depth increment, typically 200 mm, using
common field equipment.
The DMT interpretation starts by first determining
three intermediate parameters (Marchetti, 1980; Marchetti
et al., 2001): the material index (ID), the horizontal stress index (KD) and the dilatometer modulus (ED), which are defined as:
Material index, I D =

p1 - p 0
p0 -u0

Horizontal stress index, K D =

(1)
p0 -u0
s¢v

Dilatometer modulus, E D = 34.7( p1 - p 0 )

(2)
(3)

where u0 is the pre-insertion in situ equilibrium pore pressure and s'v is the pre-insertion in situ vertical effective
stress.
A detailed description of the DMT equipment and test
procedure can be found in Marchetti (1980), Marchetti et
al. (2001) and Marchetti & Monaco (2018).
2.2. Prediction of shallow foundation settlements by the
DMT
Predicting the settlements of shallow foundations is
often considered the main application of the DMT
(Schmertmann, 1986; Monaco et al., 2006; Failmezger et
al., 2015). The accumulated experience suggests that the
constrained modulus (MDMT), which is determined according to Marchetti (1980), can be assumed as an adequate operative or the working strain modulus for most practical
purposes. This modulus is defined by Eq. 4:
M DMT = RM × E D

tests on shallow foundations and on rigid steel plates carried out all over the world in very different soils.
Dos Santos et al. (2019) integrated Décourt’s (1999)
approach for the representation of the normalized loadsettlement curve and Lehane & Fahey’s (2004) considerations about MDV, to predict a complete load-settlement
curve. This approach was tested and compared with plate
load tests carried out in a tropical sandy soil from an experimental research site in Bauru-SP, Brazil. Good agreement
between the load-settlement curve predicted by the DMT
and those determined by the plate load tests was found.
Figure 1 shows the representation of a typical curve,
defined according to the approach used (Dos Santos et al.,
2019), where q = applied stress; qapp = applied stress at
working condition; quc = load at conventional soil failure;
d = settlement; Beq = square root of the base width of the
foundation element.
The normalized load-settlement curve is represented
together with the data point where the conventional rupture
occurs. It is also possible to observe the representation of
the DMT working load condition (d/Beq = 1.8 %) in this
curve. Since the DMT membrane is 60 mm (B) in diameter
and expands 1.1 mm (d), a settlement ratio (d/B) equal to
1.8 % is mobilized during the test.

3. Study Site
The DMT and plate load tests were carried out at the
experimental research site of the University of São Paulo,
in São Carlos-SP (Brazil). In this site, the subsoil is a clayey
fine sand with two well-defined layers: Cenozoic Sediments with lateritic behavior (up to around 6.0 m depth)
overlaying the residual soil derived from Sandstone with
non-lateritic behavior. The groundwater level varies sea-

(4)

where MDMT = constrained modulus from DMT, RM = correction factor, a function of ID and KD.
Lehane & Fahey (2004) investigated the influence of
the disturbance caused by the DMT blade installation on
the constrained modulus prediction in sands. The authors
proposed an equation for estimating the constrained modulus for working condition (MDV). According to Lehane and
Fahey (2004), MDV is more relevant to settlement prediction
than ED, and can be considered an operational modulus applied by the dilatometer at a 1.8 % settlement ratio (d/Beq),
according to Eq. 5:
M DV = 13
. f aniso

ED
KD

at

d
= 18
. %
Beq

(5)

where d = settlement, Beq = the square root of the base width
of the foundation element, faniso = inherent anisotropy factor.
Décourt (1999) proposed an approach to extrapolate
the plate load test data by analyzing the results of 145 load
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Figure 1 - Representation of the load-settlement curve based on
the DMT (Dos Santos et al., 2019).
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sonally between 9 and 12 m below the ground surface. Both
horizons can be classified as clayey sand (SC) according to
USCS.
The tropical climate provides wet and hot seasons
(October to April) that are followed by dry winters. This
type of tropical weather can lead to variations in the in-situ
soil suction since it features high annual temperatures with
wet summers and dry winters. The seasonal variation’s influence on soil suction can lead to significant changes in the
in-situ test data, as discussed by Giacheti et al. (2019) based
on CPT data. Figure 2 shows the soil profile together with
dry unit weight (gd), void ratio (e) and Atterberg limits (wL
and wP) of the studied site up to 12 m depth.
The soil-water retention curves (SWRCs) at 2.0, 5.0
and 8.0 m depths were determined by Machado & Vilar
(1998) to examine the influence of soil suction on the soil
strength and stiffness parameters (Fig. 3). The purpose of
the laboratory investigation was to assess the influence of
suction on the soil behavior. Figure 4 shows the data of the
unsaturated oedometer tests carried out on undisturbed soil
samples collected at 2.0, 5.0 and 8.0 m depths for different
soil suction values. It shows that the pre-consolidation
stress (s’p) values increase as the soil suction increases.

4. In-Situ Tests
4.1. DMT and plate load tests
The plate load tests were carried out on a rigid steel
plate (25 mm thick and with 0.80 m diameter) at 1.5, 4.0,
6.0 and 8.0 m depths by Costa (1999) and Macacari (2001).

Figure 3 - Soil-water retention curves for the soil collected at
2.0 m, 5.0 m and 8.0 m depths (adapted from Machado & Vilar,
1998).

The tests were carried out in natural and inundated conditions, allowing the evaluation of the influence of suction on
the load-settlement curve. A total of 18 plate load tests were
considered. A summary of the plate load tests used in this
study is presented in Table 1. It should be mentioned that an
average curve was considered for the inundated condition
at 1.5 and 6.0 m depths. These tests were selected by considering the soil suction and water content profile by means
of the SWRCs during the DMTs.
The DMTs were performed in March and October,
2016 and April and October, 2017 by Rocha (2018). Three
DMT tests and one soil sampling were performed in each of
these periods. Soil sampling was carried out up to 7.75 m

Figure 2 - Soil profile and some index properties of the studied site (adapted from Machado & Vilar, 2003).
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Figure 4 - Data of the oedometer tests performed on undisturbed soil samples collected at 2.0, 5.0 and 8.0 depths for soil suction values
(Machado, 1998).

depth by using a helical auger to collect samples at 0.75 m
intervals, to determine the water content profile and its variation in each test. The DMTs, soil sampling (undisturbed
and disturbed samples), and plate load test locations are
presented in Fig. 5. The average ID, KD and ED profiles determined in each campaign are presented in Fig. 6.

4.2. Seasonal variability
The seasonal variability of the DMT data was assessed while considering the variation in the soil suction
and water content values by means of the SWRCs. Figure 7
shows the soil suction and the water content profiles deter-

Table 1 - A summary of the plate load tests previously carried out in the study site.
Depth (m)

Designation

Loading procedure

Soil condition

Soil suction (kPa)

Author

1.5

Average curve (Q1, Q2, QS1,
QS2, SS1, SS2, SS3, S-40)

Slow/Quick

Inundated

-

Costa (1999)

1.5

S1

Slow

Natural

10

Costa (1999)

1.5

S2

Slow

Natural

31

Costa (1999)

4.0

N4C1

Quick

Natural

18

Macacari (2001)

4.0

N4C2

Quick

Inundated

-

Macacari (2001)

6.0

N6C1

Quick

Natural

16

Macacari (2001)

6.0

Average curve
(N6C2, S6C3, S6C4)

Quick

Inundated

-

Macacari (2001)

8.0

N8C1

Quick

Natural

4

Macacari (2001)

8.0

N8C2

Quick

Natural

6

Macacari (2001)
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Figure 5 - Schematic representation of DMT, soil sampling and plate load tests positions at the study site.

mined during the execution of the DMT and the plate load
tests.
The water content values determined in the plate load
tests are similar to the water content profiles determined
with the tests carried out in March and October, 2016 and
April, 2017. The results of these plate load tests were those
that best characterized the soil water content conditions
(Fig. 7a), and they were considered in this study.

Soils and Rocks, São Paulo, 42(3): 351-361, September-December, 2019.

Figure 7b shows that the water content determined in
the tests (ranging from 15 to 20 %) tends to be in a region of
the SWRCs where a little change in water content causes a
considerable change in soil suction. The tests which resulted in higher water content profiles (Mar/16 and Apr/17)
showed soil suction values always lower than 10 kPa. There
were significant changes in soil suction, ranging from 13 to
130 kPa up to 5.0 m depth in the dry seasons (Oct/16 and
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Figure 6 - ID, KD and ED profiles at the study site (adapted from Rocha, 2018).

Oct/17). It is important to investigate the changes in soil
suction, mainly for the design of foundations because the
bearing capacity of shallow foundations is directly influenced by soil suction (Costa, 1999 and Reznik, 1994).
4.3. Constrained modulus by the DMT
Seasonal variability influences the average MDMT
and MDV profiles determined in each in situ test campaign,
as shown in Fig. 8. MDV is not really affected by seasonal
variability, while MDMT is, mainly up to 5.0 m depth in the
tests conducted in Oct/17. This occurs because both parameters (ED and KD) are influenced by soil suction in the studied soil, as shown by Rocha (2018). The ratio between ED
and KD is used to calculate MDV (Eq. 5), and it hides the influence of suction on the prediction of the load-settlement
curve. Another relevant aspect of MDV is the possibility of
considering the soil anisotropy by using the inherent anisotropy factor (faniso). As the investigated soil suffered intense
pedogenetic and morphogenetic processes during its for-
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mation (tropical soil), which led to a homogeneous and
isotropic soil (Vaz, 1996), corrections due to the soil anisotropy are not relevant.

5. Load-Settlement Curves
The DMT and plate load test data obtained in different periods of the year were used to predict the complete
load-settlement curves as described by Dos Santos et al.
(2019).
The DMTs carried out in Mar/16 and Apr/17 were
considered representative of the wet season, and the tests
carried out in Oct/16 were considered representative of the
dry season based on the water content profile and soil water
retention curves (Fig. 7). Considering the unsaturated condition makes it possible to assess the seasonal variability influence on the prediction of the load-settlement curves by
the DMT. The DMTs carried out in Oct/17 were not considered to predict the complete load-settlement curves because
the in-situ soil suction values measured by tensiometers (4
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Figure 7 - a) Water content profiles determined during the execution of the DMT and the plate load tests (PL); b) Soil suction for each
DMT and plate load tests (PL) by means of the SWRCs.

to 31 kPa) or estimated by the water content profile and the
SWRCs (5 to 23 kPa) during the plate load tests did not
reach values as high as those estimated by the water content
profile and the SWRCs during the DMT campaign (25 to
130 kPa), as can be seen in Fig. 7.
The prediction of the load-settlement curves for the
wet and dry conditions was made by using the average MDMT
values within the zone of influence of the foundation element, considered equal to 2B (B = 0.80 m). The curves were
also predicted by considering the average MDMT values plus
and minus one standard deviation, to represent the site variability.
The load-settlement predictions for the wet condition
were compared with the inundated plate load tests and the
plate load tests with soil suction (y) lower than 10 kPa
(Fig. 9). The load-settlement predictions for the dry condition were compared with the plate load tests carried out
with soil suction (y) values between 15, 18 and 31 kPa
(Fig. 10). For both conditions, the load-settlement curve
prediction was carried out for different embedment depths
(1.5, 4.0, 6.0 and 8.0 m depths).

Figure 8 - Average MDMT and MDV profiles determined by DMT
tests.

Soils and Rocks, São Paulo, 42(3): 351-361, September-December, 2019.

The load-settlement curves determined with the DMT
are in good agreement with the plate load test results (Fig. 9
and Fig. 10), mainly for the dry condition. All the loadsettlement curves were in the region delimited by the average MDMT values plus and minus one standard deviation (s),
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Figure 9 - Load-settlement curves predicted by the DMT and determined by the plate load tests for the wet season condition (Costa,
1999; Macacari, 2001; Rocha, 2018).

Figure 10 - Load-settlement curves predicted by the DMT and determined by the plate load tests for the dry season condition (Costa,
1999; Macacari, 2001; Rocha, 2018).
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Figure 10 (cont.) - Load-settlement curves predicted by the DMT and determined by the plate load tests for the dry season condition
(Costa, 1999; Macacari, 2001; Rocha, 2018).

Figure 11 - Settlements predicted by the DMT vs. those measured by the plate load tests for the wet and dry seasons.

which is expected considering the (seasonal and spatial)
variability of the investigated site.
Figure 11 shows the differences between the settlements predicted by the DMT for the working condition
(d/Beq = 1.8 %, i.e. for 12.78 mm) and those measured by the
plate load tests for both the wet and dry conditions. Good
agreement was observed, since most of the data points are
within the satisfactory range indicated by Monaco et al.
(2006).

6. Conclusions
The prediction of the complete load-settlement curves for shallow foundations using the DMT and the influ-
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ence of seasonal variability on this prediction was
discussed.
The DMT is an adequate test for predicting soil stiffness, and the presented procedure allows providing a good
estimate of the complete load-settlement curves for the
study site.
The DMT also works well for predicting settlements
in the working conditions, as presented and discussed by
Marchetti et al. (2001), with the advantage of not requiring
the collection of undisturbed samples and performance of
laboratory tests.
In addition, the MDMT profiles were influenced by soil
suction (y) up to around 5.0 m depth in the study site. For
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this reason, seasonal variability should be considered in the
prediction of load-settlement curves in unsaturated tropical
soils, as the one herein.
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