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Static and Seismic Pile Foundation Design by Load Tests
and Calculation Models

(3 Dr. Victor deMello Goa L ecture, presented on September 20", 2019, in Far magudi, Goa, I ndia)
P.S. Séco e Pinto

Abstract. In this paper geotechnical design is addressed and particularly Static and Seismic Pile Foundation Design by
L oad Testsand Calculation Models. Within thisframework Eurocode 7 - Geotechnical Design and Eurocode 8 - Design of
Structures for Earthquake Resistance are introduced. The ultimate limit states and the serviceability limit states are
discussed. Potential liquefiable soils and remedial measures are addressed. Two case histories related with pile design,
namely the New Tagus bridge foundation design and the pile design and liquefaction potential evaluation of Leziriabridge

foundations based in Eurocodes 7 and 8, are presented. Some conclusions are drawn.
Keywords: bridges, case histories, eurocodes, liquefaction, pile foundations.

Foreword

Prof. Victor de Mello acted as President of the Inter-
national Society for Soil Mechanics and Foundations Engi-
neering during the tenure 1981-1985 and will be remem-
bered for hisactionsand passion to implement geotechnical
activities worldwide.

Professor Victor de Mello isaman of prodigious en-
ergy and fine intellect. A genial thinker, Victor de Mello
was one the bright talents that have enlightened the Geo-
technical Engineering road.

| had the opportunity to meet Prof. Victor deMelloin
Mozambique in 1972, when he was acting as Consulting
Expert for Massingir dam and | wasinitiating my first steps
in geotechnical engineering. My debt of gratitudefor himis
so hugeand | would liketo recall thisMaster who taugh me
to think, to investigate, to be in Geotechnique and whose
friendship was for me a great lesson.

Professor Victor de Mello was often invited to be
Keynote Speaker at international conferences of geotech-
nical engineering and other events and we always listened
to hislectureswith great interest and pleasure, asthey were
challenging and opened new avenues of research.

| would like to highlight from Prof. Victor de Mello
outstanding curriculum: i) his solid scientific background
and research contributions to the advancement of knowl-
edge of embankment dams and specia foundations; ii) his
significant contribution as author/co-author of papers for
Journals, widely accepted throughout theworld; (iii) hisex-
cellent lecturing and teaching ability to communicate, to
support and to encourage students; (iv) hisskill to establish
synergies with Industry.

Hislegacy will last for many generations and will al-
ways be a source of great inspiration for all geotechnical
engineers.

Victor de Mello has oriented his existence to a great
and noble ideal and has always taught us that the correct
method to learn scienceisto pursuethe discovery of the sci-
entific truth.

His legacies, where the Scientist, the Professor and
the Engineer are integrated into one soul, were the beauty
and the truth friendly given. | believe that everybody will
fully agreewithmein classifying hisactivity withfiveE's-
Exciting, Elegant, Efficient, Excellent and Extraordinary.
But it is not sufficient to remember the Master, it isimpor-
tant to follow his example, to give continuity with energy
and perseverance to his heritage. Thiswill be the best con-
tribution of the current and next generationsto honor Victor
de Mello memory.

1. Introduction

The Commission of the European Communities
(CEC) initiated in 1975 the establisment of a set of harmo-
nized technical rulesfor the structural and geotechnical de-
sign of buildings and civil engineering works based on
article95 of the EC Treaty. In afirst stage, they would serve
as alternative to the national rules applied in the various
Member States and in afinal stage they will replace them.

From 1975 to 1989, the Commission, with the help of
a Steering Committee with Representatives of the Member
Ststes, developed the Eurocodes programme.

The Commission, the Member states of the EU and
EFTA decided in 1989, based on an agreement between the
Commission and CEN, to transfer the preparation and the
publication of the Eurocodes to CEN.

Pedro S. Séco e Pinto, Dr., Consulting Geotechnical Engineer, National Laboratory of Civil Engineering (LNEC), University of Coimbra, Coimbra, ISSMGE President

(2005-2009), Portugal . e-mail: pinto.pss@gmail.com.
Invited Lecture, no discussions.
DOI: 10.28927/SR.423211
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The Structural Eurocode programme comprises the
following standards:

EN 1990 Eurocode - Basis of structural design

EN 1991 Eurocode 1 - Actions on structures

EN 1992 Eurocode 2 - Design of concrete structures

EN 1993 Eurocode 3 - Design of stedl structures

EN 1994 Eurocode 4 - Design of composite steel and
concrete structures

EN 1995 Eurocode 5 - Design of timber structures

EN 1996 Eurocode 6 - Design of masonry structures

EN 1997 Eurocode 7 - Geotechnical design

EN 1998 Eurocode 8 - Design of structuresfor earth-
guake resistance

EN 1999 Eurocode 9 - Design of aluminium struc-
tures.

Thework performed by the Commission of the Euro-
pean Communities (CEC) in preparing the “Structural
Eurocodes” in order to establish aset of harmonised techni-
cal rulesisimpressive.

The current tendency is to prepare unified codes for
different regions but keeping the freedom for each country
to choose the safety level defined in each National Docu-
ment of Application. The global safety factor was replaced
by partial safety factors applied to actions and to the
strength of materials.

In thislecture, asummary of the main topics covered
by Eurocodes 7 and 8 for Static and Seismic Pile Founda-
tion Design by Load Tests and Calculation Models is ad-
dressed for a better understanding of the New Tagus and
Leziria bridges foundation design.

In dealing with these topics, we should never forget
the memorable lines of Lao-Tze, Maxin 64 (550 B.C.):

“The journey of a thousand miles begins with
one step” .

2. Eurocode 7 - Geotechnical Design

2.1. Introduction

The Eurocode 7 (EC7) “ Geotechnical Design” givesa
genera basis for the geotechnical aspects of the design of
buildings and civil engineering works. A link is established
between the design requirements addressed in Part 1 and
the results of laboratory tests and field investigations run
according to standards, codes and other accepted docu-
ments covered by Part 2.

EN 1997 is concerned with the requirements for
strength, stability, serviceability and durability of struc-
tures. Other requirements, e.g. concerning thermal or sound
insulation, are not considered.

2.2. Eurocode 7 - Geotechnical design - Part 1

The following subjects are covered in EN 1997-1 -
Geotechnical Design:

Section 1: General

Section 2: Basis of geotechnical design

212

Section 3: Geotechnical data

Section 4: Supervision of construction, monotoring
and maintenance

Section 5: Fill, dewatering, ground improvement and
reinforcement

Section 6: Spread foundations

Section 7: Pile foundations

Section 8: Anchorages

Section 9: Retaining structures

Section 10: Hydraulic failure

Section 11: Overall stahility

Section 12: Embankments.

2.2.1. Design requirements

Thefollowing factors shall be considered when deter-
mining the geotechnical design requirements:

e dite conditions with respect to overall stability and
ground movements,

 nature and size of the structure and its el ements, includ-
ing any special requirements such as the design life;

« conditionswith regard to its surroundings (neighbouring
structures, traffic, utilities, vegetation, hazardous chemi-
cals, etc.);

 ground conditions;

 groundwater conditions;

* regional seismicity;

« influence of the environment (hydrology, surface water,
subsidence, seasonal changes of temperature and mois-
ture

For each geotechnical design situation it shall be veri-
fied that no relevant limit state is exceeded.

Limit states can occur either in the ground or in the
structure or by combined failure in the structure and the
ground.

Limit states should be verified by one or a combina-
tion of the following methods. design by calculation, de-
sign by prescriptive measures, design by load tests and
experimental models and an observational method.

To establish geotechnical design requirements, three
Geotechnical Categories, 1, 2 and 3 are introduced:

» Geotechnical Category 1 includes small and relatively
simple structures.

» Geotechnical Category 2 includes conventional types of
structure and foundation with no exceptional risk or dif-
ficult soil or loading conditions.

e Geotechnical Category 3 includes: (i) very large or un-
usual structures; (i) structuresinvolving abnormal risks,
or unusual or exceptionally difficult ground or loading
conditions; and (iii) structuresin highly seismic areas.

2.2.2. Geotechnical design by calculation

Design by calculation involves:
« actions, which may be either imposed loads or imposed
displacements, for example from ground movements,
* properties of soils, rocks and other materials;

Soils and Rocks, Séo Paulo, 42(3): 211-244, September-December, 2019.
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e geometrical data;

* limiting values of deformations, crack widths, vibra-
tions, etc.

* calculation models.

The calculation model may consist of: (i) an analyti-
cal model; (ii) asemi-empirical model; or (iii) anumerical
model.

Whererelevant, it shall be verified that the following
limit states are not exceeded:

* lossof equilibrium of the structure or the ground, consid-
ered as arigid body, in which the strengths of structural
materials and the ground are insignificant in providing
resistance (EQU);

* internal failure or excessive deformation of the structure
or structural elements, including footings, piles, base-
ment walls, etc., in which the strength of structural mate-
rialsis significant in providing resistance (STR);

» failure or excessive deformation of the ground, in which
the strength of soil or rock is significant in providing re-
sistance (GEO);

* loss of equilibrium of the structure or the ground due to
uplift by water pressure (buoyancy) or other vertical ac-
tions (UPL);

» hydraulic heave, internal erosion and piping in the
ground caused by hydraulic gradients (HY D).

The selection of characteristic valuesfor geotechnical
parameters shall be based on derived values resulting from
laboratory and field tests, complemented by well-establi-
shed experience.

The characteristic value of a geotechnical parameter
shall be selected as a cautious estimate of the value affect-
ing the occurrence of the limit state.

For limit state types STR and GEO in persistent and
transient situations, three Design Approaches are outlined.
They differ in the way they distribute partial factors be-
tween actions, the effects of actions, material properties
and resistances. In part, thisis due to differing approaches
to the way in which allowance is made for uncertaintiesin
modeling the effects of actions and resistances.

In Design Approach 1, partial factors are applied to
actions, rather than to the effects of actions and ground pa-
rameters.

In Design Approach 2, partia factors are applied to
actionsor to the effects of actionsand to ground resistances.

In Design Approach 3, partia factors are applied to
actions or the effects of actions from the structure and to
ground strength parameters.

It shall be verified that a limit state of rupture or ex-
cessive deformation will not occur.

It shall be verified serviceability limit states in the
ground or in a structural section, element or connection.

2.2.3. Design by prescriptive measures

In design situations where cal culation models are not
available or not necessary, the exceedance of limit states

Soils and Rocks, Séo Paulo, 42(3): 211-244, September-December, 2019.

may be avoided by the use of prescriptive measures. These
involve conventional and generally conservative rules in
the design, and attention to specification and control of ma-
terials, workmanship, protection and maintenance proce-
dures.

2.2.4. Design by load tests and experimental models

When theresults of load testsor testson large or small
scale modelsare used to justify adesign, the following fea-
tures shall be considered and allowed for:

« differencesin the ground conditions between thetest and
the actual construction;

 timeeffects, especially if the duration of the test is much
less than the duration of loading of the actual construc-
tion;

» scaleeffects, especially if small modelsare used. The ef-
fect of stresslevelsshall be considered, together with the
effects of particle size.

Tests may be carried out on a sample of the actual
construction or on full scale or smaller scale models.

2.2.5. Observational method

When prediction of geotechnical behaviour is diffi-
cult, it can be appropriate to apply the approach known as
“the observational method”, in which the design is re-
viewed during construction.

The following requirements shall be met before con-
struction is started:

« thelimits of behaviour which are acceptable shall be es-
tablished;

« the range of possible behaviour shall be assessed and it
shall be shown that there is an acceptabl e probability that
theactual behaviour will bewithin the acceptablelimits;

« aplan of monitoring shall be devised, which will reveal
whether the actual behaviour lies within the acceptable
limits. The monitoring shall make this clear at a suffi-
ciently early stage and with sufficiently short intervalsto
allow contingency actionsto be undertaken successfully;

* the response time of the instruments and the procedures
for analyzing the results shall be sufficiently rapid in re-
lation to the possible evolution of the system;

e aplan of contingency actions shall be devised, which
may be adopted if the monitoring reveals behaviour out-
side acceptable limits.

2.3. Eurocode 7 - Part 2

EN 1997-2 isintended to be used in conjunction with
EN 1997-1 and providesrules supplementary to EN 1997-1
related to the:
« planning and reporting of ground investigations,
e genera requirements for a number of commonly used
laboratory and field tests;
* interpretation and evaluation of test results;
« derivation of values of geotechnical parameters and co-
efficients.
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Thefield investigation programme shall contain:

» aplan with the locations of the investigation points in-
cluding the types of investigations;

¢ the depth of the investigations;

« thetype of samples(category, etc.) to be taken including
specifications on the number and depth at which they are
to be taken;

* gpecifications on the groundwater measurement;

* thetypes of equipment to be used;

« the standards that are to be applied.

The laboratory test programme depends in part on
whether comparable experience exists.

The extent and quality of comparable experience for
the specific soil or rock should be established.

The results of field observations on neighbouring
structures, when available, should a so be used.

The tests shall be run on specimens representative of
the relevant strata. Classification tests shall be used to
check whether the sampl es and test specimens are represen-
tative.

Thiscan becheckedinaniterativeway. In afirst step,
classification tests and strength index tests are performed
on as many samples as possible to determine the variability
of the index properties of a stratum. In a second step, the
representativeness of strength and compressibility tests can
be checked by comparing the results of the classification
and strength index tests of the tested sample with entire re-
sults of the classification and strength index tests of the
stratum.

Figure 1 shows the flow chart that demonstrates the
link between design and field and laboratory tests. The de-
sign part is covered by EN 1997-1; the parameter values
part is covered by EN 1997-2.

l_ Covered by EN 1897-]

3. Eurocode 8 - Design of Structuresfor
Earthquake Resistance

3.1. Introduction

Eurocode 8 (EC8), “Design of Structures for Earth-
quake Resistance”, deals with the design and construction
of buildings and civil engineering worksin seismic regions
and it isdivided in six Parts.

Part 1 isdivided in 10 sections:

Section 1 - contains general rules, seismic actionsand
rulesfor buildings;

Section 2 - contains the basic performance require-
ments and compliance criteria applicable to buildings and
civil engineering worksin seismic regions;

Section 3 - gives the rules for the representation of
seismic actions and their combination with other actions;

Section 4 - contains general design rulesrelevant spe-
cifically to buildings;

Section 5 - presents specific rules for concrete build-
ings,

Section 6 - gives specific rules for steel buildings;

Section 7 - contains specific rules for composite
steel-concrete buildings;

Section 8 - presents specific rules for timber build-
ings,

Section 9 - gives specific rulesfor masonry buildings;

Section 10 - contains fundamental requirements and
other relevant aspects for the design and safety related to
base isolation.

Further Parts include the following:

Part 2 contains provisions relevant to bridges.

Part 3 presents provisions for the seismic strengthen-
ing and repair of existing buildings.
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Figure 1 - Flow chart that demonstrates the link between design and field and laboratory tests.
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Part 4 gives specific provisionsrelevant to tanks, silos
and pipelines.

Part 5 contains specific provisionsrelevant to founda-
tions, retaining structures and geotechnical aspects and
complements the rules of Eurocode 7, which do not cover
the special requirements of seismic design.

Part 6 presents specific provisions relevant to towers,
masts and chimneys.

3.2. Seismic action

The definition of Actions (with the exception of seis-
mic actions) and their combinations is treated in Eurocode
1“Actions on Structures’.

In general, the national territories are divided by the
National Authorities into seismic zones, depending on the
local hazard.

The earthquake motion in EC 8 is represented by the
elastic response spectrum defineda., by 3 components.

InEC 8, in general, the hazard isdescribed in terms of
asingle parameter, i.e. the value o, of the effective ground
acceleration in rock or firm soil called “design ground ac-
celeration” (Fig. 2) expressed in terms of: a) the reference
seismic action associated with a probability of exceedance
(P Of 10 % in 50 years; or b) a reference return period
(Tyer) = 475, where: S (T) elastic response spectra, T: vi-
bration period of alinear single-degree-of-freedom system,
a,: design ground acceleration, T, T.: limits of the constant
spectral acceleration branch, T,: value defining the begin-
ning of the constant displacement response range of the
spectra, S soil factor with reference value 1.0 for subsoil
class A, n: damping correction factor with reference value
1.0 for 5 % viscous damping.

It is recommended the use of two types of spectra:
Type 1if the earthquake has a surface wave magnitude, M,
greater than 5.5, and Type 2 in other cases.

The seismic motion may also be represented by
ground acceleration time-histories and related quantities
(velocity and displacement).

1540
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Figure 2 - Elastic response spectra (after EC8).
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Artificial accelerograms shall match the elastic re-
sponse spectrum. The number of the accelerograms to be
used shall give a stable statistical measure (mean and vari-
ance) and a minimum of 3 accelerograms should be used
and al so some others requirements should be satisfied.

For structureswith special characteristics, spatial mo-
dels of the seismic action shall be used based on the princi-
ples of the elastic response spectra.

3.3. Ground conditions and soil investigations

For the ground conditions five ground types A, B, C,
D and E are considered:

Ground type A - rock or other geological formation,
including at most 5 m of weaker material at the surface,
characterized by a shear wave velocity V, of at least
800 m/s;

Ground typeB - depositsof very dense sand, gravel or
very stiff clay, at least several tens of m in thickness, char-
acterized by a gradual increase of mechanical properties
with depth shear wave velocity between 360-800 m/s,
Ng. > 50 blows and ¢, > 250 kPa.

Ground type C - deep deposits of dense or medium
dense sand, gravel or stiff clay with thickness from several
tens to many hundreds of meters, characterized by a shear
wave velocity from 160 m/s to 360 m/s, N, from 15 to
50 blows and ¢, from 70 to 250 kPa.

Ground type D - deposits of loose to medium co-
hesionless soil (with or without some soft cohesive layers),
or of predominantly soft to firm cohesive soil, character-
ized by a shear wave velocity less than 180 m/s, N, less
than 15 and c, less than 70 kPa

Ground type E - asoil profile consisting of a surface
aluvium layer with Vs,30 values of type C or D and thick-
ness varying between about 5 m and 20 m, underlain by
stiffer material with Vs,30 > 800 m/s.

Ground type S, - deposits consisting - or containing a
layer at least 10 m thick - of soft clays/silts with high plas-
ticity index (Pl > 40) and high water content, characterized
by a shear wave velocity less than 100 m/s and ¢, between
10-20 kPa.

Ground type S, - deposits of liquefiable soils, of sen-
sitive clays, or any other soil profile not included in types
A-EorS.

For the five Ground type the recommended valuesfor
theparametersS T, T, T, for Typeland Type2 aregiven
inTables1 and 2.

The recommended Type 1 and Type 2 éastic re-
sponse spectrafor ground types A to E are shown in Figs. 3
and 4.

The recommended values of the parameters for the
five ground types A, B, C, D and E for the vertical spectra
are shown in Table 3. These values are not applied for
ground types S, and S.,.
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Table 1 - Vaues of the parameters describing the Type 1 elastic
response spectra.

Ground type S T, (9 T.(9 T, (9
A 1.0 0.15 0.4 2.0
B 1.2 0.15 0.5 2.0
C 1.15 0.20 0.6 2.0
D 1.35 0.20 0.8 2.0
E 14 0.15 0.5 2.0

Table 2 - Values of the parameters describing the Type 2 elastic
response spectra.

5.- Hy

i i 2 1
Ground type S T, (9 T. (9 T, (9 i
A 10 0.05 0.25 12 Figure 4 - Recommended Type 2 elastic response spectra (after
B 135 0.05 0.25 12 EC8).
C 15 0.10 0.25 12 .
Table 3 - Recommended values of the parametersfor the vertical
D 18 0.10 0.30 12 elastic response spectra
E 16 0.05 0.25 12
4 SpeCtrum (qu/OLq Ta (S) Tc (S) TD (S)
F " Typel 0.9 0.05 0.15 1.0
‘ Type2 0.45 0.05 0.15 1.0
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Figure 3 - Recommended Type 1 elastic response spectra (after
ECB).

4. Foundation Design
4.1. Introduction

Thefoundation system is presented, with particularly
emphasis to soil-structure interaction. The serviceability
limit states are introduced.

For pile design, the following limit states shall be
considered (Eurocode 7, 19974): (i) loss of overal stability;
(i) bearing resistancefailure of the pilefoundation; (iii) up-
lift or insufficient tensile resistance of the pile foundation;
(iv) failure in the ground due to transverse loading of the
pilefoundation; (v) structural failure of the pilein compres-
sion, tension, bending, buckling or shear; (vi) combined
failure in the ground and in the pile foundation; (vii) com-
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bined failurein the ground and in the structure; (viii) exces-
sive settlement; (ix) excessive heave; (X) excessive lateral
movement of the ground; and (xi) unacceptabl e vibrations.

For the Soil-Structure Interaction (SSI) the design en-
gineers ignore the kinematic component, considering a
fixed base analysis of the structure, due to the following
reasons. (i) in some cases the kinematic interaction may be
neglected; (ii) aseismic building codes, with a few excep-
tions e.g. Eurocode 8 do not refer it; (iii) kinematic interac-
tion effectsare more difficult to assessthan inertial forces.

For slender tall structures, structures founded in very
soft soils and structures with deep foundations, the SS|
plays an important role.

The Eurocode 8 states.” Bending moments develop-
ing due to kinematic interaction shall be computed only
when two or more of the following conditions occur simul-
taneously: (i) the ground profileisof classD, S, or S,, and
contains consecutive layerswith sharply differing stiffness;
(ii) the zoneis of moderate or high seismicity, a. > 0.10; (iii)
the supported structure is of importance class| or I1”.

Piles and piers shall be designed to resist the follow-
ing action effects: (i) inertiaforces from the superstructure;
and (i) kinematic forces resulting from the deformation of
the surrounding soil due to the propagation of seismic
waves (Fig. 5). The decomposition of the problem in steps
isshown in Fig. 5 (Gazetas & Mylonakis, 1998).

The complete solution is a very time consuming 3D
analysis.
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Figure 5 - Soil-structure interaction problem (after Gazetas & Mylonakis, 1998).

To analyze the internal forces along the pile, as well The following effects shall be included: (i) flexural
asthe deflection and rotation at the pile head, discretemod-  stiffness of the pile; (ii) soil reactions along the pile; (iii)

els (based in Winkler spring model) or continuum models  pile-group effects; and (iv) the connection between pile and
can be used. structure.

For simplicity alinear soil behaviour is assumed.
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4.2. Serviceability limit states

To prevent the occurrence of an ultimate limit state or
a serviceability limit state the foundation movements shall
not reach certain limit values (Séco e Pinto & Sousa Couti-
nho, 1991).

Burland & Wroth (1974) proposed a consistent set of
definitions based on the displacements, that are illustrated
inFig. 6:

* rotation (0) isthe changein gradient of alinejoining two
reference points;

 theangular strain (o), defined in Fig. (6a), is positive for
upward concavity (sagging) and negative for downward
concavity (hogging);

* relative deflection (A) isthe displacement of apoint rela-
tive to the line connecting two reference points on either
side (see Fig. 6(b))
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Figure 6 - Definition of foundation movements (after Burland &
Wroth, 1974).

Table 4 - Allowable deformations.

relativerotation § - istherotation of thelinejoining two

points,

* average horizontal strain (e) is defined as the change of
length 5, over thelength L.

« deflection rate A/L, where L is the distance between the
two reference points defining A;

* tilt (w) describes the rigid body rotation.

Table 4 presents a summary of allowable deforma
tions proposed by different authors and EC7.

Following EC7, the settlements for pile foundations
for ultimate limit states and serviceability limit states shall
include:

* the settlement of asingle pile;
* the additional settlement due to group action.

The selection of design values for limiting move-
ments shall take account of the following:

(i) the confidence to specify the acceptable value of
the movement; (ii) the type of structure; (iii) the type of
construction material; (iv) the type of foundation; (v) the
type of ground; (vi) the mode of deformation; and (vii) the
proposed use of the structure.

Bozozuk (1981), based on the observation of 150
cases related with the allowable displacemet in bridge
foundation piles, has proposed the limits for vertical and
horizontal settlement, S, and S, defined in Table 5.

Moulton (1986) based on the analysis of 314 bridges
located in the United States and Canada has confirmed the
proposal of Bozozuk (1981).

Burland et al. (1977) have proposed 6 categories for
damage in buildings shown in Table 6, where categories 0,
1 and 2 are related with esthetic damage, categories 3 and 4
are related with serviceability limit states and category 5
with ultimate limit states (stability).

Burland et al. (1977) have introduced the concept of
limiting tensilestrain, g, to definethe ultimate limit state.

Boscardin & Cording (1989) develop the concept of
differing levelsof tensile strain and based on the analysis of
17 cases have proposed Table 7 to establish the rel ationship

A - Concrete buildings and reinforced walls

Allowable values for rotations Skempton & MacDonald ~ Meyerhof Polshin & Bjerrum EC7
(1956) (1956) Tokar (1957) (1963) (1994)
Structural damage & cracks on walls 1/150 1/250 1/200 1/150 1/150
1/300 1/500 1/500 1/500 1/300
B - Wall without reinforcement
Deflection ratio A/L Meyerhof (1956) Polshin & Tokar (1957) Burland & Wroth (1975)
Deform. U 1/2500 L/H < 3 1/3500 to 1/2500; 1/2500L/H=1
L/H > 5 1/2000 to /1500 11250L/H =5
Deform. n - - 1/5000L/H=1
1/2500L/H =5
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Table 5 - Limit values for bridge foundations (after Bozozuk,
1981).

Table7 - Categories of damagesin buildings (after Boscarding &
Cording, 1989).

Damage classification Limit values
Allowable or acceptable S, <50 mm
S, <25mm
With acceptable damages 50 mm = §, = 100 mm
25mm=S§,=50 mm
Non acceptable S <100 mm
S, > 50 mm

Category of  Degree of severity Limiting tensile strain
damage (%)

0 Negligible 0-0.05

1 Very dlight 0.05-0.075

2 Slight 0.075-0.15

3 Moderate 0.15-0.3

4t05 Severe to very severe >0.3

Table 6 - Damages categories in buildings (after Burland et al., 1977).

Damage category Degree of severity Description of damage

0 Negligible Hairline cracks 0.1 mm

1 Very light Fine cracks easily treated

2 Light Crackseasily filled

3 Moderate Cracks required some opening

4 Severe Extensive repair working involving breaking and replacement
5 Very severe Major repair involving partial or complete rebuilding

between the category of damage and the limiting tensile
strain.

Burland (1995) proposed three levels of risk for buil-
dings: (i) preliminary evaluation; (ii) evaluation of second
level; (iii) detailed evaluation.

The computation of the differential settlement shall
takeinto consideration: (i) the variation of the ground prop-
erties; (ii) the distribution of loads; (iii) the construction
methodology; (iv) the stiffness of the structure.

5. New Tagus Bridge

5.1. Introduction

The 18 km Tagus Bridge from Sacavém to Montijo
(Lisbon, Portugal), integrates the North viaduct, the Expo
viaduct, the cable stayed bridge, the central viaduct and the
South viaduct (Fig. 7).

The bridge foundations are composed by bored and
driven piles.

The central viaduct, 6.5 km long, is supported on 648
driven piles up to 60 m long. Related the central viaduct
each pier issupported by eight pileswith of 1.7 m diameter
except in the vicinity of shipping channels.

Three channels crossthe Tagus bridge: the main thor-
oughfare under the cable stayed bridge, and the piles sup-
porting these piers are 2.2 m in diameter, to minimize
possible ship impact; and two smaller channels under the
central viaduct.

Driven piles were installed by large barge mounted
cranes with a capacity around 58 ton.
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For the foundations of the cable stayed bridge, with
0.83 km long, and the south viaduct, with 3.9 km long,
bored piles were used. For the cable stayed 148 piles with
2.2 m diameter were used. For the south viaduct 60 piles
with 2 m diameter and 280 piles with 1.8 m diameter were
used.

For the north viaduct, 1.4 km long, and for the Expo
viaduct 0.7 km long, bored piles, with 1.8 m diameter were
used.

One of the most important key issuesfor designisthe
risk of earthquakes, as Lisbon was wiped out by an earth-
quakein 1755 with 8.5 of Richter magnitude. During a seri-
ous seismic event the new Tagus bridge will be the main
access for emergency vehicles crossing the estuary.

5.2. Main geological conditions

Based on the geological data obtained by two imple-
mented site investigation programmes, the ground is com-
posed by the following two main units (Fig. 7), namely: a)
Alluvial deposits (Al), aged Holocene and Pleistocene; and
b) the bedrock under aluvial deposits, composed by Plio-
Pleistocene materials.

The maximum observed thickness of Al is around
78 m and in average, its thickness varies between 60 and
70m.

Five sub-units were identified, named a,, a, a,, a,
and a,. The a, to a,, units show the common geological
structure of alluvial deposits, with lenticular or interstra-
tified layers, with exhibiting lateral variations within each
sub-unit.
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Figure 7 - Simplified geotechnical profile (after Oliveira, 1997).

At the bottom of the alluvia deposits occurs agravel
layer (a,), integrating fine to coarse gravel, with sand, cob-
bles and occasionally boulders. The coarser elements (cob-
bles and occasionally boulders) occur scattered or concen-
trated in some zones, raising difficulties for the drilling
equipment to cross the a, layer.

The general description of each type of the differenti-
ated alluvial depositsisthe following (Oliveira, 1997):

g, This unit is composed by silty to very silty clay
(mud), dark grey, with amaximum thicknessaround 35 m.

a: Fine to medium sand with shells and shell frag-
ments.

a, Silty clay to clayey silt.

a,.: Y ellowish brown to grey medium to coarse (occa-
sionally fine) sand.

a,: Fine to coarse gravel, rounded to angular, with
sand, cobbles and occasionally some boulders.

The bedrock under the aluvial deposits is composed
by Plio-Pleistocene materials.

5.3. Pileload tests

5.3.1. Introduction

Pile load tests were performed with the following
purposes:
i) to determine the response of arepresentative pile related
the settlement and limit load;
ii) to verify the performance of individual piles and to ex-
trapolate for the overall pile foundation behavior;
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iii) to optimize the construction method.

Load tests were carried out on trial piles which were
built for test purposes before the final design.

Theresults of load tests were used to calibrate the de-
sign parameters and to optimize pile lengths, based on the
interpretation of site investigation and laboratory and situ
tests (Séco e Pinto & Oliveira, 1998).

5.3.2. Vertical pileload tests

Vertical load tests were performed on 3 piles located
at main bridge (P8), central viaduct (P31) and South via-
duct (P79).

The construction of bored piles has respected the fol-
lowing procedure;

(i) installation by vibro-driving, with a SOILMECH VTE
12000, of apermanent casing, with an exterior diame-
ter of 1216 mm and athickness of 8 mm, and 16 mm at
the shoe level with alength of 40 m;

(ii) excavation of the soil inside the casing with a bucket of
1180 mm diameter and a SOILMECH rotary machine
RT - 3ST;

(iii) boring below the bottom of the casing for a length
higher than 19 m with abucket using apolymeric drill-
ing fluid GEOMUD - 15 mixed with salty Taguswater
with the following composition: 2 kg of polymer per
1000 L of water. The mixture had a Marsh viscosity
40" and adensity 1.035.
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Load tests were carried out on severa test piles and
the test locations were representative of the pile where the
most adverse ground conditions are believed to occur.

The following equipment for the vertical load tests
was installed: 8 electrical displacement transducers, 2 me-
chanical dia gauges, 2 strips of LCPC removable exten-
someters, with aresolution of 10°, 1 temperature sensor, 1
high precision pressure transducer, 1 hydraulically oper-
ated pump, 4 hydraulic jacks and 1 optical level.

Theloading program consisted in reaching 20000 kN
with 8 load increments.

A general view for vertical pileload testsis presented
inFig. 8.

The load - settlement curves for piles P8, P31 and P
79 are shownin Fig. 9.

For the definition of the failure loads the criteria of
settlement equal to 10 % of the pilediameter, i.e. at 120 mm
settlement, was used. A comparison between the predicted
failure loads, based from CPT tests, and the observed val-
uesisshownin Table 8.

=

Figure 8 - General view for vertical pile load tests.
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Figure9 - Load settlement curves for vertical test.
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Table 8 - Failure loads.

P8 P31 P79 P31i
m p m p m p m
15 20.3 15 21.4 >21.15 >22.7 >175

m - measured. p - predicted loadsin MN.

With the exception of P79 (the length of this pile was
increased 10 m) the observed values are lower than the pre-
dicted |oads and the difference were attributed to the lower
shaft friction values. The results of P31i have shown anin-
sufficient gain of the bearing capacity with soil grouting.

5.3.3. Horizontal pile load tests

Horizontal load tests were performed on 2 piles lo-
cated at main bridge (P8) and south pylon.

The piles were constructed by the same procedure al-
ready described.

Theinstalled equipment has integrated: (i) - horizon-
tal displacement; (ii) - load cell; (iii) - strain along the shaft
using strain gauges, (iv) - displacement along the vertical
using inclinometer tubes; (v) - temperature.

Theloading program consisted of : 10 1oad increments
from 50 kN to 500 kN.

Figure 10 shows a general view for horizontal pile
load tests.

To evaluate the effect of ship impact, a second series
of load increments were applied, form 500 kN to 1 000 kN,
for the south pylon, after 10 h.

The load displacement curve measured at 0.95 m be-
low load level isshown in Fig. 11.

The computed valuesfor pile displacements, bending
moments and shear forces are shown in Fig. 12.

5.3.4. Dynamic pile tests

For a better characterization of the dynamic behav-
iour of the alluvial material for the bridge foundation a
forced vibration test of agroup of two pileswas performed.
The pileswith 1.20 m of diameter and 60 m long were con-
nected by acap with 5.5 x 3.5x 1.2 m.

Figure 10 - General view for horizontal pile load tests.

221



Séco e Pinto

Lo (kM)

1l T T -

20 400 i B
Dhisplacement {mim}

[HHLE

Figure 11 - Measured load displacement curve for horizontal
tests.

Draplacements | Berdmye moemaenis Shear lonees |

{ita] HARETY
=

=

S0 1
-1 50000
1N 8

160 £

=

i A0 1]
f 1z {mj

Figure 12 - Computed valuesfor pile displacements, bending mo-
ments and shear forces.

A 3D finite element model was implemented for the
interpretation of the observed behaviour. The soil - pile sys-
tem was discretized with 3D finite elements of the second
degree (cubic with 20 nodal points). The numerical results
were compared with the observed values, in terms of dis-
placement transfer functions.

Toimpose on the pile cap, harmonic horizontal loads,
with different amplitudes and frequencies a shaker
(Fig. 13), built in LNEC, was used.

The excitation frequencies were applied in steps of
0.1 Hz in the range from 0.5 to 20 Hz approximately.

Velacity transducers and accel erometers were instal-
led to assess the dynamic response of the structure, for the
various frequencies of excitation.
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Figure 13 - Genera view of the shaker.

This equipment was placed in several pointsin order
to monitoring the horizontal and vertical displacements
(Fig. 14).

During the test time series of velocity were recorded
on several points. The digital treatment of this time series
was performed by a computer program developed at
LNEC. Treated seriesaretransported for frequency domain
and the displacements were obtained by integration.

For the interpretation of the test results a 3D model
was used, to represent the soil, the two piles and the cap.

For the material behavior a simplified model was
adopted considering for the piles a continuous, homoge-
nous and isotropic material with alinear and elastic behav-
iour. The soil was considered a continuous material, with
elastic behaviour, and composed of various homogeneous
layers.

Figure 15 shows the configuration of the two first
modes of vibration and respective frequencies (observed
and computed). Thefirst vibration mode correspondsto the
bending of both pilesfollowing adirection perpendicular to
the vertical plan that encloses both of them. The second
mode corresponds to the bending of both pilesin the verti-
cal plan that contains them.

k

Figure 14 - General view of the velocity transducers.
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Figure 15 - Configuration of the two first vibration modes. Ob-
served and computed frequencies (adapted from Oliveira et al.,
1996).

The modal damping values used in the mathematical
model were based in the best adjustment to the transfer
functions observed in the test. The adopted values are pre-
sented in Table 9.

The observed and cal cul ated frequencies by the math-
ematical model are presented in Table 10. Thereis a good
agreement for the two first vibration modes.

The displacement transfer functions of the force ap-
plied by the shaker are shown in Fig. 16.

Table 9 - Moda damping values adopted in the mathematical
model.

Vibration modes 1 2 3
Damping modal in % of the critical damping 7 13 20
Table 10 - Frequencies of the first vibration modes.

Vibration modes 1 2 3 4
Observed frequencies 17 2.7 - -
Calculated frequencies 1.76 2.29 8.78 11.70
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Figure 16 - Displacement transfer functions. Comparison be-
tween computed and observed values (adapted from Oliveira et
al., 1996).

The results observed in the test and those computed
by the mathematical model in terms of displacement trans-
fer functions of the force applied have shown that: (i) In or-
der to improve the pile behaviour field tests instrumented
pilesare highly recommended for design purposes, (ii) The
results of load tests performed in New Tagus bridge and
Leziria bridge for design purposes have shown how they
should be used to calibrate the design parameters, to check
the performance of individual piles,to alow judgement of
the overall pile foundation, and to assess the suitability of
the construction method.

The good agreement obtained shows that the mathe-
matical model is well calibrated for simulation of the be-
haviour of the soil-pile system. The variation of pile maxi-
mum displacement with depth according to directions X
and Y, as well as some displacement transfer functions
computed at different depths, are shownin Fig. 17.

5.4. Reception testsfor piles

Taking into account that the development and imple-
mentation of load testsis very costly and can only be per-
formed in a small number of piles, non-destructive tech-
niques, e.g. the use of core sampling and integrity tests to
control the final quality of the piles, are getting more popu-
lar.

To assess the quality of piles sonic tests were per-
formed. Theinvolved costs are small, the execution isfast,
itispossibleto perform agreat number of testsand the prin-

223



Séco e Pinto

B5m 0 Mo 600 e S5 m i 3 ™
| i 112 1 'I-:.’\E_ll I_:.I_I':'k:"ﬁul
i W+
L i1
DR oot 2 57 105
] - . o Ti.JdE
:.'nl':ﬂla E aridl |,|n||,||':'£ _.'.Zi £ -
| I . ]
a |0 =1 F EL1]
i L il L
iz L =1 k&
1 |-2o = -"_".'I-i
> L =1 K
T =1l s B e
Free] =H i iy E‘
.i'li' B ﬁ"..ijg LEx WESA

Figure 17 - Variation with depth of maximum displacement of
piles. X and Y directions (adapted from Oliveiraet al., 1996).

cipal structural singularities of the piles can be detected.
With this technique, a blow on the pile head is performed
with ahammer and the response is recorded by an acceler-
ometer.

Also sonic diagraph tests were done and a continuous
recording was performed a ong the length of the pile of the
velocity of sonic waves between the source and the geo-
phones introduced in two pipes attached to the pile rein-
forcement.

5.5. Monitoring during construction and long term

5.5.1. Introduction

The designer faces always the difficult task to define
theloadsand to characterize the materialsfor the project. In
spite of the great progress performed in these domainsit is
necessary to compare the model with the prototype re-
sponsein order to assess the structural behaviour and to de-
fine the corrective actions to be implemented in case of an
anomal ous behaviour.

The following advantages of instrumentation of
bridges are pointed out:

i) Validation of design criteriaand calibration of the model.

ii) Analysis of bridge behaviour during hislife.

iii) Definition of corrective measures for the rehabilitation
of the structure, if needed.

224

iv) Cumulative experience that will beimportant for the de-
sign of more economic and safer bridges.

5.5.2. Quantities to be measured

For the superstructure, the measurement of the fol-
lowing quantities was proposed:

a) deck vertical displacement; b) pier cross-sections
rotations; ) internal deck and piersdeformation; d) internal
deck deformation due to time-dependent effects; €) deck
and stay temperatures; f) air temperature, relative humidity
and wind speed; g) seismic and wind induced acceleration
in the deck and piers; h) force in stays.

Related with the infrastructure the following mea-
surements were proposed:

a) pile head displacements using electronic theodo-
lites and appropriate reflectors; b) installation of inclinom-
eters to measure horizontal displacements along the pile
shaft; c) strain distribution of the piles using extensometers,
d) recording of the accelerations, velocities and displace-
ments along the piles and in selected points of the ground
(to assess amplification effects) by 3D accelerographs.

5.5.3. Warning levels

Four warning levels were defined:

(i) warning level 1 - no interruption of traffic; (ii)
warning level 2 - limitation of traffic; (iii) warning level 3 -
interruption of traffic; (iv) warning level 4 - decision con-
cerning the traffic.

For warning levels 1 to 3, the maintenance team can
deal with the problem alone. For warning level 4, the deci-
sion will be taken by a specialist.

5.5.4. Inspections

To complement the data given by the instrumentation
of the bridge regular inspections would be performed.
Four levels of inspection were proposed:

i) The reference situation corresponds to a detailed inspec-
tion of all parts of the structure (foundations, bearings
and decks) and the measurement of all the instruments
with the purpose to characterize theinitial state of the
bridge before opening to the traffic;

ii) Thedaily inspectionsaim at an efficient visual checking
of the superstructure (drainage systems, road surface,
expansion joints, handrail, gantries, safety barriers,
lighting, etc.) to detect the need for small repairs;

iii) The annual inspections are related with the visua in-
spection of the foundations (measurements by sensors
placed into the piles), supporting structures, bearings,
expansion joints, superstructures and equipment.

iv) After the opening to traffic, thefirst detailed inspection
will be done after two years. During bridge operation,
the frequency of the inspectionsisfive years.

v) After aship impact or earthquake with amagnitude supe-
rior to 4, adetailed inspection is recommended.

Soils and Rocks, Séo Paulo, 42(3): 211-244, September-December, 2019.
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6. LeziriaBridge
6.1. Brief description

BRISA awarded to a Construction Consortium the
bridge Project that integrates the Conception, Design, and
Construction of Tejo Crossing in Carregado.

Thecrossing (Fig. 18) is composed by the North Via-
duct, the Main Bridge and the South Viaduct.

This 11.9 km long crossing of the Tagusrriver, islo-
cated 25 km upstream of the Vasco da Gama Bridge.

Theriver, 1 kmwide, runsin Tagusvalley filled with
soft sediments that exhibits a thickness between 35 m and
55m, withamaximumvalue of 62m (Oliveiraet al., 2006).

The 1695 m North Viaduct has 33 m spans. The deck
23 m abovethewater level, isa concrete 2.0 m depth beam
directed connected to 1.5 m diameter piers. Thereisa62 m
span to cross the railway (Fig. 19).

wratization ok (. Fhies)

! Borgholes
Eﬂ-ﬁlmumﬂum

Figure 18 - Leziria Tagus River Crossing site.

The cross-section of the Main Bridge is composed by

(Portugal et al., 2005):

* a0.30 m width reserve;

* interior hard shoulder;

« 3 traffic lanes, each with 3.50 m with a total width of
10.50 m;

e 2.525 m exterior hard-shoulder.

The platform with atotal width of 29.95 mincludesa
curb, on which rests a safety barrier, a maintenance foot
walk and an edge beam with atotal width of 1.15 m.

The deck is made of a pre- stressed cast in place con-
crete box-section 970 m long (Fig. 20). The individual
spans are: 95 + 6 x 130 + 95 m. Piers P1 to P5 are
monolithical with the deck and composed by two blades of
reinforced concrete with 1.20 m thick spaced 5.0 m be-
tween axes. Piers P6 to P7 are similar with the blades
spaced 7.40 m.

Figure 19 - North Viaduct (courtesy of Charles Lavigne).

Soils and Rocks, Sao Paulo, 42(3): 211-244, September-December, 2019.
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Figure 20 - Main Bridge (courtesy of Charles Lavigne).

The bridge foundations are composed by 2.20 m di-
ameter piles. The PiersP1 and P2 and the Piers P3to P7 are
supported by 10 piles and 8 piles, respectively. The piles
were built by metallic casings 17 mm thick penetrating in
the Miocene formations 1m to 5.5 m depending of the
gravel materials thickness.

The sacrificia thickness of the casings varies be-
tween 7.2 mm and 5 mm to face corrosion effects.

Thepilecapswith 11.0 x 22.0 m and 8 m thick to sup-
port piers P1C and P2C, were designed to resist ship im-
pact. For piers P3C to P7C pile cap with 11.0 x 16.0 m and
5.05 m thick were adopted.

The South Viaduct is composed by aset of 22 contin-
uousviaducts, with atotal length of 9230 m, with aconcrete

Bridige

deck longitudinal pre-stressed with current spans of 36 m
and 1.5 m of diameter piles.

One of the most important considerations for design
istherisk of earthquakes since Lisbon was wiped out by an
8.5 Richter magnitude earthquake in 1755.

6.2. Main geological conditions

6.2.1. Regional geology

The new Tagus River crossing, located in the Ceno-
zoic basin of the Tagusriver, incorporates sedimentary ma-
terials of Miocene and Paleocene ages. Figure 21 illustrates
asimplified geological profile.

6.2.2. Geomor phology

The morphology, at levels of 4 to 5 m, is flat and
crossed by secondary water streams, water channels and
protection dykes.

6.2.3.Geological structure

Thetertiary formations, at regional scale, exhibit hor-
izontal stratification with weak deformation.

6.2.4. Lithostratigraphy

The site is composed of recent superficial deposits,
namely Holocene aluvial and quaternary fluvial terraces
above the bedrock that integrates Miocene clay-grey mate-
rials. The visual aspect of materialsis shownin Fig. 22.
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Figure 21 - Simplified geological profile.
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Figure 22 - Visua aspect of the materials (courtesy of Virgilio
Rebel0).

6.2.5. Hydrogeological conditions

The superficial layers, with characteristics of free
aquifer, exhibit phreatic water level near the surface. The
alluvial formations exhibit characteristics for the occur-
rence of suspended, half closed or closed aquifers. The
Miocene formations show conditions for the occurrence of
closed aquifers or semi closed artesian aquifers.

6.3. Field investigation

The field investigations have included 58 boreholes,
namely 6 boreholes during the Preliminary Studies, fol-
lowed by 49 boreholes and 3 additional boreholes during
the complementary investigation program for the Basic De-
sign. The boreholes were performed by Geocontrole.

Inal boreholes, the disturbed sampleswere collected
by a Terzaghi sampler, the water level was recorded and
SPT tests were performed 1.5 m apart.

Thirty two undisturbed samples were collected using
Shelbi and Proctor-Moran samplers.

Thirty-two cone penetration tests, namely 4 CPT tests
during the Preliminary Studies, 20 CPT tests during the
complementary investigation, 6 CPTu tests, and 2 seismic
cones were performed by Geocontrole.

Nineteen vane shear tests, namely 3 tests during the
Preliminary Studiesand 16 tests during the complementary
campaign by Geocontrole.

Nine seismic cross-hole tests were performed, na-
mely 7 tests by GEOCISA and 2 tests by LNEC during the
Preliminary Study. In addition, 7 downhole tests were per-
formed.

During the Final Design the complementary geotech-
nical project has integrated:

i) 41 boreholes with SPT tests 1.5 m apart (Fig. 23);

ii) 10 vane shear tests;

iii) 25 undisturbed samples taken with Geobore S sampler
(Fig. 24);

iv) 16 CPTU tests (Figs. 25 and 26);

V) 5 seismic cross-hole tests.
A summary of field testsis presented in Table 11.
Thecross-holetests have given thefollowing results:

Soils and Rocks, Sao Paulo, 42(3): 211-244, September-December, 2019.

Figure 23 - Borehole equipment (after Oliveiraet al., 2006).
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Figure 24 - Geobore S sampler (after Oliveiraet al., 2006).

Shear wave velocities, V,, from 53 to 350 m/s

Longitudinal wave velocities, V,, from 665 to
1526 m/s.

The variation of V, with depth is shown in Fig. 27.

SPT results were between 0 and 4 blows, with O val-
uesfor soft soilsand the higher valuesrelated with silty ma-
terials.

Vane shear testshavegiven for undrained strength the
following results:

Peak values - 12.5to 51 kPa
Residual values - 4 to 26.3 kPa.
The variation of these valuesis shown in Fig. 28.
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Figure 26 - CPTu tip (after Oliveiraet al., 2006).
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Table 11 - Distribution of field tests.

Tests Basicdesign  Final design Total
Boreholes 58 60 118
Boreholes undisturbed 0 3 3
sampling

Vane shear tests 19 7 26
Crosshole 9 6 15
CPTU/CPT 28 23 51
Seismic cone 2 4 6
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Figure 27 - Variation of V_with depth.
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Figure 28 - Variation of undrained strength with depth.
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PCPT tests, with measurement of pore pressures,
have given point resistances between 0.15 and 1.2 MPa,
with an increase with depth. This trend is illustrated in
Fig. 29.

Pore pressures values have allowed the identification
of zones with higher values related with mud materials.

6.4. Laboratory tests

DuringtheBasic Design, 12 identificationtests(sieve
analyses and Atterberg limits) were performed by COBA.

During the Preliminary Studies. forty-three identifi-
cation tests, consisting on sieve analyses as well as Atter-
berg limits, were performed. Determinations of natural
water content, W,, were also done.

Table 12 summarizes the results of laboratory tests.

In three water samples, pH tests, determination of al-
kalis, sulfate content, magnesium content and ammonia
content were performed.

Nineteen direct shear tests for the definition of the
strength in terms of cohesion (c) and friction angle (¢),
were performed.
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Figure 29 - Variation of g, values with depth.

Table 12 - Distribution of laboratory tests.

Tests Basicdesign Final design  Total
Identification 55 180 235
Sieve curves 55 180 235
Oedometer 4 18 22
Triaxia 0 6 6
Direct shear 6 13 19
Permeability 6 18 24
Chemical 3 12
Resonant column 0

Cyclic torsional shear 0

Soils and Rocks, Séo Paulo, 42(3): 211-244, September-December, 2019.

Six triaxial tests for the definition of the strength in
terms of cohesion (c) and friction angle (¢) were done.

The curves (o, - ) vs. axial strain (g)), 6,/c, Vs. €,
variation of pore pressure (u) vs. g,, and volumetric varia-
tionvs. g,, aswell asthe stress path and the Mohr-Coulomb
envel opes were obtained.

Twenty-two oedometer tests with the determination
of the values of water content (W), degree of saturation
(S), pressures, compressibility volumetric coefficients(a,),
consolidation coefficients (c,) and permesability coeffi-
cients (k), were performed.

Twenty-four permeability tests were done.

Twelve chemical tests related with sulfate content,
carbonate content and pH values were performed.

Also twenty-five particle density tests were per-
formed.

Three cyclic torsional simple shear tests were done.

A view of cyclic torsional simple shear apparatus is
presented in Fig. 30.

The curves G (shear modulus) vs. y (shear strain), VG
VvS. v, & (damping ratio) vs. y and y vs. t/c, were obtained.

The results of cyclic torsiona tests are shown in
Fig. 31.

6.5. Geotechnical characteristics

The interpretation of the site investigation program-
me, namely in situ and laboratory tests, has alowed the
identification of the following geotechnical units (Oliveira
et al., 2006): a,, a, &, a. a,, M. Table 13 summarizes the
geological and geotechnical characteristics of each unit.

A correlation between V_and SPT valuesis shownin
Fig. 32, following the proposal of some authors.

6.6. Pileload tests

6.6.1. Introduction

Pile design can be performed by (Eurocode 7, 1997):
* prescriptive measures and comparable experience;
 design models;

Figure 30 - View of cyclic torsional shear apparatus (I1ST).
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Figure 31 - Curves of shear modulus and damping ratio vs. shear
stra—in (after IST, 2005).

* use of experimental models and load tests;
* observational method.
The piles of Leziria bridge were designed by:
i) design models;
ii) pile load tests that have provided useful information

about the characteristics of gravel materials and tech-
niques of driving the metallic casings,

iii) comparable experience.

Table 13 - Summary of geotechnical unit characteristics.

Pile load tests were performed with the following
purposes:

i) to determine the response of arepresentative pile and the
surrounding ground, related settlement and limit load;

ii) to verify the performance of individual piles aswell the
overall pile foundation;

iii) to assess the suitability of the construction method.

Load tests were carried out on trial piles that were
built before the final design.

The results of load tests were used to calibrate the de-
sign parameters and so to optimize the preliminary values
of pilelengths obtained by theinterpretation of siteinvesti-
gation and laboratory and in situ test results.

The criteria to select pile tests has incorporated the
following aspects:

« the geotechnical category of the structure;

* the ground condition and the spatial variation;

 past experience related the use of same type of pilesin
same ground conditions;

* planning of the works.

Dueto spatial variation of foundations characteristics
and to analyze the embedded effects, the experimental piles
for static and dynamic tests were located at km 8 + 200
where the pile was embedded 1 diameter in the Miocene, at
km 7 + 900 where the pile was embedded 3 diametersin the
gravel materials, and at km 5 + 400 where the pile was em-
bedded 3 diameters in the Miocene. Table 14 summarizes
pile type and location.

For static testsin each selected place, one 800 mm di-
ameter pile and two 1500 mm diameter reaction piles with
were built, 3.5 m apart from the pile test, and, in addition, a
fourth 800 mm diameter pile, 5.5 m apart from thefirst pile,
for dynamic test.

To perform pileload tests, seven 1.5 m diameter piles
and seven 0.8 m diameter piles were built.

6.6.2. Vertical pileload tests

The static vertical pile load tests have followed the
“Axial PileLoading Test, Suggested Method” protocol rec-
ommended by ISSMGE and published in ASTM D1143
(1981).

The purpose wasto incorporate the contribution of all
the ground layers and their influence in the deformations

Material W (%) W, (%) V.(ws) V(s E, (MPa G, (MPa SPT CPT (MPa)
a, - Fine to medium sand 64 38 130-160 6651526 50-150 20-100 2-6 12

a - Sandy materidswithsilty clay ~ NP-40 NP-18 130-240 665-1526 100-300 30-100 2-20 2-8

a, - Fine sand with silt NP NP  140-300 665-1526 100-500 20-200 5-40 3-16

a3 - Sandy material with silt NP NP  320-400 6651526 500-1100  200-400  40-60

M - Miocene bedrock 400-500 500-1700 200-600, > 60
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Figure 32 - A correlation between V_and SPT values.
Table 14 - Summary of pile type and location.
Piles (km) Diameter (m) Pileembedding  Load test type
5+400 0.8 30 (M) Vertical (Dynamic)
7+900 0.8 30 (a3) Vertical (Dynamic)
8+200 0.8 19 (M) Vertical (Dynamic)
4+750 15 30 (M) Horizontal (Dynamic)

until adepth of 5 diameters, unlessthe bedrock was situated
at upper level.

Vertical load tests were performed on 3 piles.

The following equipment was installed for the verti-
cal pile load test: 2 mechanical dia gauges, electrical dis-
placement transducers (Fig. 33) with removable extensom-
eters (Fig. 34), with a resolution of 10° and anchors, 1
temperature sensor, 1 tilt meter, 1 hydraulically operated
pump, 2 hydraulic jacks and 1 optical level.

A general view for vertical pileload testsis presented
inFig. 35.

Figure 33 - Displacement transducers.

Soils and Rocks, Sao Paulo, 42(3): 211-244, September-December, 2019.

For the vertical pile load tests, a maximum load of
9100 kN was applied, i.e. 3.25 times the service load. The
loads were applied in two cycles of loading and unloading,
with a maximum service load for the first cycle and loads
were applied in 4 increments.

In the second cycle, the loads were applied in 19 in-
crements. The number of load increments and the cycles of
loading and unloading were carefully selected with the pur-
poseof collecting information related to deformation, creep
effects and ultimate load. Figure 36 illustrates the load-
settlement curves for 3 pile tests.

To define the failure load, a criterion of settlement
equal to 10 % of the pile diameter, i.e. 80 mm settlement,
was adopted.

Figure 34 - Recovery extensometer.
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Figure 35 - General view for vertical pileload tests (after Ferreira
et al., 2008).
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Figure 36 - Load settlement curvesfor vertical tests (after ICIST-
IST, 2005).

6.6.3. Horizontal pile load tests

The horizontal load tests were performed in two piles
of 800 mm and 1500 mm diameter located at km 5 + 400.
The maximum load was 600 kN to mobilize adisplacement
of 8 cm and the loads were applied in steps of 75 kN.

For the horizontal load tests, the following equipment
was installed:

« clinometers-vibrating wire transducers,

* |oad célls;

* retrieval extensometers;

* inclinometer tubesto measure horizontal displacements;
 temperature device.

Theloading program consisted of 10 load increments,
from 50 kN to 500 kN. The measured |oad-displacement
curveisillustrated in Fig. 37. The measured loads vs. rota-
tions values are shown in Fig. 38.

Figure 39 shows a comparison between the bending
moments values computed from the tests results consider-
ing different k values (2500 kPa, 5000 kPa, and 10000 kPa).

232

h

_5 .-"'-:r::f‘
; ,f'”/'{;‘/
L el Zes

- = L it
1| s

a o 2 M 40 s & TOD RO B0
[hsglacesments {mm}

Figure 37 - Measured |oad displacement curvefor horizontal tests
(after ICIST-IST, 2005).

el

WHi

XHI

Loeds (KN)

noml @62 a3 04 b3 e T Of ab
Bastabicns ")

Figure 38 - Measured load rotations curve for horizontal tests (af-
ter ICIST-IST, 2005).

6.6.4. Dynamic pile tests

Dynamic pile tests were performed in 9 piles with
diameters of 800 mm and 1500 mm. The piles wereinstru-
mented with 4 pairs of accel erometers (Fig. 40), 4 transduc-
ers and topographic equipment. Figure 41 illustrates a dy-
namic test view. During the tests, the height of the hammer
fall wasincreased from0.2mto 3.0 minstepsof 0.2m. The
mobilized point resistance (R) and the lateral resistance
(R) valuesfor pile E 800-2 are shown in Fig. 42.

It is important to stress that the results of dynamic
tests have confirmed the results of static tests, showing the
high contribution of the latera resistance in comparison
with the point resistance.

6.7. Design surface spectra

6.7.1. Introduction

A very comprehensive analysiswas performed to de-
fine the design free field surface spectra.
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Figure 40 - Transducers and accelerometers.

6.7.2. Seismic action

Following the Portuguese Code (RSA, 1983), the
seismic action is defined by a stochastic Gaussian station-
ary vectoria process (two horizontal orthogonal compo-
nents and one vertica component). For the Portuguese
territory, it is important to consider two seism tectonic
sources, namely: (i) anear source that represents a moder-
ate magnitude earthquake at ashort epicentral distancewith

Soils and Rocks, Sao Paulo, 42(3): 211-244, September-December, 2019.

Figure 41 - Dynamic test (after Ferreiraet al., 2008).
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Figure 42 - Mobilized resistances (after ICIST-IST, 2005).

a duration of 10 s; (ii) a distant source that represents a
higher magnitude earthquake at alarger epicentral distance
with aduration of 30 s.

Five artificial time histories of acceleration were pro-
duced for seismic action type 1 and seismic action type 2
and for soil type A for the deterministic approach (IST,
2004). For the computation of these accelerograms, theval-
idation criteria of EC8 (1998a) were considered (Fig. 43).

Based on RSA (1983), power spectral density func-
tions were used for the stochastic approach.

In order to incorporate the spatial variation, taking
into consideration the 12 km length of the bridge, 17 geo-
technical profileswere selected to incorporate the variation
of the geological and geotechnical characteristics.

Only the results obtained for the profile located be-
tween km 1 + 500 and km 1 + 800, wherethe main bridgeis
located, are presented, due to space limitations.

Figures44 and 45 illustrate the results of the response
spectra (ST, 2004), aswell asthe shear stress computed by
the SHAKE 2000 code. The analyses were performed for
seismic action type 1 and seismic action type 2, considering
for the bedrock type A ground.
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Figure 44 - Acceleration response spectra (km 1 + 500 - km 1 +
800 action type 2) (after IST, 2004).

6.8. Liquefaction assessment

Following Eurocode 8 - Part 5- 4.1.3. (2) (1998b),
“ An evaluation of the liquefaction susceptibility shall be
made when the foundation soilsinclude extended layers or
thick lenses of |oose sand, with or without silt/clay fines, be-
neath the water level, and when such level is close to the
ground surface” .

The seismic shear stress t, can be estimated from the
simplified expression:

1,=0.650,y,Sc,, (1)
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Figure45 - Induced shear stress (km 1 + 500 - km 1 + 800, action
type 2) (after IST, 2004).

where o, is the design ground acceleration ratio, vy, is the
importance factor, Sisthe soil parameter and ¢, isthetotal
overburden pressure. It is important to refer that this ex-
pression should not be applied for depths larger than 20 m.
The shear level should be multiplied by a safety factor of
1.25.

For the magnitude correction factors, EC8 followsthe
Ambraseys (1988) proposal, which is different from the
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NCEER (1997) factors. A comparison between the two
proposalsis shown in Table 15 and Fig. 46.

Cetin et al. (2001) have presented anew proposal for
liquefaction analysis (see Fig. 47). It is considered ad-
vanced in relation to the previous ones, asit integrates: (i)
data of recent earthquakes; (ii) corrections due to the exis-
tence of fines; (iii) experience that incorporates a better
interpretation of SPT test; (iv) local effects; (v) cases histo-
ries that incorporate | essons of more than 200 earthquakes,
(v) Bayesian theory.

For liquefaction evaluation of sandy materials, two
methods are used, namely, based in |aboratory testsor field
tests. In general, the following laboratory tests are used: (i)
cyclic triaxial tests; (ii) cyclic simple shear tests; and (iii)
cyclic torsional shear tests. Dueto the difficultiesto obtain

Table 15 - Magnitude scaling factors.

MagnitudeM  Seed & Idriss NCEER Ambraseys
(1982) (1997) (1988)
55 143 2.20 2.86
6.0 1.32 1.76 2.20
6.5 1.19 144 1.69
7.0 1.08 1.19 1.30
7.5 1.00 1.00 1.00
8.0 0.94 0.84 0.67
85 0.89 0.72 0.44
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Figure 46 - Magnitude scaling factors.
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Figure 47 - Probabilistic approach for liquefaction analysis (after
Cetin et al., 2001).

high quality undisturbed samples, in general field tests are
used: SPT, CPT, seismic cone tests, flat dilatometer tests
and tests to assess electrical properties (Séco e Pinto et al .,
1997).

For liquefaction assessment by shear wave velocity,
two methodologies are used: (i) methods combining the
shear wave velocities by laboratory tests on undisturbed
samples obtained by tube samplers or by frozen samples
(Tokimatsu et al., 1991); (ii) methods measuring shear
wave velocities and its correlation with liquefaction assess-
ment by field observations (Stokoe et al., 1999).

To overcomethe difficulties of CPT and SPT testsin
soils with gravel, some proposals to evaluate the suscepti-
bility of liquefaction of these materials based in seismic
tests with measurement of shear waves velocities V, were
made (Stokoe et al., 1999).

Following Youd & Gilstrap (1999), the post-lique-
faction strength of silty materialsisless than that of sandy
materials, but superficial silty materialswith moderate den-
sity are dilatant and with higher strength than clean sands.
The authors have concluded that loose soils with IP < 12
and w /w,_ > 0.85 are susceptible to liquefy and loose soils
with 12 < [P < 20 and w,/w_ > 0.85 have higher strength to
liquefaction and soilswith IP > 20 are not liquefiable.

It isimportant to refer that Eurocode 8 (1998b) - Part
5 considers* no risk of liquefaction when the ground accel-
erationislessthan 0.15 g in addition with one of the follow-
ing conditions: (i) sands with a clay content higher than
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20% and a plasticity index > 10; (ii) sandswith silt content
higher than 10 % and N,(60) > 20; and (iii) clean sands
with N,(60) > 25" .

6.8.1. Settlement assessment

The susceptibility of foundation soilsto densification
and to exhibit excessive settlement is referred in EC8, but
the assessment of expected liquefaction induced deforma-
tion is not adequately treated.

By combination of cyclic shear stress ratio and nor-
malized SPT N-values, Tokimatsu & Seed (1987) have pro-
posed relationships with shear strain (Fig. 48).

To assess the settlement of the ground due to the lig-
uefaction of sand deposits based on the knowledge of the
safety factor against liquefaction and the relative density
converted to the value of N1, Ishihara (1993) has proposed
achart (Fig. 49).

6.8.2. Remedial measures

Following EC8, ground improvement against lique-
faction should compact the soil or use drainage to reduce
the pore water pressure. The use of pile foundations should
be considered with caution due to the large forces induced
in the piles.

The remedial measures against liquefaction can be
classified in two categories (TC4 ISSMGE, 2001; INA,
2001): (i) prevention of liquefaction; and (ii) reduction of
damage to facilities due to liquefaction.

The measures to prevent occurrence of liquefaction
include the improvement of soil properties or improvement
of conditions for stress, deformation and pore water pres-

b

I ¥ i 1
Volwmetme siemm (%]

i %
|'|"|hl |

4 1 | |

.

W 40 i}
Wy 60y

Figure 48 - Correlation between volumetric strain and SPT (after
Tokimatsu & Seed, 1987).
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sure. In practice a combination of these two methods is
adopted.

The measures to reduce liquefaction induced damage
tofacilitiesinclude: (1) to maintain stability by reinforcing
the structure: reinforcement of pile foundation and rein-
forcement of soil deformation with sheet pile and under-
ground wall; (2) to relieve external force by softening or
modifying the structure: adjustment of bulk unit weight, an-
chorage of buried structures, flattening embankments.

6.9. Liquefaction evaluation

Dueto the disturbance that occurs during sampling of
sandy materials, the liquefaction potential evaluation was
performed only by field tests.

Attention wasdrawnto SPT and CPT testsastheseis-
mic tests have only been used when the soil contains gravel
particles.

To compute the shear values atotal stress model, the
code“ SHAKE 2000", was used and the obtained resultsare
on the conservative side.

Just as an example, Fig. 50 compares the results ob-
tained by thetotal stressmodel and the effective stressanal -
ysis using the computer program DYNAFLOW for the
Vasco daGamabridgein the Tagusriver and with the same
type of aluvial materias.

Corrections of SPT test results due to the depth effect
and the equipment were performed, following the recom-
mendations of EC8 (1998h).
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Figure 50 - Equivalent shear stresses computed from the SHAKE
and DYNAFLOW codes (after Séco e Pinto & Oliveira, 1998).

The sieve curves of materials a, and a, are shown in
Figs. 51 and 52.

Taking into account that we are dealing with under-
water materials, the sieve curves exhibit percentages of
fines lower than the reality, as a consequence of the wash-
ing effect during sampling.

Theliquefaction potential evaluation wasgivenin ta-
bles and the columns have included the following data: (i)
columns 1 to 4, reference to the pier, type of test (SPT or
CPT), depth of the test and thickness of the layer; (ii) col-
umns 5 and 6, values of N (SPT) and (q,),, (CPT); (iii) col-
umns 7 and 8, effective overburden pressure (c’,) and
correction factor (C); (iv) columns 9 and 10, normalized
values N, (60) (SPT) (for effects reduced C, values were
considered) and (q,), (CPT); (v) column 11, t_,,, (equiva-
lent shear stress value computed for action type 2 related
with the highest magnitude 7.5); (vi) column 12 (t/c’ ratio

value); (vii) column 13 (t/c’, ratio value with a safety fac-
tor of 1.1), column 14 (t/c’, ratio value with asafety factor
of 1.25); (viii) column 15, Ref. (reference of the analyzed
SPT or CPT value); (ix) column 16, liquefaction suscepti-
bility analysis. Taking into account the dilatant behavior of
the material observed in the CPT tests and the values of the
pore pressures developed in the cyclic torsional shear tests,
where the registered values of the pore pressure rarely
reach 80 %, being frequently below 60 %, a safety factor of
1.1 can be considered sufficient. Nevertheless, in the pres-
ent case, a conservative analysis was performed, with a
safety factor of 1.25 being adopted, as recommended in
EC8 - Part 5 (1998b).

Table 16 presents an application of liquefaction eval-
uation for materials a, and a,. The liquefaction potential
evaluation, by SPT and CPT tests, is shown in Figs. 53
and 54.

Taking into account Figs. 48 and 49, the estimated
settlement of materials a, and a, are between 40 mm to
150 mm.

6.10. Construction aspects

The most important construction aspectsarelisted be-
low:

i) After thetemporary works through the execution of sheet
piles the anchorage of the pontoon was done, in order
to ensure stability during the driving of the casings.
The system had the purpose of ensuring the verticality
of the casings.

ii) Transportation of themetallic 2.2 m diameter and 17 mm
thick casing. Thiscasing wasdriven by ahigh capacity
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Figure51 - Sieve curves for material a,.
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Figure 52 - Sieve curves for material a,.

vibrator and a penetration of 1 to 2 m in geotechnical
unit g,, was ensured.

Driven piles were installed by joint venture subcon-
tractor Volker Stevin - Ballast Nedam. Large barge
mounted craneswere used to drive each pileasonepiece. A
handling capacity around 58 ton was necessary for the
cranes and the hammer to drive the pilesinto position.

Subsequently aguidance system was used to drive the
casing 1 diameter into gravel materials or into acompacted
ground with a minimum SPT value of 10 blows.

iii) Progress of the excavation with a2.2 m diameter “ham-
mergrab” in order to reach the Miocene. For wall sta-
bilization were used polymer materials manufactured
in acentral located in the left bank. For polymer con-
trol, pH tests, density and viscosity tests, as well sand
content tests, were performed.

iv) After the excavation and the decantation of the polymer,
the reinforcement with the pipes for the cross-hole
tests was installed. To ensure a minimum cover of
12 mm centralizers were placed.

v) Concreting of the piles with the use of “tremie” and
pumping was done at arate of 50 m¥h.

The duration of these 5 phases was 2.5 days.

In the construction procedure proposed in the Basic
Design, the pile caps for piers P1 and P2 were performed
within cofferdams constructed with sheet piles driven into
the mud materials by equipment installed in barges. The
voids under the casings were stabilized through the use of
polymers.
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For caps P3 to P7, the constructive procedure con-
sisted in the construction of prefabricated caissons in dry
dock. The caissonsweretransported from onshore casted in
situ and subsequently the metallic casings were driven
through the holes of the bottom slab, the openings under the
casings being stabilized through the use of polymers.

During the Final Design, a solution of pre-fabricated
caissons was developed with large caissons for piers P1C
and P2C and small caissons for piers P3C to P7C.

A view of the North Viaduct constructionisshownin
Fig. 55.

To avoid excavations of the protection dykes, aparal-
lel way (transient viaduct) was built (Fig. 56).

A view of the South Viaduct construction isshownin
Fig. 57.

The placement of pile casing is shown in Fig. 58.

The placement of pilereinforcement and tremie pipes
are shown in Figs. 59 and 60.

InFigs. 61to 63 acaisson view, apier under construc-
tion and a general view of the construction works are pre-
sented.

The pre-fabricated caissons were temporarily sup-
ported by the casings of the definitive piles. With the sup-
port of hydraulic cylinders, the temporary metallic struc-
ture was uplifted and subsequently the caisson was moved
downward until the design level.

After the sealing of the joints between the piles and
the bottom slab the water inside the caissons was removed
by pumping.

Soils and Rocks, Séo Paulo, 42(3): 211-244, September-December, 2019.
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Figure 55 - Construction of North Viaduct.

Figure 58 - Placement of pile casing (courtesy Ferreira et al.,
2008).

Figure 56 - Parallel Way.

Figure 59 - Placement of pile reinforcement (courtesy Ferreiraet
Figure 57 - A view of South Viaduct construction. al., 2008).
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Figure 60 - Placement of tremie pipes (courtesy Ferreira et al.,
2008).

Figure 61 - View of caisson (courtesy of Perry da Camara).

7. Conclusions

The following conclusions can be outlined:
For the Vasco de Gama bridge

1) For the pile foundations, each geotechnical design situa-
tion shall be verified that no relevant limit state is ex-
ceeded.

Soils and Rocks, Sao Paulo, 42(3): 211-244, September-December, 2019.

Figure 62 - Pier under construction (courtesy of Perry da Ca
mara).

Figure 63 - General view of the construction works (courtesy of
Perry da Camara).

2) For the verification of limit states, one or a combination
of the following methods can be used: design by pre-
scriptive measures, design by calculation, design by
loadstests and experimental modelsand observational
method.

3) For design purposes and for a better knowledge of pile
behaviour, it is recommended to perform field tests
with instrumented piles.

4) Field load tests performed in the New Tagus bridge and
Leziria bridge for design purposes have shown their
importance to calibrate the design parameters, to
check the performance of individual piles, to assess
theoverall pilefoundation behavior and to analyze the
suitability of the construction method.

5) For pilequality control, the use of non-destructive of pile
test techniques is recommended.

6) Monitoring during construction and in the long term is
important to assess bridge behavior.
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For the Leziria bridge

7) The geotechnical campaigns implemented during the
Preliminary Study and Basic Design have allowed the
definition of the geological and geotechnical model.

8) The geotechnical characteristics were obtained by a
combination of field and laboratory test results.

9) The geotechnical study in the Basic Design was per-
formed respecting the requirements of Eurocode 7,
Specification 1536 Bored Piles prepared by CEN -
Committee TC 288 and the Procedures and Specifica-
tions for Piles prepared by ICE (1978).

10) Asthe Leziriabridge is located in zone A of Portugal
seismic map, the seismic studies are important.

11) For piledesign were used: i) design models; ii) pileload
tests that have contributed for the characterization of
gravel materials and techniques for driving the metal -
lic casings; and iii) comparable experience.

12) To calibrate the design parameters and to optimize the
pilelength, static pileload tests (both vertical and hor-
izontal) were carried out on trial piles. In addition, dy-
namic pile tests were performed for seismic design.

13) As sampling of sandy materialsis always difficult, the
liquefaction potential evaluation was based in in situ
tests, namely CPT and SPT. The computation of shear
stress in total and effective stress analyses was per-
formed.

8. Lessonsfor tomorrow

Due to the complexity of bridge analysis, there is a
need to work with multidisciplinary teams exploring the
huge capacity of computers. Innovative methods and new
solutions require highly reliable information and multidis-
ciplinary teams integrating seismologists, geologists, geo-
physicists, geotechnical engineersand structural engineers.

The success of this challenge requires the joint effort
of Owners, Decision Makers, Researchers, Consultants,
Professors, Contractors and General Public.

The understanding of the vulnerability and resilience
conceptsiscrucial. Vulnerability isassociated with two di-
mensions, oneisthe degree of loss or the potential lossand
the second integrates the range of opportunities that people
faceinrecovery. Thisconcept hasreceived agreat attention
from Rousseau and Kant (1756). Resilienceis ameasure of
the system's capacity to absorb recovery from a hazardous
event. It includes the speed with which a system returns to
its original state after a perturbation. The capacity and op-
portunity to relocate or to change are also key dimensions
of disaster resilience. The purpose of assessing resilienceis
to understand how adisaster can disturb asocial system and
the factors that can disturb the recovery and to improveit.

The education of engineers and Public with scientific
methods for evaluating risks incorporating the unpredict-
able human behavior and human errorsis crucia for disas-
ter reduction.
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The analysis of past bridge incidents and accidents
occurred during earthquakes have shown that al the les-
sonshave not deserved total consideration, inorder toavoid
repeating the same mistakes. We need to enhance a global
conscience and to develop a sustainable strategy of global
compensation to better serve our Society. The recognition
of abetter planning, early warning, that we should take for
extreme events which will hit our civilization in the future,
is important. Plato (428-348 BC) in the Timaeus stressed
that destructive eventsthat happened in the past can happen
again, sometimes with large time interval s between and for
prevention and protection we should follow the Egyptians
example and preserve knowledge through writing.

We should never forget the 7 Pillars of Engineering
Wisdom: Practice, Precedents, Principles, Prudence, Per-
spicacity, Professionalism and Prediction. Following Tho-
mas Mann. we should enjoy the activities during the day,
but only by performing those will allow us to sleep at the
night.

Efforts should be done to narrow the gap between
university education and professional practice, but we
should not forget that Theory without Practice is a Waste,
but Practice without Theory isa Trap. Kant has stated that
Nothing better than a good theory, but, following Seneca,
Long is the way through the courses, but short through the
example. | will add through a careful analysis of Case His-
tories.

In dealing with this subject we should always havein
mind:

All for Love

“Errors, like straws, upon the surface
flow;

He who would search for pearls must
dive below” .

(John Dryden)
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Evaluation of Sample Quality and Correction
of Compressibility and Strength Parameter s-Experience
with Brazil Soft Soils

M.I.M.C.V. Bello, R.Q. Coutinho, A.S. Norberto

Abstract. Sample quality has adirect influence on the results of geo-mechanical parameters obtained in laboratory and in
situ tests, potentially causing serious technical and economic consequences. In the study of soft soil behavior using
laboratory tests, it isimportant to eval uate, and be able to quantify sample quality, and if necessary and possible, to correct
the effects of sample disturbance and to obtain geotechnical parameters appropriate and necessary for engineering projects.
This paper presents and discusses the Brazilian results of sample quality evaluation and the correction of compressibility
and strength parameter results to account for the effects of sample disturbance, as well asareview of several papers that
address correction and sample quality issues. Proposals presented by Coutinho (2007) and Futai (2010) were used to
evaluate sample quality. Proposals presented by Schmertmann (1955), Oliveira (2002), Coutinho (2007) and Futai (2010)
were used for correction of compressibility parameters that were altered by the effects of sample disturbance. The results
from these study areas were satisfactory for all the proposals. It was possible to obtain compression parameters

corresponding to good quality samples using the proposals for correcting the effects of sample disturbance.
Keywords: compressibility parameters, oedometer test, sample quality.

1. Introduction

The qualitative study of soft clay samplesisvery im-
portant in order to be able to obtain the appropriate values
for geotechnical parameters resulting from laboratory and
in situ tests used in engineering projects and in empirical
correlations. The quantitative effect of inappropriate sam-
pling can bring serious consequences both technical and
€conomic.

Efforts have been made during research projects to
understand, quantify, minimize, and whenever possible,
correct the geotechnical parameters resulting from sample
disturbance of Recife soft clays (Coutinho, 1976; Ferreira,
1982; Ferreira & Coutinho, 1988; Coutinho et al., 1998;
Oliveiraet al., 2000, Oliveira, 2002; Coutinho, 2007; Bel-
lo, 2011; Coutinho & Bello, 2012). The studies cited above
were carried out by the Geotechnical Research Group
(GEGEP/UFPE) coordinated by the second author.

This article presents and discusses a review of the
Brazilian results of sample quality evaluation, and correc-
tion of the effects of sample disturbance. Proposals pre-
sented by Coutinho (2007) and Futai (2010) were used to
evaluate sample quality. Proposals presented by Schmert-
mann (1955), Oliveira (2002), Coutinho (2007) and Futai
(2010) wereused in order to correct compressibility param-
eters that were influenced by the effects of sample distur-
bance.

2. Analyses of the Sampling Process

Sample disturbance occursin all sampling processes
and, if sampling is carried out well, the effects of distur-
bance will hopefully be more subtle. Whatever its magni-
tude, sampling disturbance normally affects both undrained
strength and compressibility. In addition, chemical effects
may cause changes in the plasticity and sensitivity of the
soil sample.

Hvorslev (1949) classified the sample disturbance ac-
cording to five categories: (a) variationsin the stress condi-
tions; (b) variations in the water content and in the initial
void ratio; (c) ateration of the soil structure; (d) chemical
variations; and (€) mixture and separation of the soil con-
stituents. The influence of the disturbance on the results of
laboratory tests depends on the type and degree of distur-
bance, the soil characteristics, and the technique usedin the
tests.

Ladd & Lambe (1963) (see also Sandroni, 1977) de-
fined that perfect sampling is correlated to the process
where the disturbance is limited only to the effects caused
by relieving field stress, however thereal sampling presents
additional disturbance. The sampling procedure varies the
stress state and induces disturbance of the soil (Fig. 1).

Jamiolkowski et al. (1985) considered some of the
factors that result in aterations during the sampling proce-
dure and preparation of the sample specimens. (a) varia
tionsin stress caused by opening of the hole; (b) removal of
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Figure 1 - Stress Paths during the tube sampling process (Ladd &
Lambe, 1963).

the field strength stress; (¢) geometry and type of the sam-
ple extraction equipment; (d) method used by the sample
extraction equipment; (e) relation between diameter of the
sampl e extraction eguipment and the sample specimens; (f)
transport, storage, and laboratory manipulation.

Leroueil & Jamiolkowski (1991) defined the distur-
bance as destruction of the agglutinate between the points
of contact of the grains, and indicated that the two main
causes of the disturbance are the distortion mechanics asso-
ciated with the operation of sampling, and the relief of the
total stressfield.

Hight (2000) examined the effect of sampling on the
behavior of soft clays, stiff clays and sands, and described
improvements that have been made to the methods of sam-
pling, which have enabled higher quality samplesto be ob-
tained.

Coutinho (2007) reported that in practical and re-
search worksin Brazil, sampling has normally been carried
out by means of athin walled stainless-steel tube (Shelby),
or by using a stationary piston sampler, 800 to 1000 mm in
length, with aninternal diameter measuring 100 to 110 mm,
and an arearatio of 7% respectively, in order to obtain sam-
ples of satisfactory quality. According to Coutinho (2008),
complementary procedures in each case must be estab-
lished by updating the knowledge base in the literature.
Aspects of the disturbance process of the sample are inevi-
table, but the degree of disturbance can be minimized
through improvements in sampling proceduresin thefield,
along with proper manipulation in the laboratory.

Oliveira(2002) commentsthat better-quality samples
can be obtained by adequately trained teams using Sher-
brooke sampling. Tanaka (2008) concluded that it is possi-
ble to obtain high quality samples of soft claysto depths of
400 meters using standard sampling methods that follow
technical recommendations.

Futai (2010) indicates that, the solutions adopted to
eliminate the unwanted effects on samples oftenincludethe
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use of the method suggested by Ladd & Foot (1974):
SHANSEP (“Stress History and Normalized Soil Engi-
neering Properties’).

Okumura (1971) listed some quantitative require-
mentsfor parametersto be used in evaluating sampling dis-
turbance. Such parameters must be: (a) Easy to determine
for perfectly undisturbed conditions; (b) Regularly variable
with disturbance, regardless of the depth of extraction, the
stress system experienced, and the sail type; (¢) Sensitiveto
change due to disturbance; (d) Easily and accurately mea-
sured.

3. Influence of the Sample Quality on
Strength Parameters

The sample quality has direct influence on the
strength parameters obtained in laboratory testing. Many
researchers haveinvestigated waysto understand and avoid
the disturbance processes. Santagata et al. (2006) present
the discussion about the effect of the sampling tube in re-
sults of triaxial ClU-C tests. Hight (2000) presents the fa-
miliar results of a conventional soft clay site investigation,
involving sampling and laboratory testing (Fig. 2a). It
shows the results of unconsolidated undrained (UU) tria-
xial compression (TC) tests on samples of Singapore ma-
rine clay, the majority of which were taken with a thich-
walled open drive sampler. There is a large scatter in the
data, most of which falls below the best estimate of in situ
shear strength in compression. Samples taken with a thin-
walled piston sampler lead to higher strength. Figure 2b
shows the comparison between the results of undrained
strength obtained from UU-C e CIU-C triaxial testsand in
situ field vane tests obtained by Teixeira (1972), Oliveira
(1991) and Oliveiraet al. (2000) in Clube Internacional of
Recife. The lower S, values, obtained by Teixeira (1972),
were caused by the disturbance of samples (Shelby type
samples with diameter of 60 mm) and test conditions (pro-
cedure and equipment). The reduction of S, valueswasin
the order of 50% in comparison with the results obtained by
Oliveira (1991) and Oliveiraet al. (2000).

Ortig&o (1980) performed UU triaxial testsand regis-
tered the variation of S, value with the diameter of sam-
plers, using piston samplers with different diameters. This
effect was studied theoretically by Baligh (1986), when
was introduced the concept of stress path. Baligh (1986)
showed that the disturbance increases when the relation be-
tween the thickness and diameter of the tube also increase.
Tube sampling can be causing yiel ding by compression and
shear because the cycles of compression-extension-com-
pression can be causing the destructuring of the soil. These
effects and the theoretical prediction of Baligh (1986) were
confirmed experimentally by La Rochelle & Lefebvre
(1971), Ortigdo (1980), Tavenas & Leroueil (1987) and
Hight et al. (1992).

Hight (2000) comments that the advantage of both
UC and UU testsisthat they show the full imprint of sam-
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Figure2 - (a) Results of unconsolidated undrained triaxial compression tests on thick-walled and thin-walled tube samples of Singapure
marine clay (Hight, 2000); (b) Undrained strength profile of the Clube Internacional -Recife (Coutinho et al., 1998).

pling effects, and the UC data in Fig. 3a confirms that
“block” samples taken by rotary methods can be of higher
quality than even the best tube samples. Between tube sam-
ples, thereisasignificant differencein measured strengths,
and, therefore, in levels of sample disturbance.

Coutinho et al. (1998) show results of the stress-
strength curve of UU triaxial tests performed in Recife soft
clays (samples of good and bad quality). It can be observed
the differencein the S, and ¢, values obtained (Fig. 3b).
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Figure 4 shows the influence of sample quality in the
obtained S, value. This influence is represented for differ-
ence between the sampler diameter and the relation of the
sampler/specimen’s diameters for Sarapui-RJ deposit (Or-
tigéo, 1980) and Clube Internacional - Recife deposit (Cou-
tinho et al., 1993).

For the Sarapui deposit, the S, valuesfor 8.0 m depth,
using sampler and specimens with diameters of 50 mm
(S, = 4.5 kPa), and sampler and specimens with diameters
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Figure 3 - (a) Unconfined compression tests on Ariake Clay (Hight, 2000); (b) Triaxial UU tests performed in poor and good samples -

Recife (Coutinho et al., 1998).
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Figure4 - UU Triaxid testsresults: (a) Sarapui (Ortigao, 1980); (b) Clube Internacional do Recife (Coutinho et al., 1993).

of 125 mm and 38 mm, respectively (S, = 13 kPa), provided
therelation of S, ,,/S,;, = 2.9. For Clube Internacional, the
relation for the second layer was equa to S, /S, = 1.8
(sampler of 101.6 mm diameter and specimen of 35.6 mm,;
and sampler of = 41 mm and specimen of 41 mm). It isob-
served that thelarger the diameter of the sampler and there-
lationship between the diameters of the sampler and the
specimen, the greater the S, value.

Clayton et al. (1992) show comparisons of stress
paths of Bothkennar clay sampled in different ways (Sher-
brook, Laval and piston samples) of Bothkennar clay. The
authors found that provided tube sampling strain excur-
sionswere limited to + 2% and that appropriate stress paths
were used to reconsolidate the material back to itsin situ
stress state, the undrained strength of the Bothkennar clay
would bewithin + 10% of itsundisturbed value. Strain path
tests on high quality (Laval and Sherbrook) undisturbed

= &
Y
Mo lised shear sires

samples of natural clay by Clayton et al. (1992) have con-
firmed that, in normally and lightly over-consolidated
clays, stiffnessis greatly affected by tube sampling, but un-
drained strength reductions are less significant and can, in
any case, berecovered by good reconsolidation procedures.

Hight (2000) showsthat the strength avail able around
the critical potential failure surface A-B-C beneath an em-
bankment constructed on this clay will vary by an amount
reflecting thelevel of anisotropy of thesoil (Fig. 5). Theav-
erage mobilized strength isindicated as S,. Experience has
shown that S, is often close to the average strength mea-
sured in simple shear, which in this case is similar to the
strength measured in UU tests on poor quality samples, so
that, when UUTC data is combined with a conventional
factor of safety, a safe design results. An improvement in
sample quality will lead to ahigher UUTC strength profile,
and if the same design procedure is adopted, i.e. using
UUTC strengths to represent an average mobilised
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Figure 5 - Inherent dangers in improving sample quality while neglecting anisotropy (Hight, 2000).
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strength, an unsafe design may result, unless the factor of
safety is modified.

4. Influence of the Sample Quality on
Compressibility Parameters

The quality of the sample directly influences the edo-
metric compression test. Skempton & Sowa (1963) ana-
lyzed the compressibility through the relations between in
situvoid ratio subjected to the samevertical stressc’ , (Usu-
ally consolidation) for more than 20 clays of different
lithologies. The authors observed that the void ratio can be
correlated with limits of liquidity, plasticity and depth, and
concluded that: (a) the relationship between e, and log ¢’
isessentialy linear; (b) for a certain value of (¢’ , ) nor-
mally consolidation depends fundamentally on the nature
and mineralogy of the clays and can be represented by the
liquid limit; (c) the compressibility curves tend to con-
verge; (d) theuse of theliquidity index reducesdispersion.

Ladd (1973) listed the following structural disar-
rangement effects in the oedometer compression curve: (a)
decrease of the void ratio (or increase in deformation) for a
o’ vaue;

(b) difficulty in defining the point of smaller curva-
ture; (c) reduction of the pre-consolidation pressure value;
(d) increase of compressibility in the recompression region,
and decrease in the compression region. Hight (2000)
shows in Fig. 6a, the bounding surfaces found for Saint
Louis clay, from East Canada, in block samplers, Laval
samples and 50 mm diameter piston samples. Tests on the
block and Laval samples define the same bounding surface,
which sits well outside the equivalent surface defined on
the basis of the poorer quality piston samples.

Coutinho (1976, 2007) presents a study with exam-
ples of comparative oedometer curvesfor samplestaken by
different samplers (Sherbrooke, Shelby 60 and 100 mm),
and their corresponding properties (Fig. 6b).

100

Oedometer curves are also shown for a completely
disturbed sample obtained from the laboratory. It is ob-
served that the better-quality sample was obtained with
Sherbrooke samplers (Coutinho et al., 2000). The results
confirmed al the effects caused by the disturbance de-
scribed by Ladd (1973). It also shows that the normally
consolidation range of agood quality curveisnot linear, as
usually described (“straight virgin”), but rather presents it-
self as a curve. The line recognized as a straight (virgin)
lineisin fact curved.

The void ratio relation vs. the effective pressure be-
comes linear with the disturbance. Compression curves are
similar for effective pressuresreaching high values. There-
lation between pre-consolidation pressures of good and
poor-quality sampleswasfound to be ashigh as 3, although
initial void ratios do not seem to be significantly influenced
by sampling quality. Significant reductions were also ob-
served in the compression index C,, in the permeability and
in the coefficient of vertical consolidation c, values as the
soil was disturbed through poor quality sampling proce-
dures (Table 1). In general, the swell index C_ showed a
slight increase with sampling disturbance (Coutinho, 1976,
2007). These effects cause errors in the evaluation of the
evolution of the settlements through time (the periods pre-
dicted for stabilization can be greater when based on sam-
ple disturbance).

The use of geotechnical parameters obtained from
poor quality samples can lead to serious technical and eco-
nomic consequences (Martins, 1983; Coutinho et al., 1998;
Oliveira, 2002; Coutinho, 2007, 2008; Almeida & Mar-
ques, 2010).

Figures 7a and 7b (Coutinho et al., 1998) show the
behavior of geotechnical parameters of depth compressibil-
ity for the SESI - Ibura (Recife) and Sarapui (Rio de Ja
neiro) sites, respectively. For both sites, the values obtained
for thecompressionindex (C ), the pre- consolidation stress
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Figure6 - (a) Shrinking of the bounding surface for Saint Clay asaresult of disturbance during sampling (Hight, 2000); (b) Oedometer
curves from samples taken using differing methods (Coutinho, 2007).
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Table 1 - Effect of sampling on one-dimensional consolidation for Recife and Sarapui-RJ clays (Coutinho et al., 1998).

Recife (International Club)

Sarapui (Rio de Janeiro)

Parameters Good/poor Good/disturbed Good/poor Good/disturbed
c’p 1.5-3.0 3.0-5.0 1.5-2.0 1.5-25
C 0.8-1.0 0.7-1.2 0.9-1.2 1.0-1.1
C. 1.2-2.0 1.2-21 1.2-15 1.4-1.7
C, (water level) 121 1.93 1.26 1.37
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Figure 7 - Compressibility parameters vs. depth; (a) SESI-Ibura - Recife (b) Sarapui-Rio de Janeiro (Oliveira, 2000).

(c’,) and OCR, for the samples of better quality were
higher compared to the disturbed/poor quality samples. The
relationships obtained were as follows: SESI - Ibura: (a)
C. waistactory! Ce poor iy = 2-4 for the 1st layer and 1.6 for the 2nd
layer; (0) OCR_¢u0/OCR oy quaiy = 3:6 (ON average) for

both layers; (€) C, iacor/ Cepoor quaiy = 1-2 fOr the st layer, not
varying for the 2nd layer; Sarapui: () C, wyaion/ Ce poor quaiy =

250

1.8; (b) OCR._, 4o/ OCR o, iy = 1.8. Theinitial void ratio
(e), the influence of the disturbance is not significant, in
both deposits.

Ferreira & Coutinho (1988) results show the influ-
ence of disturbance on the coefficient of consolidation (c,),
which causes alarge drop in ¢, valuesin the recompression
region, and a lower quantitative effect in the virgin com-
pression region (Ladd, 1973). In the normally consolidated
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region the ratios found for mean values of ¢, for samples of
good quality, poor quality and completely disturbed were
for the International Club, 2.3/1.9/1.0; and for Sarapui,
1.7/1.4/1.0, respectively.

Figure 8 shows correlations between C_ and e, con-
sidering the sample quality, for the SESI - Ibura and
Internacional Club sites. The samples were classified as
Very Good to Excellent (VG), Good (G), Regular (R),
Transition range between Regular and Poor (T), Poor (P)
and Very Poor (VP). In thisway, we attempted to perform
correlations with all samples obtained, separating what is
called satisfactory / adequate quality (VG, G and R) from
what is called inadequate quality (T, Pand VP). It was also
sought to verify the quantitative effect of the transition
band (T) on the correlation of samples with satisfactory
quality.

SESI - Ihura

0 | i k. L 3 {i

Itiseasily observed in Fig. 8 the effect of sample dis-
turbancein obtaining the C_. Considering e, = 3.0, C_values
of 1.67 (SESI - Ibura) and 2.43 (International Club) are ob-
tained for samples of satisfactory quality (VG + G+ R) and
for very poor samples, values of C_of 0.88 (SESI - Ibura)
and 1.44 (International Club). There was a decrease in the
vaue of C_of 90% for SESI-Iburaand 70% for the Interna-
tional Club, due to the poor quality of the samples.

Table 2 presents the results of the statistical correla
tions performed for the two sites of Recife. As can be ob-
served, the correlation coefficients (r’) are larger for the
SESI-Ibura deposit than the International Club results, as
the standard deviations are smaller. The quantitative effect
of the transition range (T) on the correlation of samples
with satisfactory quality was higher for the International
Club deposit.

1
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Figure 8 - Statistical correlation between C. and e,: SESI-Iburaand International Club - Recife (Coutinho et al., 1998).

Table 2 - Results of statistical correlations for the deposits studied in Recife (Coutinho et al., 1998).

Site Correlation C_ vs. g, Equation r’ Standard deviation
SESI - Ibura VG+G+R C.=0.695 (g, - 0.604) 0.92 0.18

VG+G+R+T C.=0.638 (g,- 0.373) 0.95 0.16

T+P C.=0.520 (g, - 0.011) 0.96 0.13

VP C.=0.308 (g, - 0.127) 0.88 0.06
International Club VB+G+R C.=0.757 (g, + 0.210) 0.61 0.29

VG+G+R+T C.=0.947 (e, - 0.388) 0.77 0.27

T+P C.=0.923 (g, - 0.557) 0.86 0.17

VP C.=0620 (e, - 0668) 0.64 0.18
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5. Evaluation of Sample Quality

5.1. Proposal of Coutinho (2007) from Lunne et al.
(1997)

A quantitative procedure for evaluation of the quality
of samples has been defined by NGI-the Norwegian Geo-
technical Ingtitute (Lacasse, 1988). This procedure uses
volumetric deformation (e,,) corresponding to theinitial ef-
fective vertical stress(c’ ) (EQ. 1). Thiscriterion was later
modified using the ratio Ae/e, by Lunne et al. (1997) (Ta-
ble3). Lunneet al. (1997) justify that avariationin void ra-
tio (Ae) is more detrimental to the soil structure the lower
theinitial void ratio (e)). In accordance with the proposal,
the relation Ae/e, is used as criterion for evaluating sample
disturbance, with Ae being the void ratio variation, and e,
being theinitia void ratio.

_ € —ec,vo

g, = 1
0 lre 1)

Coutinho (2007), from Coutinho et al. (1998) and
Oliveira (2002), based in Lunne et al. (1997) presented a
proposal for Brazilian clays (Table 3).

The proposal presents four groups used for the classi-
fication of samples: very good to excellent, good to regular,
poor, and very poor. Figure 9 shows the volumetric (e,) to
o’ profile obtained in oedometric testsin the two research
areas of UFPE (Internaciona Club and SESI-lbura). Re-
sults of Sherbrooke samples and completely dented sam-
ples were included. The straight vertical line presented
corresponds to the limits suggested by Lunne et al. (1997),
separating the samplesin satisfactory to unsatisfactory, for
the material investigated.

5.2. Proposal of Futai (2010)

Futal (2010) presented a proposa for evaluation of
sample quality through application of a normalized com-
pression curve using data from Brazilian deposits
(Fig. 10a). According to this proposal, the normalized cur-
ve(ID x (g, - e)/e)) allows direct evaluation of sample qual-
ity, distinguishing between good quality samples, and those
remolded or disturbed, for ID > 1 (clays that are normally
consolidated).

The restructuring index (ID) is presented in Eq. 2,
while Egs. 3and 4 makeit possibleto evaluate sample qual -
ity, and make comparisons using the results of compression
teststo adopt I D values, or classify them by direct use of the
curve limit presented in Fig. 10a.

ID=¢",/c", 2

wherec’, istheeffective pressure, ¢’ isthe pressure of the
oedometer tests, and g, isthe void ratio in the effective pro-
cedure.

Good quality samples must present:

0.22<(e,-e)/e,<0.32(for ID =3); 3
0.48< (e, -e)/e,<0.58 (for ID = 10). 4

Table 4 presents values of (ID x (g, - €)/e)) for Recife
and Sarapui claystaking into account different sample con-
ditions. Good quality samples are situated in the range of
recommended values (Egs. 3 and 4).

The proposals presented by Coutinho (2007) and Fu-
tai (2010) were used to classify the soft clay samples from
the Suape study areas (Bello, 2011). In the AE-1 and AE-2
study areas, 43% and 62% of the samples, respectively,
were classified as being of satisfactory quality according to
the Coutinho (2007) proposal (Table 5).

In spite of all the care taken during sampling and han-
dling procedures used for laboratory and field samples,
many were still classified as poor and very poor (unsatis-
factory). The presence of decomposing material in the
study area, as well as the difficulties encountered when
dealing with this type and consistency of soil, causes grea-
ter difficulty when attempting to obtain good quality sam-
ples.

6. Correction of compression parametersto
account for sample disturbance

Three proposalsfor correction of the effectsfrom dis-
turbance of the samples are presented and discussed in this
study: (a) Schmertmann (1955)-construction of the field
curve; (b) Oliveira (2002) - construction of new laboratory
compression curves (c) Coutinho (2007) - correction of
compression ratio (CR) and overconsolidation ratios
(OCR) or ¢’ parameters.

Table 3 - Proposed criteria for evaluation of sample disturbance by Coutinho (2007) and Lunne et al. (1997).

Overconsolidation ratio Aele, (Coutinho 2007)

(OCR) Very good to excellent Good to regular Poor Very poor

1-25 <0.05 0.05-0.08 0.08-0.14 >0.14
Aele, (Lunneet al. 1997)

(OCR) Very good to excellent Good to regular Poor Very poor

1-2 <0.04 0.04-0.07 0.07-0.14 >0.14

2-4 <0.03 0.03-0.05 0.05-0.10 >0.10
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Table 4 - Evaluation of sample quality (Futai, 2010).

Local and reference Sample quality (e,-€e)e,
ID=3 ID =10
Recife (Ferreira& Completely disturbed 0.07 0.20
Coutinho, 1988) Poor quality 0.12 031
Good quality 0.25 -
Rio de Janeiro (Ferreira& Completely disturbed 0.10 0.30
Coutinho, 1988) Poor quality 0.16 0.37
Good quality 0.25 0.50

Table5 - Classification of sample quality according to Coutinho (2007) proposal: results of Suape (Bello, 2011).

Areas Classification Samples (%)
AE-130samples  Very good to excellent 13.3
Good to regular 30.0
Poor 13 43.3
Very poor 133
AE-250samples  Very good to excellent 5 10.0
Good to regular 26 52.0
Poor 15 30.0
Very poor 4 8.0

A comparative study was performed with the objec-
tive of verifying the efficiency of corrections for geotech-
nical parameters/compression curves. The results obtained
were then compared with experimental values/curves from
good quality samples.

6.1. Schmertmann proposal (1955)

The Schmertmann (1955) proposal made it possible
to predict the curve for field compression. The pre-conso-
lidation pressure (o’ ) can be corrected in an interactive
manner, using the void ratio (e,) in the oedometer curveasa
base for differentiation between the corrected and labora-

tory curvesfor different pre-consolidation pressure values.
The symmetry point of the curve e, supposedly represents
theactual preconsolidation pressure (without disturbance).

Oliveira (2002) evauated the effect of the Schmert-
mann (1955) correction on the good, poor quality curves
constructed through the abacus for the three clays (Sarapui,
Ibura and Juturnaiba) by estimating the relationship be-
tween the other pre-consolidation curves and the precon-
solidation stress of the good quality curve corrected by
Schmertmann (1955), which was taken as areference (Ta
ble 6). The same was done for the compression ratio of the
first straight stretch (C.,). By analyzing the data in this ta-

Table6 - Geotechnical parameters obtained from the curves corrected by the Schmertmann (1955) methodol ogy (good and poor quality

experimental and built by the abacus) (Oliveira, 2002).

Clay Curve G, C. C Relation of C_/C_ good quality C./C, good quality
Sarapui (e, = 3.54) Good quality 42 29 0.33 1 1

Poor quality 25 1.64 - 0.75 0.59

Built by abacus 40 1.94 0.33 0.95 0.67
SESI-Ibura (e, = 3.84) Good quality 55 2.75 0.20 1 1

Poor quality 42 1.96 0.22 0.76 0.71

Built by abacus 40 2.14 0.20 0.72 0.78
Juturnaiba (e, = 4.24) Good quality 40 224 0.23 1 1

Built by abacus 32 2.49 0.23 0.80 111
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ble, it can be seen that the ¢’ and C_, ratios of the aba-
cus-constructed curves corrected by Schmertmann (1955)
range from 0.72 to 0.95 for ¢’ and from 0.67 to 1.11 for
C.,- This means that the curves constructed by the abacus
and corrected by the Schmertmann (1955) methodology,
can reproduce these parameters in at least 67% of their
value corrected from good quality experimental curves, the
results being well above a poor sample quality. The correc-
tion still approximates the curves of good quality and built
by the abacus.

By removing the poor quality samples, the mean cor-
rections and ranges of variation for each parameter are: (a)
Pre-consolidation pressure ¢’ average of 25% for more
and range of 8-39%; (b) Compressionindex C_,: average of
16% for more and range of 8-26%; (c) C, recompression in-
dex: mean of 20% for less and range of -68 to + 50%.

Jamiolkowski et al. (1985) state that the correction
typically increases between 10 and 20% the value of the
compression index C_ for samples of good quality of soft
and medium clays. In the clays studied by Oliveira (2002),
theresults obtained for good quality samplesarewithinthis
range (8-16%). Oliveira (2002) also comments that some
authors recommend that Schmertmann (1955) correction
be made, as Jamiolkowski et al. (1985), while Lunne et al.
(1997) only cite its existence without detailing or recom-
mending its use. Recently, Almeida & Marques (2010)
indicate the correction of Schmertmann (1955) in the com-
pression curves.

Bello (2011) presentsin Figs. 11aand 11b the experi-
mental oedometer curves representing good and poor qual -
ity samples, together with the corrected curves according to
the proposal from Schmertmann (1955). In good quality
samples, asmall correction isobserved in the compressibil-

i
a1 |
il P pEraniemal oaree

it T I T — R TR e L

24
-
.F-
e
= 13
% Ei 1% { 1:5m depih)
= o paliny
- L il A
= Saingde
‘B

k5

| | IlI Ii ll'_l |

Werlical stress (EPa)

ity parameters, however in poor quality samples significant
correction of these parameters is noted. The curves cor-
rected by the Schmertmann methodology (1955) are al-
ways above the good quality curves.

6.2. Oliveira proposal (2002)

Oliveira (2002) suggested a simple method for con-
struction of a proper oedometer curve, using the results of
oedometer tests performed in Sherbrooke soft clay samples
from Rio de Janeiro and Recife. These curvesare compared
with the experimental curves, and can be used to estimate
thefirst calculations. The method adoptstheinitial void ra-
tio for use as input data, since its value is approximately
constant, and does not depend on disturbance. A calcula
tion method was developed for the curves considering the
final and initial voidratio (e/e)) vs. theinitial void ratio (e,)
for each stress normally used in the laboratory (Fig. 12).

The following steps describe the methodology
needed to construct the curve: (a) identify the void ratio of
the sample; (b) enter the void ratio into the calculationsin
order to determine the e/e, relation for each stressnormally
used in the oedometer tests; (c) calculatethefinal void ratio
for eachload period; (d) construct anew oedometer curve.

The abacus proposed by Oliveira (2000) has the ob-
jective of constructing curves equivalent to those of good
experimental quality, which are not free of even dlight dent-
ing. The compressibility parameters are corrected by re-
reading the oedometric curve.

In order to evaluate this proposal, Oliveira (2000) se-
lected samples from three Brazilian clays: Sarapui-RJ, |bu-
ra-PE and Juturnaiba-RJ. The constructed curvesare shown
inFigs. 13 (a), (b) and (c), together with experimentally ob-
tained oedometric curves.
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Figure 11 - Experimental oedometer curves, and curves constructed by Oliveira (2002) calculations: (a) good quality, AE-1 study area;

(b) poor quality, AE-2 study area (Bello, 2011).
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Figure 12 - Calculations used to construct the oedometer curve
(Oliveira, 2002).

The curves constructed from the proposed abacus ap-
proximated the experimental curves of good quality. In the
case of Sarapui clay, the agreement between the good qual -
ity curves and those built by the abacusisvery good at low
stress, up to about 100 kPa; from this value the agreement
reduces, presenting asmaller setback. Inthe lburaclay, the
curve constructed by the abacus lies below the experimen-
tal curve up to about 160 kPa, when the curves meet. De-
spite this fact, the curves have good agreement. In both
cases, the shape of the curves is similar and distinct from
thepoor quality curve. Inthe Juturnaibaclay, thecurvesare
practically paralel from the stress of 20 kPa, with a final
void ratio difference for each pressure, approximately

equal to 0.3 (or 7% of theinitial voidratio e, = 4.24), in the
sense of greater (seeresultsin Table 7).

Figure 14 presents curves constructed by using the
calculations based on experimental oedometer curves ob-
tained in good and poor-quality samples from the Suape
study areas (Bello, 2011; Coutinho & Bello, 2012). The
curves produced from the calculations feature characteris-
tics of curves from good quality samples. The compress-
ibility parameters are obtained from the corrected curve.

Table 8 presents geotechnical parameters obtained
from the experimental curves, and the curves constructed
from the Oliveira (2002) calculations. The experimental
recompression index (C) is greater than that of the con-
structed curve. The experimental preconsolidation stress
and the compression index (C)) are smaller than that of the
constructed curve. In the AE-1 study area, the C, o', C,
relations (experimental curves/ curves constructed) varied
from 1.25t03.17 for C, from 0.23t00.94 for ¢’ and from
0.551t0 0.97 for C.. In the AE-2 study area, theC, o', C,
relations varied from 1.80 to 3.89 for C, from 0.19 to 0.80
for o', and from 0.51 to 0.99 for C_. The results show an
improvement in the constructed curve, particularly for
those relating to poor quality samples. Considering the pre-
vious studies performed by Oliveira (2002) and the results
obtained for Suape soft clays, the potential can be seen for
this methodology, along with its usefulness in correcting
the oedometer curves, and obtaining compressibility pa-
rameters that correspond to good quality samples.

6.3. Proposal of Coutinho (2007)

Coutinho (2007) presented a correction proposal
based on the relation involving the compression ratio (CR)
and the overconsolidation ratio (OCR) with specific defor-
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Figure 13 - Experimental oedometer curves (Coutinho et al. (1998) and constructed by the abacus (good and poor quality): (a) (e, =
3.54), Sarapui; (b) (e, = 3.84), SESI-Iburg; (c) (e, = 4.24), Juturnaiba (Oliveira, 2002).

256

Soils and Rocks, Séo Paulo, 42(3): 245-263, September-December, 2019.



Evaluation of Sample Quality and Correction of Compressibility and Strength Parameters-Experience with Brazil Soft Soils

Table7 - Geotechnical parameters obtained from the experimental oedometric curvesand constructed by the abacus (Oliveira, 2002).

Clay Curve G, C, C, (beginning of Relation of toc’,, RelationoftoC,  C /C, good
the curve) good quality good quality quality
Sarapui Good quality 39 25 0.12 1 1 1
(&=354)  poor quality 21 1.12 0.63 0.54 0.45 5.25
Built by abacus 30 16 0.22 0.77 0.64 1.83
SESI-lbura  Good quality 43 2.55 0.16 1 1 1
(&,=384)  poor quality 11 0.95 0.68 0.26 0.37 4.25
Built by abacus 32 1.84 0.50 0.74 0.72 312
Juturnaiba Good quality 33 2.03 0.27 1 1 1
(&,=4.24)  Buiilt by abacus 23 1.98 0.48 0.70 0.98 1.78
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Figure 14 - Experimental curvesand curves constructed by use of the Schmertmann proposal (1955): (&) good quality, study area AE-2;
(b) poor quality, study area AE-1 (Bello, 2011).

Table 8 - Corrected compressibility parameters values from Oliveira (2002) proposal: AE-2 study area, Suape (Bello, 2011).

Verticd Depth(m) o’ Classification Parameters
Coutinho (2007) Experimentals Corrected (Oliveira, 2002)
G OCR C, C, G OCR C, C,

SP102 15 6.2 Good to regular 20.0 32 0.8 31 30.0 4.84 0.81 1.80

6.0 15.2 Good to regular 9.0 0.6 13 0.2 12.0 0.79 131 0.17
SP105 55 27.3  Poor 6.0 0.2 11 0.1 14.0 0.51 125 0.08
SP106 45 19.5 Good to regular 6.0 0.3 14 0.2 32.0 1.64 151 0.18
SP109 6.3 30.0 Very poor 16.0 0.5 21 0.4 18.0 0.60 2.50 0.09
SP123 17 6.1 Poor 12.0 20 0.6 0.1 26.0 4.26 0.86 0.10
SP121 25 19.6 Poor 16.0 0.8 16 0.2 45.0 2.30 245 0.19
SP128 35 10.5 Poor 13.0 12 0.9 0.2 20.0 1.90 1.10 0.17
SP137 04 55 Poor 8.0 15 18 0.2 20.0 3.64 3.60 0.07
SP138 29 5.7 Good to regular 10.0 18 20 0.4 20.0 351 3.80 0.22

3.9 11.1  Very poor 20.0 1.8 22 0.2 25.0 2.25 2.30 0.12
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mation (e ), that represents the quality of the sample. A
greater decrease can be verified in the CR and OCR values
when ¢, increases and a minimum limit exists where the
samples are almost totally disturbed.

Figures 15aand 15b show, respectively, the compres-
sion ratio (CR) and overconsolidation ratio (OCR) vs. ¢,
for the SESI-lIbura deposit. Coutinho et al. (1998) and
Coutinho et al. (2000) comment that, as expected, CR and
OCR valuesdecreasestrongly when e increases. Thereisa
minimum limit for CR values (20%) and for OCR values
(0.25), where the samples are ailmost completely dented.
This type of correlation may be useful for an approximate
correction of CR and OCR values, considering the quality
of sampling in practical projects. In this type of work, the
sampling process often does not utilize the recommended
procedures and field teams with adequate training.

Figures 16 (a) and 16 (b) present the correlations be-
tween CRand ¢’ vs. g, respectively, for the AE-2 study
area (SUB-AREA A). Each layer isrepresented by a curve
correlating to soft soil deposits containing different com-

pressibility layers (different CR and o’ values for each
layer). Results found in SUB-AREA A seem consistent
with the observations of Coutinho (2007) on the behavior
of soft clays of Recife. The relation between the value of
o’ obtained in samples of good quality and in samples of
poor quality was in the order of 3 (considered high), how-
ever e, does not appear to be significantly influenced by the
quality of the sample.

The results obtained in the Suape areas showed rea-
sonable correlations of CR and ¢’ , vs. ¢, for soft layers,
allowingfor correction of theCRand ¢’ values by consid-
ering e, valuescorresponding to very good - excellent qual -
ity samples. The correction can be particularly important
when considering poor quality samples in practical pro-
jects.

6.4. Proposal of the normalized oedometric curve pre-
sented by Futai (2010)

Futai (2010) proposed to use normalization of the
compression curves in calculations of repression. The

il
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equations to estimate settlements do not require the values
of C_ou C/(1+e) and nor of correlations. Itisonly neces-
sary to know theinitial void ratio, the history of stress and
the loading. Therefore, the author believes that this is a
more rational way of calculating settlements, and empha-
sizes the need to verify if the normalized compression
curve of the soil fallswithin the classification range of good
quality sample before applying the proposed cal culation of
setbacks. However, the author does not comment on the
correction of sample curves classified as poor quality for
use in the calculation of settlements.

From the data of tests in clays of different Brazilian
localities and collected in the international literature, Futai
(2010) applied the normalization of oedometric compres-
sion curves to evaluate the sample quality.

In the proposal, two sections were considered: ID > 1
(usually consolidation), and ID > 1 (final vertical stress
greater than the yield stress). The normalized compression
curve, for ID > 1, can be represented by alogarithmic func-
tion (Eq. 5). Inthe section ID < 1, therelation islinear, and
the field void ratio is used as reference (EQ. 6).

e=g,.(1-&.In(ID)) (5)

g —e
&

=%.(D, -1 (6)

where § is an adjustment coefficient equal t0 0.23,and y is
the angular coefficient of the line equal to 0.06.

And so it is possible to calculate the void ratio for
yielding (Eq. 7).

e0
= 7
% 106-(0.061D ) @)
where ID, equals the relation of the effective vertical field
stress (¢’ ,,) with the yield stress (c”,).

Based on these criteria, it is suggested that samples
that were not included in the good quality bands proposed
by Futai (2010), be corrected to obtain a new value of the
yield stress (o’ ). In Eq. 7, the parameters e, ID, and ¢’
are known, as well as ¢’ obtained directly from the tet,
thus obtaining e,in asimple way. In the second stage of the
procedure, Eq. 5 would be used, since it is a reference for
samples of good quality. The void ratio used would corre-
spond to the final loading pressure, where it coincides with
thereference line. By devel oping the equation, we arrive at
the value of theyield stress.

Table 9 showstheresults of the o’ correction by the
proposed Futai standard curve (2010) obtained inthe AE-1
study area (E98 and E137) and in the AE-2 study area
(E109 and E138, together with the results of the correction
proposed by Oliveira (2002).

Table9 - Correction of the preconsolidation stress according to criteria of Futai (2010)-Suape (Bello, 2011).

Stake Sample Quality Coutinho (2007) Pre-consolidation stress o’ (kPa)
Oedometric Futai (2010) Oliveira (2002)
E98 AM1 Poor 9.0 204 27.0
AM2 Very poor 7.0 37.8 30.0
AM3 Good to regular 4.0 8.9 15.0
AM4 Very good 6.0 16.8 19.0
E137 AM1 Good to regular 21.0 19.91 22.0
AM2 Poor 22.0 23.34 26.0
AM3 Very good 9.0 14.91 13.0
AM4 Good to regular 35.0 40.47 36.0
AM5 Good to regular 30.0 42.23 31.0
E109 AM1 Good to regular 19.0 259 21.0
AM2 Good to regular 16.0 17.97 17.0
AM3 Good to regular 20.0 21.02 22.0
AM4 Good to regular 26.0 25.37 26.0
AMS5 Very poor 16.0 26.51 18.0
E138 AM1 Good to regular 8.0 15.12 12.0
AM2 Very poor 10.0 16.47 20.0
AM3 Good to regular 14.0 25.26 17.0
AM4 Very poor 20.0 22.30 23.0
AM5 Good to regular 28.0 30.10 28.0

Soils and Rocks, Séo Paulo, 42(3): 245-263, September-December, 2019.
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In samples of good quality the proposal reached val-
uesof ¢’ higher than the values obtained experimentally.
In samples of poor quality the values of ¢’ corrected by
the proposal were significantly higher than the values ob-
tained experimentally. Comparing the proposed correction
of o’ with the Futai (2010) normalized curve and the pro-
posal for the construction of new oedometric curves sug-
gested by Oliveira (2002), the results of o’ were alter-
nated in each sample tested, concluding that in the
application of the two corrections satisfactory results can
be obtained.

The proposed correction of o’ by the normalized
curve of Futai (2010) constitutes a tool of simple applica-
tion to obtain values of ¢’ not influenced by the molding.
In general the results of the application of the ¢’ correc-
tion by the normalized curve were stimulating in Suape soft
clays. Itissuggested to usein other Brazilian claysreported
in the literature.

The initial proposal of Futai (2010) had as objective
touseair standard curvesto evaluate samples and calculate
settlements. It isonly necessary to know theinitial void ra-
tio, the stress history and the loading. Apparently there was
no interest in constructing the curvesto obtain other param-
eters. Inthiswork, it is suggested to construct the corrected
oedometric curvesfrom this proposal to obtain the parame-
ters.

Bello (2011) and Coutinho & Bello (2012) comparing
the results of the correction proposal for Suape soft clay
samples, made some observations:

(a) The Oliveira (2002) proposa amounts to a simple pro-
cedure, where only theinitial void ratio and the oedo-
meter test pressures are needed. All of the curve’ s cor-
responding points must be determined. Considering
the studies carried out by Oliveira (2002) applied in
the clays of Recife, Juturnaibaand Sarapui, and there-
sults found in the clays of Suape, the potentia of the
proposal for correction of the oedomometric curvesis
verified.

(b) The o', value obtained by the Schmertmann (1955)
proposal was practically unmodified when consider-
ing good quality samples. A significant differencewas
observedinthec’  corrected valuewhen dealing with
poor quality samples.

(c) In the Coutinho (2007) proposal, it was possible to ob-
tain corrected CR and OCR values by considering the
g,, value corresponding to very good and excellent
quality samples. Correlationsfor each soft soil layer of
the deposit must be constructed.

Figure 17 for the AE-1 Suape study area shows a
comparison between the experimental oedometer curve
(poor quality samples), and the curves constructed by the
Oliveira (2002) caculations and Schmertmann proposal
(1955) (Coutinho & Bello, 2012). It can be observed that
the corrected curve for good quality experimental samples
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Figure 17 - Oedometer curve and curves constructed by Oliveira
(2002) and Schmertmann (1955) proposals (Coutinho & Bello,
2012).

approximates the Schmertmann (1955) curve (field curve).
The o’ values obtained from the two corrected curves are
similar (around 24 kPa), and the recompression ratio is
slightly greater in the Schmertmann curve.

7. Correction of Strength Parametersto
Account for Sample Disturbance

For correction of thevalue of S, isproposed the use of
the relationship of resistance (S/c’,,) vs. the IP plasticity
index. The values of ¢’ are considered corrected for the
effect of the sample's denting (see Schmertmann, 1955;
Oliveira, 2000; Coutinho, 2007; Futai, 2010).

Figure 18 showstherelation S, /o', vs. | P proposed
by Mesri (1975), Coutinho et al. (2000) modified from
Skempton (1957), Larsson (1980) and Mayne & Mitchell
(1988), together with the mean values of various Brazilian
clays, including Recife and Suape (SUB-AREASA and C).
For Recife and Suape clays, the pointsfall between the cor-
relations of Larsson (1980) and Mesri (1975), forming
upper and lower limits respectively. The proposa from
Coutinho et al. (2000) represents clays from Recife, Jutur-
naiba-RJ, Sarapui-RJand satisfactorily for Suape. The poor
quality samples had the ¢’ value corrected (see Coutinho
& Bello, 2012; Bello, 2011).

The equation of the resistance relationship obtained
by Coutinho et al. (2000) modified from Skempton (1957)
isproposed in thiswork to be used asacriterion for correct-
ing the value of S, Table 10 presents a summary of the re-
sults of the S, correction of Suape’s AE-1 study area. The
corrected S, valueswere around + 16% higher in relation to
the S, values obtained in the field vane tests.

This new proposal constitutes an efficient tool and
easy to apply to obtain the S, value, indicative of samples of
good quality.

Soils and Rocks, Séo Paulo, 42(3): 245-263, September-December, 2019.
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Table10- Summary of S, valuescorrected according to Coutinho et al. (2000) modified from Skempton (areaof study AE-1 - Suape).

S, ..o ., Equation (Coutinho et al., 2000 apud o IP S e S o
Skempton, 1957)

1st stretch 0.30 0.539 27.0 116.04 8.20 14.56
0.73 0.546 20.0 117.72 14.60 18.91

0.27 0.469 17.0 96.92 453 7.97

0.26 0.391 30.0 75.91 7.90 11.73

0.15 0.421 29.2 83.98 8.00 12.29

0.27 0.373 33.0 7111 8.82 12.31

2nd stretch 0.34 0.557 310 120.93 10.51 17.28
0.47 0.535 25.8 114.83 12.04 13.80

0.69 0.527 28.4 112.65 14.71 14.96

0.43 0.495 22.0 104.15 9.40 10.90

0.28 0.591 21.0 130.00 6.00 12.41

8. Conclusions

This study presented and discussed results from sam-
plequality evaluations, and correction of the effectsof sam-
ple disturbance of Brazilian soft clays.

Results from the Coutinho (2007) and Futai (2010)
proposals were similar, and may be considered satisfactory
for evaluating and quantifying the quality of Suape soft
clay samples. Overal, within this study, more than 50% of

Soils and Rocks, Séo Paulo, 42(3): 245-263, September-December, 2019.

the samples were classified as being of satisfactory quality
(very good to excellent, and good to regular).

The Schmertmann (1955), Oliveira (2002) and Cou-
tinho (2007) proposals were used for correcting the com-
pressibility parameters from samples whose quality was
classified as unsatisfactory. The proposals studied for cor-
rection use produced parameters corresponding to very
good/ excellent field curves. The corrections can be partic-
ularly important for use with poor quality samples. For use
in project, the corrections must be utilized for al of theim-
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portant parameters, or simply throughout the complete cur-
ve.

In a study of sample quality, it is very important to
make use of aregiona / local data base in order to obtain
proper correlations, and to be ableto verify standard behav-
ior.
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Performance Evaluation of Rigid Inclusion Foundations
in the Reduction of Settlements

J.F.R. Rebolledo, R.F.P. Ledn, J. Camapum De Carvalho

Abstract. In this study, numerical modeling is used to evaluate the performance of rigid inclusion foundations for settle-
ment control considering the characteristic soils of the city of Brasilia, Federal District, Brazil. Two- and three-
dimensional (2D and 3D) PLAXIS software models were used considering the Hardening Soil constitutive model parame-
ters previously obtained, calibrated and validated by the authors. First, the general concepts regarding systems with rigid
inclusions are presented. Then, parametric 2D axisymmetric numerical modeling is shown, where the spacing between in-
clusions, the height of the distribution layer and the soil conditions were varied. The load transfer mechanisms were ana-
lyzed, including the performance of rigid inclusions for settlement control. Finally, 3D modeling was performed with the
information from areal project located in the Federal District. In the 3D modeling, the performance of therigid inclusion
foundation was compared with that of a slab foundation solution; then, the obtained settlements and angular distortions
were compared with the serviceability limit states indicated in the literature. The results show that for the analyzed condi-
tions, rigid inclusion foundations can be considered to be reliable foundation solutions. However, feedback from instru-

mentation cases in the city of Brasiliais required to further validate the design considerations.
Keywords: 3D model, angular distortion, numerical modeling, rigid inclusions, settlement control performance.

1. Introduction

Theregion of the Federal District of Brazil is covered
by a detritus-laterite soil mantle from the Tertiary-Qua-
ternary age called “porous clay”. Thissuperficial clay layer
presents a porous and highly unstable structure, with high
voidratio and low shear strength resistance; therefore, deep
foundations are widely used. In this study, numerical mod-
eling is used to evaluate the performance of rigid inclusion
foundations for settlement control.

Inclusions have been commonly used all over the
world as foundation solutions, primarily for road and rail-
way embankments (Zanziger & Gartung 2002; Quigley et
al., 2003; Wood 2003; Almeidaet al., 2011; Okyay et al.,
2014; Fonseca & Palmeira, 2018). Since the late twentieth
century, in North America (LOpez et al., 1999; Santoyo &
Ovando, 2006; Rodriguez, 2001, 2010; Rodriguez & Au-
vinet, 2006; Auvinet & Rodriguez, 2006) and in Europe
(Combarieu, 1990; Pecker, 2004; Simon & Schlosser,
2006; ASIRI, 2011, Briangon et al., 2015), this solution has
been studied and employed for settlement control and to
lower the costs of deep foundations for buildings on diffi-
cult soil conditions. Currently, the use of inclusionsis one
of the most employed deep foundation techniques under
these conditions due to good performance (Briangon et al.,
2015) and low cost compared to other solutions (Rodriguez
& Auvinet, 2006). Therefore, the objective of this paper is

to evaluate the use of thistype of foundation for situations
involving superficial layers of collapsible porous soils,
such asthose present in the stratigraphy of the city of Brasi-
liain the Federal District of Brazil.

The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
supported by the soil to these elements.

In this study, the performance of rigid inclusion foun-
dations in settlement control is evaluated through numeri-
cal modeling. Two- and three-dimensional (2D and 3D)
PLAXIS software models were used considering the me-
chanical parameters of the characteristic soils of the city of
Brasilia, obtained, calibrated and validated (Rebolledo et
al., 2019) for the Hardening Soil (HS) model based on labo-
ratory and field test results obtained in previous studies
conducted in the Experimental Field of the University of
Brasilia (CEGUNB).

To evauate the influence of the main geometric vari-
ables of the foundation on settlement control, parametric
2D axisymmetric modeling was performed. The analyses
were performed using the soil stratigraphy and properties
of the CEGUNB for natural moisture conditions and with
thefirst 3.5 m of the saturated soil. Thelatter condition was
investigated to consider the significant increase in the soil
moisture in this active zone during the rainy season.

Additionally, 3D modeling was done with informa-
tion from areal project located in the Federal District. The
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performance of the rigid inclusion foundation was com-
pared with that of a single-slab foundation solution; then,
the settlements and angular distortions obtained were com-
pared with the serviceability limit statesindicated in the lit-
erature.

2. Rigid Inclusions

2.1. Main characteristics

A foundation with rigid inclusions has five compo-
nents that interact with each other, as shown in Fig. 1: the
foundation (slab or footing), the distribution layer or load
transfer platform, therigidinclusions, the column caps (op-
tional), and the surrounding soil. A rigid inclusion founda-
tion solution should incorporate all of these components.

Commonly, in embankment projects, the distribution
layer is composed of granular soils reinforced with geo-
synthetics, but for building foundation projects, the distri-
butionlayer iscommonly composed of compacted soils. To
increase the shear strength and stiffness of the distribution
layer, the material of thislayer can be mixed with cement,
lime or another chemical or physical additives.

Inclusions are cylindrical or prismatic elements with
no direct contact with the foundation (slab or footing) that
can be placedin the ground using different techniques, such
as bored piles, jacked piles, precast-concrete pile driving,
steel pipe piledriving, micropiles, continuousflight augers,
low-pressure grouting, jet grouting, and stone columns, i.e.,
any type of deep foundation that hasarigidity considerably
greater than that of the ground the foundation reinforces.
According to the Soil Improvements through the use of
Rigid Inclusions (ASIRI) National Project (2011), the con-
cept of rigid inclusions is based on the hypothesis that the
structural stability of an element is guaranteed without the
lateral confinement of the soil.

In this study, we assumed that the rigid inclusions
were constructed using the continuous flight auger tech-
nigue because, compared with other techniques, the flight
auger technique produces small disturbances in the exca-
vated soil, has relatively high performance and is widely
used in Brazil; however, any of the methods mentioned
above can be used.

Fanting mifl
= Disirdbution
Laver
—— Lolumn cap

Rigid inclisien

— Reinlarced
aiil

Figure 1 - General scheme of arigid inclusion foundation.
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2.2. Load transfer mechanism

The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
supported by the soil to these elements. A complex interac-
tion develops between the reinforced soil, the inclusions
and the distribution layer, as shown in Fig. 2a. To under-
stand the inclusion-soil and soil-inclusion load transfer, we
can use concepts similar to those accepted for piles, as
shown in Fig. 2b (Vesic, 1970; Rodriguez, 2010; Comba-
rieu, 1990; Rodriguez et al., 2015; Briancon et al., 2015).
Initially (Fig. 2a), thedistribution layer transferstheload of
the structure to the inclusion cap (g.) and to the reinforced
soil (q); then, the reinforced soil transfers the load to the
upper inclusion shaft as negative skin friction (f%); finaly,
theinclusiontransferstheload through theinclusiontip (q,)
and through the lower inclusion shaft as positive skin fric-
tion (f*). Both negative and positive friction are separated
by aneutra point (z), where no relative displacement oc-
curs between the inclusion and soil.

The distribution layer or load transfer platform isin-
tended to transfer most of the load from the structure to the
rigidinclusions, g.. The geotechnical and geometric charac-
teristics of thislayer influence the efficiency of the transfer
because these characteristics can increase the stresses at the
heads of theinclusions (g,, Fig. 2a) and reduce the stresses
in the soil to be reinforced (g). Additionally, the distribu-
tion layer absorbs the loads transferred by the inclusion
heads (column caps or top of the piles, according to the
case), which prevents the inclusion heads from punching
the foundation slab, and homogenizes the settlements, en-
suring efficient foundation performance. The parameters
that have the most influence on this efficiency are the fric-
tion angle of the compacted material, the spacing and head
diameter of the inclusions and the thickness of the distribu-
tion layer (BSI, 2010). According to Fonseca & Palmeira
(2018), to obtain the load transfer efficiency of geosyn-
thetic reinforced piled embankments, analytical methods
are commonly used, but the results obtained are signifi-
cantly different. Generally, methods based on arching
stresses such as the British Standard BS 8006 (BSI, 2010)
showed satisfactory results.

According to Rodriguez (2010), theuse of rigid inclu-
sion systemsis more economical than the use of other deep
foundation solutions, mainly because:

1) inclusions do not require steel reinforcement (Fig. 2) be-
causeonly small compressiveloadsdevelopintheele-
ment,

2) the foundation slab or footing does not require steel rein-
forcement (Fig. 2) to transfer load to the inclusions,
since the top of the inclusions are located at a depth
sufficient to prevent the inclusions from reacting as
point load to the foundation slab or footing, and

3) the magnitudes of theloadstransmitted by theinclusions
are low, so a concrete with low resistance can com-
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Figure 2 - Load transfer mechanism and axial load (Q) developed along a) rigid inclusion foundation and b) piled raft foundation.

monly be used (compressive strength of the order of
10 MPa).

3. Aspects of the Numerical Modeling

3.1. Stratigraphy used in the modeling

For thisstudy, the stratigraphy of CEGUNB, shownin
Fig. 3, was considered. This program provides valuable
geotechnical information obtained from surveys, in situ
tests, laboratory tests and loading tests on superficial and
deep foundations (Pérez, 2017; Jardim, 1998; Sales, 2000;
Guimarées, 2002; Mota, 2003; Coelho, 2013; Sales et al.,
2015). According to this information and the tropical soil
profiles proposed by Cruz (1987) and Cardoso (2002),
Rebolledo et al. (2019) defined the typical stratigraphic
profile of the CEGUNB, as shown in Fig. 3.

For the numerical simulation of soil behavior based
on the information from the CEGUNB, the HS model
(Schanz et al., 1999; Brinkgreve et al., 2014, 2015) of the
software PLAXIS was used. The HS model is one of the
most compl ete constitutive models of PLAXISand is capa-
ble of:

1) calculating the total strains using a stress-dependent
stiffnessthat is different for loading and unloading/re-
loading conditions, and

2) modeling irreversible strains due to primary deviatoric
loading (shear hardening) and modeling irreversible
plastic strains due to primary compression under oe-
dometric and isotropic loading (compression harden-

ing).

Soils and Rocks, Séo Paulo, 42(3): 265-279, September-December, 2019.
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Figure 3 - CEGUNB profile used in the model (Rebolledo et al.,
2019).

Rebolledo et al. (2019) developed a methodology to
obtain, adjust and validate the mechanical parameters of
characteristic soils of the city of Brasiliafor the HS model,
making use of laboratory and field test results obtained in
previous studies conducted in the CEGUNB. The methodol -
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ogy presented began with the eval uation of the strength and
compressibility parameters of triaxial CU tests (with isotro-
pic and anisotropic consolidation) and one-dimensional
consolidation tests, respectively (Guimaraes, 2002). Then,
the parameters obtained for the HS model were calibrated
through the explicit numerical modeling of the tests using
the finite element method (FEM) and the Soil Test module
of the PLAXIS software. Based on the evaluation and cali-
bration of these parameters and the proposed soil profile
(Fig. 3), ageotechnical model based on the natural moisture
state of the CEGUNB was proposed for the HS model,
shown in Table 1. This geotechnical model was validated
through numerical modeling of the load testing of footings
and piles conducted in the CEGUNB (Sales, 2000; Gui-
maraes, 2002).

Using the same methodol ogy and with thetriaxial and
consolidation tests performed by Guimaraes (2002), Pérez
(2017) determined the HS model parametersfor thefirst 3.5
m in depth of porous clay from Brasilia in the saturated
moisture state, as shown in Table 2.

3.2. Definition of the problem geometry

To define the diameter of the inclusions, the studies
by ASIRI (2011) and Guimaraes (2002) were considered.

According to ASIRI (2011), for nonreinforced concretein-
clusions constructed on site that do not rely on amicropile-
type technique, the typical minimum diameter is 25 cm.
According to Guimaraes (2002), mechanically excavated
piles, which are of great use and versatility in the Federa
District of Brazil, can reach 25 m in depth, with diameters
varying from 30 to 110 cm.

In this study, the inclusions were modeled with a di-
ameter of 30 cm and placed at adepth of 9.5 m, thus pene-
trating 1 m into the noncollapsible soil layer to ensure the
load transfer from the inclusions to a more competent stra-
tum. For the load distribution layer, thicknesses ranging
from 0.5to 2.5 m were considered, according to the recom-
mendationsof ASIRI (2011). The slab was considered flex-
iblewith athicknessof 0.20 mwith the properties described
in3.3.

According to ASIRI (2011), the minimum center-
to-center spacing between inclusions is three times the di-
ameter of the element (3D) if theinclusions are constructed
on asite with minimum soil disturbance. Hence, the mini-
mum inclusion spacing considered in the parametric analy-
siswas1lm (~ 3D).

Table 1 - Geotechnical model proposed by the CEGUNB for the natural moisture state for the HS model (Rebolledo et al., 2019).

Parameters Layer number

1 2 3 4 5 6

Porous sandy clay Lateritic residual soil Saprolitic soil

Depth (m) 0-15 15-35 35-50 50-7.0 7.0-85 85-20.0
v (KN/m?) 13.1 12.8 13.9 14.3 16.0 18.2
¢ (kPa) 5 5 5 20 75 20
o (°) 25 25 26 32 20 22
v (°) 0 0 0 0 0 0
EX (MPa) 3.2 25 4.0 12.0 13.2 12.2
E¥ (MPa) 49 1.45 22 6.9 7.0 5.7
E'® (MPa) 14.0 14.0 36.9 375 54.0 54.0
m 0.5 0.5 0.5 05 0.5 0.7
v, 0.2 0.2 0.2 0.2 0.2 0.2
p* (kPa) 100 100 100 100 100 100
R 0.8 0.8 0.9 0.9 0.9 0.8
POP (kPa) 65.7 318 0 314 0 0
Koe 0.58 0.58 0.56 0.47 0.66 0.63
K, 1.37 0.77 0.56 0.56 0.66 0.63

y: unit weight of moist soil, ¢ and ¢’: the effective shear strength parameters, v: dilatancy angle, Eo : the reference secant stiffness
modulus for the drained triaxial test, E(’; : the reference tangent stiffness modulus for oedometric loading, E[f‘ : the reference stiffness
modulusfor unloading and reloading conditions, m: the exponent that defines the strain dependence of the stress state, v,,: unloading/re-

loading Poisson’sratio, p: the reference isotropic stress, R: the failure ratio, POP: the preoverburden pressure, K°: the coefficient of
the earth pressure at rest for normal consolidation, and K: coefficient of earth pressure at rest.
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Table 2 - Geotechnical model proposed for the CEGUNB for the
first 3.5 m in depth in the saturated moisture state for the HS
model (modified from Pérez 2017).

Parameters Layer number

1 2

Porous sandy clay

Depth (m) 0-1.5 1535
v (KN/m°) 16.5 16.4
¢ (kPa) 0 0
o () 26 26
v (°) 0 0
EX (MPa) 2.2 21
EX (MPa) 0.96 0.83
E/* (MPa) 13.0 13.0
m 0.65 0.80
v, 0.2 0.2
p* (kPa) 50 50
R 0.75 0.75
POP (kPa) 16.1 6.59
K 0.56 0.56
K, 0.75 0.75

3.3. Properties considered for concrete elements

For the modeling of slab and inclusions, both in con-
crete, the linear elastic constitutive model was assumed be-
cause the stiffness and the strength of this materia are
considerably higher than those of the reinforced soil. Table
3 presents the parameters of the constitutive model adopted
for each concrete element.

The concrete Young's modulus was calculated ac-
cording to the equation proposed in Brazilian standard
NBR 6118 (ABNT, 2014) asafunction of the strength char-
acteristics of the concrete subjected to simple compression.
Therefore, acompressive strength of 20 MPawas assumed
for the slab and 10 MPafor the inclusions.

As proposed in NBR 6118 (ABNT, 2014) and by
ASIRI (2011), a Poisson’s ratio for concrete equal to 0.2
was adopted for both elements.

Table 3 - Parameters of the slab and therigid inclusions.

3.4. Propertiesconsidered in the distribution layer

For the distribution layer (improved soil), the Mohr-
Coulomb model was adopted. Research performed by Otél-
varo (2013) at the Geotechnics Laboratory of the Univer-
sity of Brasilia(UnB) provided the estimates of the parame-
ters for tropical soil improved by compaction that were
used in thisstudy, and these parametersare presented in Ta-
ble 4. The compacted tropical soil, of the laterite type and
highly weathered, was collected in the Brazilian Cerrado
regionin thecity of Brasilia. The materia was classified as
ML (low plasticity silt) according to the Unified Soil Clas-
sification System (USCS). The y value was obtained from
the results of Proctor Standard testing (compaction energy
of 600 kN-m/m3), from values of w, = 24 % and
Ve = 15 KN/m’. Parameters E, ¢’ and ¢’ were obtained
from CD (consolidated-drained) triaxial tests performed on
the same compacted soil. Echevarria (2006) obtained simi-
lar parameters for numerical simulation of tropical porous
compacted soil.

3.5. Analysis steps

The analysis steps of the numerical models were es-
tablished according to the construction process of founda-
tions with rigid inclusions. Initialy, five steps were de-
fined: Step | consists of the excavation of the natural soil,
upon which the distribution layer will be built; in Step I,
therigidinclusionsareinstalled; in Step 111, thedistribution
layer isbuilt; in Step 1V, theslabisbuilt; in Step V, theload
is applied to the foundation.

4. Parametric M odeling of Rigid Inclusions

4.1. General consider ations

Aninfinitegroup of rigidinclusionsover aninfinitely
large distribution layer and slab was considered (Fig. 44).
The area of influence, or influence cell, of each internal in-
clusion (Schlosser et al., 1984) is hexagonal but can beide-
alized as a circular unit cell (Rodriguez et al., 2015); the
problem then becomes axisymmetric (Fig. 4b). The radius
R of this area, corresponding to the radius of afinite ele-
ment axisymmetric mesh, isapproximately equal to half the
spacing between inclusions (S~ 2R). For theinclusions|o-
cated in the periphery, the conditions are no longer axisym-
metric, and the results obtained by such a model are less

Table4 - Estimated parametersfor soil improved by compaction.

Parameters Slab  Inclusions Parameter Value
Unit weight of concrete, y (KN/m°) 24.0 230 Unit weight, y (KN/m°) 18.6
Y oung’s modulus of concrete, E (GPa) 25.0 17.7 Young's modulus, E (MPa) 60
Normal stiffness, EA (KN/m) 5.0 x 10° - Cohesion, ¢’ (kPa) 80
Bending stiffness, El (kN/m’/m) 1.67 x 10" - Friction angle, ¢" (°) 33
Poisson’sratio, v 0.20 0.20 Poisson’sratio, v 0.25

Soils and Rocks, Séo Paulo, 42(3): 265-279, September-December, 2019.
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Figure 4 - @) Distribution of an infinite group of inclusions ar-
ranged as agrid and b) axisymmetric model representing the area
of influence or cell inside the grid (modified from Rodriguez et
al., 2015).

representative. However, according to Schlosser et al.
(1984), for large groups of inclusions where the boundary
conditions become less important, the influence cell model
can capture the essence of the physical phenomena.

The centerline of the axisymmetric model coincides
with the axis of therigid inclusion. The right boundary was
placed halfway between the inclusions. The lower bound-
ary was established at a depth of 20 m, beyond which the
N, was larger than 40 blows, and the soil was classified as
very compact, according to the Brazilian standard NBR
6484 (ABNT, 2001). Therefore, the lower boundary was
considered 10.5 m below the tip of theinclusion.

The parametric modeling of the rigid inclusions was
carried out using PLAXIS 2D software (Brinkgreve et al.,
2014). The problem was discretized using a finite element
mesh with more than 6,700 15-node triangular elements. A
mesh densification was considered around the inclusions.
The slab was modeled using 5-node beam elements. The
lateral boundaries were fixed in the horizontal direction,
and the bottom boundary was fixed in both directions. The
sensitivity studies showed that the mesh was dense enough
to provide accurate results. To adequately consider the in-
teraction between the inclusion surface and the soil, five
pairs of node interface elements were added.

4.2. Casesanalyzed

To evaluate the performance of the rigid inclusion
foundation for settlement control, the case of asingle-slab
foundation (without inclusions) was analyzed, and the re-
sults obtained from both cases were compared. Parametric
analyses were performed considering the stratigraphy pre-
viously presented in two situations: with the soil at natural
moisture conditions (Case 1) and with thefirst 3.5 m of the
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soil saturated (Case 2). The influence of two parameters
was considered: the spacing between inclusions (1, 1.5, 2,
2.5, and 3 m) and the distribution layer thickness (0.5, 1,
1.5, 2, and 2.5m). Ineach model, theresultsfor loadson the
slab (q,) equal to 10, 20, 40, 60, 80, 100 and 120 kPawere
obtained. The base of inclusion was placed at a depth of
9.5 m, and the slab thicknesswas 0.2 m.

4.3. Loads developed on theinclusions

Aspart of theresults, Fig. 5ashowsthe axial load de-
veloped in the inclusions for spacing between elements (S)
of 1 to 3 m, distribution layer thickness (H,,) equals to
1.5 m, and load (q,) of 60 kPa. As explained previously
(Fig. 2a), the model highlights the development of the cap
and tip forces and those due to negative and positive skin
friction. Similar behavior was observed by Briancon et al.
(2015) ininstrumented rigid inclusionsthat were part of the
foundation of an industrial structure. The author notes that
the shape of the strain curve inside both instrumented rigid
inclusions indicates an evolution of the strain during the
construction of the building, indicating the interval where
the neutral point between the negative and positive friction
was |located.

Figure 5a shows that the magnitudes of the cap, nega-
tive friction and positive friction loads significantly in-
crease when Sincreases. The load on tip does not increase
withincreasing S, probably becausethetip bearing capacity
has been reached at this point; therefore, the inclusions re-
spond mainly by lateral friction, asin the case of friction
piles.

Figure 5b showstheaxial loadintheinclusion for dif-
ferent H,, values; when H,, increases, the maximum axial
load increases because the unit weight of the distribution
layer is 18.6 kN/m’ and that of the substituted superficial
soil isapproximately 13 KN/m’, which gives an overload of
5.6 KN/m’ for each meter of thickness. Then, when H,, in-
creases, the overload istransferred to theinclusions mainly
by the caps, with the negative skin friction almost constant;
hence, the positive skin friction increases. The increase in
positive skin friction means that additional settlements can
occur. Due to the above and for economic reasons, the
thickness of the distribution layer cannot belarge; thislayer
has to enable partial 1oad transfer to the inclusion cap, sur-
face settlement reduction and homogenization, thereby
guaranteeing the durability and functionality of the surface
structure.

Figure 6 shows that when the first 3.5 m of the soil
saturate, the load on the inclusion cap increases, the nega-
tive friction load decreases, and both positive skin friction
and tip load remain constant. These resultsindicate that sat-
urated soil isless resistant and more compressible than the
soil at natural moisture condition and thus is not able to
transmit the same load to the shaft of the inclusion (nega-
tivefriction); therefore, theload transferred by the distribu-
tion layer to the inclusion tip increases, and no additional
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load is transferred to the reinforced soil, which means that
inclusions can work properly for both natural and saturated
conditions.
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4.4, Settlement control

The performance of the rigid inclusion foundation in
controlling surface settlement was determined using the
proposed settlement reduction factor (SRF):

6+
SRF =1—6—S (@)

*

where 87, isthe settlement of the soil reinforced by rigid in-
clusions and &' is the settlement of the soil without rein-
forcement, both obtained at the center of the slab. When
SRF = 1, the settlement is fully reduced, and the perfor-
mance of the inclusion system is at the maximum; when
SRF = 0, the settlement reduction is null, and the perfor-
mance of the system is at the minimum.

The analyses were performed for several values of
spacing between inclusions (S), distribution layer thick-
nesses (H,,) and load levels (q,), considering cases of stra-
tigraphy with natural moisture (Case 1) and with the first
3.5 m of the soil saturated (Case 2).

Figure 7 shows graphs of settlement versus g, at the
center of theslab, for H, = 1.5m, for different Svaluesand
for Cases 1 and 2 (Figs. 7a and 7b, respectively). The re-
sultsfor &% are presented by continuouslines, and those for
& are presented by dashed lines.
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For Case1,d variesfrom2.7t040.2 cmandfor Case
2,from 4.2t0 57.4 cm; anincrement of 43 to 56 % of theto-
tal settlement is obtained from one case to the other. When
inclusions are added for both cases (Figs. 7aand 7b), very
similar values of & are obtained for the different Svalues,
a maximum difference of 16 % is caculated for g, = 120
kPaand S= 3 m. Thisresult meansthat, asshownin Fig. 8,
the performance of rigid inclusions for settlement control
(SRF values) significantly increasefrom Case 1 (Fig. 8a) to
Case2 (Fig. 8b). Asmentioned before, rigid inclusion foun-
dations are more efficient when the soil to be reinforced is
more compressible and less resistant because the distribu-
tion layer transfersmoreload to the head of the element and
lessload to the reinforced soil.

Figures 7 and 8 show that very similar results are ob-
tained for S= 1.0 m and 1.5 m. For Svalues greater than
1.5m, the SRF passesfrom amaximum value of 0.6 t0 0.35
for Case 1 and from 0.75 to 0.48 for Case 2. On the other
hand, as demonstrated in Fig. 9, when Sis held constant
(S= 1.5 m) the settlement reduction achieved with the in-
clusions for different H,, valuesis practically constant for
q, values greater than 40 kPa. For g, < 40 kPa, the overload
generated by the distribution layer influences the inclusion

performancefor H,, > 1.5 m; inclusive negative SRF values
can be obtained.

The axisymmetric analyses show high performance
for therigid inclusions regarding settlement control for the
two cases analyzed. According to the research developed
by Briancon et al. (2015) related to the monitoring and nu-
merical investigation of rigid inclusion-reinforced indus-
trial buildings, the settlement measured both at the pile
head and the soil surface showed that the supporting system
can significantly reduce settlements.

According to the results obtained, a thickness of
1.5mfor thedistribution layer and an Svaluecloseto 1.5m
were proposed for the following 3D analyses.

5. 3D Modeling

5.1. General consider ations

The 3D modeling was based on areal project located
inthe Meireles Sector inthe city of SantaMaria, DF, aspre-
sented by Castillo (2013). Lot 401, chosen for the study, en-
compasses three types of residential blockswith pile group
and single-pile foundations; the Type Il block was chosen
for these analyses. Type Il block consists of four floors
(ground floor plus three decks), with two two-bedroom
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housings per floor. The original project foundation was
formed by atotal of 32 bored concrete pileswith diameters
from 30 to 50 cm and depths of 12 to 17 m, arranged as
shown in Fig. 10.

For practical purposes and as a demonstrative exam-
ple only, the stratigraphy and properties considered for this
analysis were those described in section 3.1.

Figure 10 showsthefloor plan for the locations of the
columns and the load acting on each (serviceability state
load combination). To simplify the simulation, the total
load imposed by the superstructure (9,740 kN) was ob-
tained through the sum of loads of all columns (Fig. 10).
This total load was divided by the total area of the slab
(202.4 ) and by the number of floors (five), and then, a
distributed load of the same value (9.7 kN/m’) was applied
directly to each dab.

To obtain the magnitudes of the settlements that
needed to be minimized and to evaluate the performance of
the rigid inclusion system, the foundation was initially
modeled considering only a single-slab foundation. Subse-
quently, analysis was performed considering the rigid in-
clusion system.

The numerical simulation presented below was per-
formed using PLAXIS 3D (Brinkgreve et al., 2015).

5.2. Modeling of the foundation with a single-slab foun-
dation

AsshowninFig. 11, for modeling asingle-slab foun-
dation, the symmetry conditions of the problem were con-
sidered. The medium was discretized by a finite element
mesh with more than 112,200 10-node tetrahedral ele-
ments, the foundation and floor slabs were discretized by
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Figure 10 - Floor plan for locations of piles and columnsin the type Il block (Castillo, 2013).
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Figure 11 - 3D model of the single-slab foundation.

six-nodetriangular plate elements (0.2 m thick) and the col-
umns with three-node beam elements. The densification of
the mesh around (14 m along the x-axis and 10 m along the
y-axis) and under (12 m in z-axis) the footing was consid-
ered. Thelateral boundary conditionswerefixed inthe hor-
izontal direction, and the bottom boundary conditions were
fixed in both directions. The sensitivity analyses showed
that the mesh density was sufficient for accurate results.

5.3. Modeling of the foundation with rigid inclusions

Asfor the single-slab foundation, for the modeling of
the foundation with rigid inclusions, the symmetry condi-
tions of the problem were considered, as shown in Figs. 12
and 13.

In all the models, the following characteristics were
considered: a dlab thickness of 0.20 m, a distribution layer
1.5mthick, aninclusion diameter of 0.3 m, and spacing be-
tween inclusionsof 1.8 m (6 timesthe diameter of theinclu-
sion). The inclusion tips were placed at 9.5 mand 12 min
depth, and stratigraphies were analyzed with natural mois-
ture conditions (Case 1) and with thefirst 3.5 m of the satu-
rated soil (Case 2).

The medium was discretized by afinite element mesh
with more than 109,200 10-node tetrahedral elements, the
foundation and floor slabswere discretized by six-node tri-
angular plate elements (0.2 m thick), the columns with
three-node beam elements, and the rigid inclusions with
three-node embedded pile elements. The densification of
the mesh around (14 m along the x-axis and 10 m along the
y-axis) and under (12 min z-axis) the footing and therigid
inclusionswas considered. Thelateral boundary conditions
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were fixed in the horizontal direction, and the bottom
boundary conditionswerefixed in both directions. The sen-
sitivity analyses showed that the mesh density was suffi-
cient for accurate results. A general view of the mesh
employed for the structure and foundation is shown in
Fig. 13.

5.4. Analysis of the results

According to the Brazilian standard NBR 6122
(ABNT, 2010), the maximum allowable displacements
supported by the structure, without prejudiceto the service-
ability limit states, shall comply with the requirements of
NBR 8681 (ABNT, 2003). These displacements, both in
absoluteterms (total settlements) and in relative terms (dif-
ferential settlements), must be established by the designer
according to the importance of the construction work. As
shown in Table 5, severa publications propose reference
values, in this study, the admissible settlement value
adopted was 50 mm.

Figures 14 and 15 show the settlements obtained in
the dlab for Cases 1 and 2, respectively, and Table 6 shows
the maximum values. For Case 1, the maximum total settle-
ment obtained was 127.8 mm, and that for Case 2 was
318 mm. The foundation does not meet the maximum ad-
missible settlement criterion, requiring the use of rigid in-
clusions to minimize the total surface settlements. On the
other hand, Fig. 16 shows the settlements obtained for the
foundation withrigid inclusions, considering: @) Case 1 and
inclusions at adepth of 9.5m, b) Case 2 and inclusions at a
depth of 9.5m, ¢) Case 1 and inclusions at adepth of 12 m,
and d) Case 2 and inclusions at adepth of 12 m. Table6in-
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Figure 12 - ) Floor plan of the original project highlighting the area considered in the numerical modeling and b) details of the distribu-

tion of therigid inclusions.

cludes the maximum values obtained for all the cases ana-
lyzed.

For Case 1 (Fig. 16a), the use of rigid inclusions
placed at a depth of 9.5 m yields a settlement reduction of
62.5 % compared with the foundation with the single-slab,
for inclusions placed at 12 m (Fig. 16c¢), the reduction was
71.8 %, and for Case 2 (9.5 min depth, Fig. 16b, and 12 m
in depth, Fig. 16d), the settlement reductions were 83.0 and
87.1 %, respectively.

To control the angular distortion, alimit of 1/500 was
adopted, according to those proposed by Bjerrum (1963),

Soils and Rocks, Séo Paulo, 42(3): 265-279, September-December, 2019.

as shown in Table 7. The angular distortion value was
calculated from Figs. 14, 15 and 16 astheratio of thediffer-
ential settlement between two neighboring columns
(Fig. 12) and the distance between axes.

Table 8 summarizes the maximum angular distortion
for all the cases analyzed. For the single-slab foundation in
Case 1 (Fig. 14), the maximum angular distortion was
1/396, and that for Case 2 (Fig. 15) was 1/1000. According
to these results, the single-slab foundation does not meet
theangular distortion limit in Case 1, and therefore, the use
of rigid inclusions is required. With rigid inclusions, as
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shown in Table 8 and Fig. 16, al the cases analyzed meet
the maximum angular distortion limit (1/500).
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Figure 13 - Isometric projections of the foundation with rigid in-
clusions and the structure.
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In general, for the cases analyzed, therigid inclusions
perform well, reducing the settlement by more than 80 %
and homogenizing the vertical displacements at tolerable
values meeting with the serviceability limit states.

Based on measurements performed one year after
construction at superficial benchmarks located at eight
points around the perimeter of three five-floor buildings
with rigid inclusion foundation systemsin soft soils, Rodri-

Table 5 - Maximum allowabl e settlements (Castillo, 2013).

Publication 3, (mm)
Eurocode 7 <50
Eurocode 1 (1993) 50
Teixeira& Godoy (1998) 90
Burland et al. (1977) 65-100
Bowles (1977) 64
Terzaghi & Peck (1967) 50
Skempton & MacDonald (1956) 90

Table 6 - Maximum total settlements (mm).

Single-slab Inclusions up to Inclusions up to
9.5m 12m
Casel Case2 Casel Case2 Casel Case2
128 318 48 54 36 41

Table7 - Vauesof angular distortion limits proposed by Bjerrum
(1963).

Damage category n

Danger to settlement-sensitive machines 1/750
Danger to landmarks with diagonal cracks 1/600
Safe limit for cracks not occurring in buildings* 1/500
First cracks on walls 1/300
Problems with overhead crane 1/300
Slant of tall buildings becomes visible 1/250
Considerable cracking of brick walls and panels 1/150
Risk of structural damage to general buildings 1/150
Safe boundary for flexible brick walls, L/H > 4 * 1/150

*The safe limitsinclude a safety factor.

Table 8 - Maximum angular distortion values.

Slab-only Inclusions up to Inclusions up to
9.5m 12m

Casel Case?2 Casel Case?2 Casel Case?2

1/396 1/1000 1616  1/616 1/821  1/593

Soils and Rocks, Séo Paulo, 42(3): 265-279, September-December, 2019.
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Figure 16 - Vertical displacementsfor al the cases analyzed with rigid inclusion foundations.

guez & Auvinet (2006) concluded that the mean differen-
tial settlement was approximately 0.5 cm, and hence, the
behavior of the buildings was adequate during that period.

6. Conclusions

In this study, numerical modeling was used to evalu-
ate the performance of rigid inclusion foundations for set-
tlement control considering the characteristic soils of the
city of Brasilia in the Federa District of Brazil. PLAXIS
2D and 3D software was used considering the Hardening
Soil congtitutive model parameters previously obtained,
calibrated and validated by the authors.

The settlement reduction obtained with the use of
rigid inclusions is due to the transfer of a significant load
from the soil to these elements. Complex interactions de-
velop between the reinforced soil, the inclusions and the
distribution layer.

Toevaluatethe performance of arigidinclusion foun-
dation for settlement control, the case of asingle-slab foun-
dation (without inclusions) was analyzed, and the results
obtained for both cases were compared.

The numerical modeling highlights the devel opment
of forcesin the cap and inclusion tip, and those due to nega-
tive and positive skin friction. Similar behavior was ob-
served ininstrumented rigid inclusionsthat were part of the
foundation of an industrial structure.

The magnitudes of the cap, negativefriction and posi-
tive friction loads increased significantly when the inclu-

Soils and Rocks, Séo Paulo, 42(3): 265-279, September-December, 2019.

sion spacing increased. However, the tip load does not in-
crease in this case, probably because the tip bearing
capacity had been reached at this point; therefore, for the
cases analyzed, the inclusions mainly responded by lateral
friction, asin the case of friction piles.

When the thickness of the distribution layer increa-
sed, an overload was generated and was transferred to the
inclusion mainly by the cap, whilethe negative skinfriction
was amost constant, and hence, the positive skin friction
increased. Thus, additional settlements could occur. Dueto
the above results and economic reasons, the distribution
layer cannot belargein thickness; thislayer hasto enable: i)
partial load transfer to the cap, ii) surface settlement reduc-
tion, and iii) homogenization; thereby guaranteeing the du-
rability and functionality of the surface structure.

When thefirst 3.5 m of the soil was considered to be
saturated, theload on the inclusion cap increased, the nega-
tive skinfriction load decreased, and both positive skinfric-
tion and tip load remained almost constant. These results
indicated that saturated soil isless resistant and more com-
pressiblethan soil at natural moisture conditionsand thusis
not able to bear the same load to the shaft of the inclusion
(negative friction); therefore, the load transferred by the
distribution layer totheinclusion tip increases, and no addi-
tional load is transmitted to the reinforced soil. This effect
means that inclusions can work properly for both natural
and saturated conditions without a significant increase in
settlement.
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The performance of therigid inclusion foundation for
controlling surface settlement was determined using the
proposed Settlement Reduction Factor. Rigid inclusion
foundations are more efficient when the soil to be rein-
forced is more compressible and less resistant because the
distribution layer transfers more load to the head of the ele-
ment and less load to the reinforced soil.

In general, for the 3D cases analyzed, therigid inclu-
sions perform well, reducing the settlement by more than
80 % and homogenizing the vertical displacementsat toler-
able values that meet the serviceability limit states. How-
ever, feedback from instrumentation cases in the city of
Brasiliais required to further validate the design consider-
ations.
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Microstructural Characterization of Siltstone and Sandstone
Por e Space by X-Ray Microtomography

J.S. Fernandes, C.R. Appoloni, C.P. Fernandes

Abstract. Microstructural parameter assessment of reservoir rocks is extremely important for oil companies. In this
regard, computerized X-ray microtomography (u-CT) has proven to be an exceptionally useful methodology for the
analysis of these rocks, since it provides significant microstructural parameters, such as porosity, permeability, and pore
distribution. X-ray microtomography isarelatively novel non-destructive technique in the petroleum area which, besides
enabling thereuse of already measured samples, also provides 2-D and 3-D images, aswell asa3-D mathematical model of
the sample. This technique has the great advantage that it does not require sample preparation, allowing the reuse of the
sample and al so reducing the measurement time. A Skyscan model 1172 microtomograph was used for the acquisition of
microtomographic data from the reservoir rocks. This work presents results of porosity and pore size distribution of six
sandstones and two siltstones. Most of the analyzed samplesfrom the Tibagi River basin had porosity below 10 %, except
for the PG6 and PG8 samples, which presented 12 % and 13 %, respectively. Maximum poreradiusranged from 8to 59 um
for sandstones and from 5 to 6 um for siltstones.

Keywords: pore size distribution, porosity, sandstone, siltstone, X-ray microtomography.

tion of the actual structure of the porous network present in
the scanned volume and al so for mathematical simulations.
As X-ray beams pass through the object being scanned, the
signal is attenuated by scattering and absorption. The basic
equation for attenuation of a monoenergetic beam by a ho-
mogeneous material isgiven by thelaw of radiation absorp-
tion (Siegbahn, 1979):

1. Introduction

X-ray computerized microtomography (u-CT) is a
non-destructive methodology that measures density varia-
tions of the material. This technique uses a set of two-di-
mensional projections of an object to reconstruct its three-
dimensional structure (Landis & Keane, 2010), using a
mathematical algorithm (Cormack, 1963, 1964; Welling-
ton and Vinegar, 1987; Flannery et al., 1987). It requires
the employment of adequate software for the treatment and
analysis of images that enables the determination of impor-
tant microstructure parameters, thus providing a better

knowledge of the analyzed material. A schematic illustra- Sample
tion of the acquisition, reconstruction, and generation of sy
3-D images and modelsisshown in Fig. 1 (Fernandeset al., ey Sk 1))
2016). be TN

The application of X-ray microtomography and im- R i
age analysis enabled the determination of some microstruc- ot
tural parameters for analyzing five samples of sandstone

and two of siltstone from various geological formationsin e
Brazil, which are or may become reservoir rocks for some
type of fluid. Additionally, a sample of Australian sand- | S
stone was also analyzed. Microcomputed tomography (- 31 wwsked
CT) provides two-dimensional (2-D) and three-dimensio-
nal (3-D) images, from which various characteristics, such

asporosity, permeability, and phase size distribution (pores
or solids) can be obtained. Furthermore, it permits the cre-
ation of a3-D volume of the sample, allowing thevisualiza-

Figure 1 - Representation of the acquisition, reconstruction, and
generation of three-dimensional images and models (Fernandes et
al., 2016).
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| =1,e* (1)

where |, and | are the intensity of incident and transmitted
X-ray beams, respectively, p isthe linear attenuation coef-
ficient for the material being scanned, and x isthe thickness
of the sample through which the beam will traverse. Asin
most cases the scanned object is composed of a different
number of materials and the energy of the X-ray beam tube
is polyenergetic, this equation is rewritten as (Kalender,
2011):

E

1= [ 1,(B) exp[—j u(E, x)dx] @

0

The petroleum industry commonly uses other meth-
ods to determine porosity and permeability, among which
the most widespread is mercury intrusion porosimetry. The
principle of thistechniqueis based on the fact that mercury
does not wet most substances and, therefore, will not pene-
trate pores by capillary action, unlessit is forced to do so.
Liquid mercury hasahigh surface tension and al so exhibits
a high contact angle against most solids. Entry into pore
spaces requires applying pressure in inverse proportion to
the pore diameter (Lowell & Shields, 1991; Webb & Orr,
1997; Johnson et al., 1999). However, due to their destruc-
tive nature, this method often prevents the use of the sam-
plesfor future analysis. Besides enabling future analyses of
the sample already measured, the u-CT &l so providesinter-
nal visualization of the sample through three-dimensional
images (Fernandes et al., 2016).

Through the most widespread methods such as mer-
cury intrusion porosimetry, a sample may exhibit porosity
lower than that it actually possesses, resulting thereforeina
lower estimate for the rock storage capacity. This can be
dueto thelack of connection between the pores of the rock,
which through the 3-D images obtained by microtomo-
graphy, is verified and quantified.

Table 1 - Main characteristics of the samples anayzed.

The importance of not destroying the sampleisjusti-
fied when thereisaneed for futureanalysis, or by evolution
of measurement techniques, or archiving of samplesintheir
natural state.

The determination of the porosity of reservoir rocks
through X-ray microtomography is quite widespread (Ap-
poloni et al., 2007; Flukiger and Bernard, 2009; Tsaki-
roglou et al., 2009; Izgec et al., 2010), however, for the
rocks of the Tibagi River basin such analyzes are pioneer-
ing.

After being microphotographed, the samples were
submitted to mercury porosimetry analysesto obtain theto-
tal porosity for comparison of the achieved microCT re-
sults.

2. Materialsand M ethods

2.1. Rocks analyzed

Except for the sample from the Tumblagooda Forma-
tion, which was collected from an outcrop of the Kalbarri
National Park in Australia and provided by CENPES /
PETROBRAS, al other rock specimens were taken from
the Tibagi River Basin located in the central region of the
Parana State, Brazil. Table 1 shows a description summary
of the rock samples analyzed, indicating their collection
site, group, and formation. Such samples were selected to
represent rocks of easy analysis (with larger pores and
without clay) and rocks of difficult analysis (smaller pores
and often with clay).

Figure 2 shows scale images of the analyzed samples
with parallel epi pedic shapes with diametersranging from 5
to8 mmand height from 10 to 20 mmto facilitate visualiza-
tion of their dimensions.

Table 2 shows information about some of the most
significant acquisition parameters. The number of projec-

Sample Geological group Formation Collection site (city/state) Description

107 Séo Bento Botucatu Faxinal-PR Silicified sandstone.

108 Passa Dois Rio do Rastro Mauéa da Serra-PR Silty sandstone.

403 Passa Dois Teresina Sapopema-PR Silty sandstone. Very thin lamination, orange
gray.

MC16 Guata Rio Bonito Figueira-PR Siltstone.

PG6 Itararé Rio do Sul Curitva-PR Y ellow siltstone with rounded embedded
pebbles.

PG8 Parana Furnas Tibagi-PR Coarse sandstone with alow degree of
granulometric selection and presence of mus-
covite.

PG19 Parana Furnas Tibagi-PR Coarse sandstone with alow degree of granu-
lometric selection.

Tumblagooda Dirk Hartog Tumblagooda Austraia Coarse sandstone.
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diaand Thermophysical Propertiesof Materials (LMPT) of
the Department of Mechanical Engineering of the Federal
University of Santa Catarina, Florianépolis, SC, Brazil, in
association with the Brazilian software company ESSS
(Engineering Simulation and Scientific Software). Other
software used was the CTan (Skyscan, 2018), with which
the 3-D reconstructions of the samples were performed.
Figure 3 (Fernandes et al., 2016) shows a photo of the
Skyscan 1172 microtomograph installed at CENPES.

This microtomograph is provided with an X-ray tube
with tungsten anode (W), 10 W maximum power, 20-
100 kV voltage, and 0-250 pA current. A CCD camera of
10 Mp (megapixel) was used to detect the X-rays. The max-
imum spatial resolution obtained by thisequipmentis1 pum
for samples with 5 mm maximum diameter and 80 mm
height (Fernandes et al., 2016). To determine sample po-
rosity for comparison purposes, acommercial porosimeter,
PoreSizer model 9320 of Micromeritics was applied. How-
Figure 2 - Images of rock samples analyzed in this work. (A)  ever, it wasnot possibleto perform theintrusion into one of

Sandstone 107; (B) Sandstone 108; (C) Sandstone 403; (D) the samples, since it had pores of very small dimensions,
Siltstone M C16; (E) Siltstone PG6; (F) Sandstone PG8; (G) Sand-  thus precluding the measurements.
stone PG19; (H) Sandstone Tumblagooda.

[RLRTETH

tionsfor each sample can be obtained dividing the total ro-
tation by the angular step.

For the acquisition of the above data, a 1 mm thick
aluminum filter was used, aiming to reduce beam harden-
ing effects on the sample images (Ketcham and Carlson,
2001).

2.2. Equipment and softwar e used

A microtochromograph Skyscan model 1172, in-
stalled at the Research and Devel opment Center (CENPES)
of PETROBRAS, Rio de Janeiro, RJ, Brazil, was used. The
microtomographic images (projections) were reconstructed
by the NRecon software (Skyscan, 2018). The porosities of
the samples were obtained through the Imago software  Figure 3 - Microtomograph Skyscan 1172, 20 - 100 kV X-ray
(Imago, 2018) developed in the Laboratory of Porous Me-  source, 10 W maximum power (Fernandes et al., 2016).

Table 2 - Key parameters used for the u-CT image acquisition.

Sample Tension Total rotation Angular  Spatial resolu-  Exposure time for No. of Total acquisi-

(kV) ©) step (°) tion (um) each projection (ms) frames tion time
Sandstone 107 70 0to 360 0.25 29 3245 5 6h28min
Sandstone 108 70 0to 180 0.25 29 9735 4 8h5min
Sandstone 403 70 0to 360 0.25 14 2655 3 3h
Siltstone MC16 70 0to 180 0.25 25 632 5 59 min
Siltstone PG6 70 0to 180 0.25 29 2655 5 2h45min
Sandstone PG8 80 0to 180 0.25 5.0 1180 5 1h30min
Sandstone PG19 70 0to 180 0.25 14 8260 2 3h30min
Sandstone 50 0to 180 0.5 29 4425 5 2h18 min
Tumblagooda
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2.3. Image processing

Figure 4 shows two projections, 0° and 180°, ac-
quired by the CCD chamber of sandstone sample 107. The
projectionswere reconstructed by the NRecon software us-
ing acone-beam reconstruction algorithm (Feldkamp et al.,
1984), resulting in 2-D grayscaleimages of asandstone and
asiltstone, as shown in Figs. 5aand 6a, respectively. After
generation, the 2-D images are analyzed by the Imago soft-
ware. In this step aregion of interest (ROI) is defined and
binarization (segmentation) (Imago, 2002) is performed,
transforming the grayscale image into black and white,
where black isthe solid phase, and white, the porous phase,
as shown in Figs. 5b and 6b (Fernandes et al., 2016).

From the projection of 2-D images, it was recon-
structed 3-D images using the CTan software, to recon-
struct the actual volume of the rocks analyzed. Asthe 3-D
reconstruction process is very limited and requires alarge
computational capacity, it was necessary to investigate the
representative elementary volume (REV) of these samples,
which must be large enough to represent the characteristics
of the sample and the smallest possible when compared to
itstotal volume. This scaling was analyzed, and it was con-
cluded that the REV should be 1400 x 1400 x 1400 um
(Fernandes et al., 2012). For a better view of the internal
structure of sandstone 107, a subvolume of 1500 x 1001 x
300 pm was reconstructed, as shown in Fig. 7.

Figure 8 (Fernandes et al., 2012) shows the 3-D im-
age of the PG8 sandstone sample: in yellow, the porous net-
works with relatively large diameters and few isolated
pores; in gray, the solid phase.

Figure 4 - Projections of sandstonel07; (a) image acquired at the
0° position; (b) image acquired at the 180° position.

by

Figure 5 - Images of sandstone sample 107 reconstructed by the
NRecon software; (a) 2-D grayscaleimage; (b) 2-D binarized im-
age, where black represents the solid phase and white, the porous
phase.
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Figure 6 - Images of siltstone PG6 reconstructed by the NRecon
software; (a) 2-D grayscale image; (b) 2-D binarized image,
where black represents the solid phase and white, the porous
phase.

Figure 7 - 3-D image reconstructed from the sample 107 (1500 x
1001 x 300 wm): dark gray represents the porous phase and light
gray, the solid phase.

3. Results

Figure 7 clearly shows that the pores of sandstone
sample 107 are isolated, having no connection among
them, thereby preventing the flow of any fluid through the
rock, thus providing virtualy no permeability. This same
figure reveals that there are relatively large, but few pores,
reflecting the low porosity of the sample. The porosity (¢)
for thissubvolumeis5.4 + 0.2 %, and even with arelatively
small subvolume, thisvalueisvery closeto the mean value
of the porosity determined from all analyzed 2-D sections
(9=6.1+0.2%).

Table 3 showsthe results of the average porosity of all
2-D sections, the porosity of the 3-D images based on the
representative elementary volume, and the porosity obtained
with the mercury porosimetry for al samples analyzed. In
addition, the pore radius with the highest frequency in the
pore size distribution histogram is also presented.

Soils and Rocks, Séo Paulo, 42(3): 281-288, September-December, 2019.
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Figure8 - 3-D image reconstructed from the sample PG8 (1400 x
1400 x 1400 um): gray represents the solid phase, and yellow, the
porous phase (Fernandes et al., 2012).

Theresults of Table 3 show that the porosity found by
X-ray microtomography is systematically lower than that
achieved by mercury porosimetry, except for sample 107.
Regarding this sample, it is conceivable that mercury did
not completely fill its pores. In fact, the outcomes of the
microtomographic image analysis reveal that the pores of
sample 107 are isolated. In this connection, these findings
may explain the impossibility of mercury infiltration into
some of its pores, thusimpairing agood performanceof this
methodol ogy to determine the absol ute porosity of the sam-
ple.

For the other samples, the porosity obtained by the
u-CT was smaller. Therefore, it was concluded that there
are pores smaller than the resolution used by the micro-
tomograph. Since the porosimeter can measure pores up to
6 nm in diameter, the microtomograph did not detect a por-
tion of the poreswith smaller diametersand indicated lower
porosity values for those samples.

Theporosity valuefor all 2-D images compared tothe
porosity of the 3-D images obtained using the representa-
tive elementary volume can also be observed from Table 3.
These values are statistically the same for most of the sam-
ples. This demonstrates the great advantage in determining
REV for the generation of representative 3-D images.

Figures9to 16 show the pore size distributionsfor the
analyzed samples. In these figures, it can aso be observed
that the histogram for sandstone 107 presents two distribu-
tions: one around the pores with aradius of 5.8 um and an-
other for pores with aradius of 58.7 um, and that 95 % of
the pore of this sample are comprised between 2.9 um and
108 um.

For sandstone 108, approximately 92 % of the porous
phase refers to pores with radii between 2.9 and 20.6 um
and there isadistribution around avalue of 11.7 um.

From the sandstone 403 histogram, it can be observed
that approximately 97 % of the porous phase refersto pores
with radii between 3.9 and 11.9 um. The frequency of
37.5% for poreswith aradius of 3.9 um (spatia resolution
used) is considered very high, indicating that there are
pores with smaller radii.

The histogram for siltstone MC16 reveals that nearly
95 % of the porous phase refersto poreswith radii between
2.5 and 10.2 um. Likewise, for sample 403, the 25 % fre-
guency for poreswith aradius of 2.5 um (spatial resolution
used) isconsidered very high, revealing that there are pores
with smaller radii. Notwithstanding, when analyzing the
2-D and 3-D images of this sample, we observed the pres-

Table 3 - Summary of the microstructural properties of the analyzed samples.

Sample ¢" sections 2-D ( %) ¢ image 3-D ( %) ¢ porosimetry Hg ( %) Pore’ radius (um)
Sandstone107 6.1+0.2 54+0.2 31 5.8-58.7
Sandstone 108 42401 40+0.1 - 117
Sandstone 403 9.3+0.2 76+0.2 129 7.9
Siltstone MC16 7.0+£0.2 7.0+0.2 134 51
Siltstone PG6 12.0+0.3 11.5+0.2 185 24-59
Sandstone PG8 13.0+0.2 126+ 0.2 15.8 20
Sandstone PG19 49+0.1 51+0.1 8.4 10
Sandstone Tumblagooda 15.3+0.5 134+ 0.4 - 11.7-235

'Average total porosity with 95 % confidence.
’REV porosity with 95 % confidence.
*Most frequent value.
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Figure 11 - Average pore size distribution for sandstone 403.
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Figure 12 - Average pore size distribution for siltstone MC16.
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Figure 17 - 2-D image of siltstone MC16 sample. The arrow indi-
cates one of the fissures mentioned in the text.

ence of cracks with a diameter of approximately 5-10 um
caused by the laminated part of the sample. Those fissures
can be seenin Fig. 17 and are repeatedly found throughout
the sample, justifying, in part, the high frequency at pores
with smaller radii.

The histogram of siltstone PG6 shows that approxi-
mately 90 % of the porous phase refers to pores with radii
between 2.9 and 11.7 um. As for samples 403 and MC16,
the 27 % frequency for pores with aradius of 2.9 um (spa-
tial resolution used) is considered very high, providing in-
dications that there are pores with smaller radii.

Regarding sandstone PGS, it can be observed that ap-
proximately 91 % of the porous phase refers to pores with
radii between 5 and 60 um. The highest frequency refersto
pores with radii equal to 20 um.

Sandstone PG19 presented approximately 95 % of the
porous phase with pores with radii between 5 and 15 um.
The 38 % frequency for poreswith aradiusof 5 um (spatial
resolution used) is considered very high, indicating that
there are pores with smaller radii.

From the histogram of the Tumblagooda sandstone, it
can be observed that approximately 90 % of the porous
phase refers to pores with radii between 2.9 and 76.4 um.
This sandstone has a very heterogeneous distribution and
does not present pores with high frequencies.

4. Conclusions

We observed that most of the analyzed samplesfrom
the Tibagi River basin had porosity below 10 %, except for
the PG6 and PG8 samples, which presented 12 % and 13 %,
respectively. If we consider the size of the Tibagi River ba-

Soils and Rocks, Séo Paulo, 42(3): 281-288, September-December, 2019.

sin, the number of samples analyzed is relatively small.
However, since all samples had a porosity value about
10 %, we can ascertain that the sandstones and siltstones of
the basin have low porosity.

The highest average pore radius frequency of these
samples was about 10 um. However, sample 107 presented
mean radius between 5.8 and 58.7 um. Thelargest poresare
easily identified in Fig. 7. Nevertheless, as previously men-
tioned, apparently, they are not connected due to the silici-
fication process that precludes the withdrawal of any fluid
from the interior of the rock.

X-ray microtomography technique provides a de-
tailed characterization of sample geometry, such as poros-
ity and pore size distribution. The pore interconnectivity
can be visualized and characterized by analyzing the 3-D
images. Several software tools for image analysis allow
scanning the internal structure of samples and enable visu-
alization of pore distribution, thus providing data to deter-
mine whether they are connected or isolated and measuring
the amount of open and closed porosity.
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An Alternative Approach to the Executive Control
of Root Piles

F.F. Monteiro, A.S. Moura, M.F.P. Aguiar

Abstract. A root pile is an injected type of pile (cast-in-place with pressure, with very distinct construction aspects from
the known micropile type). Those piles areinstalled by using distinct injection pressures up to 500 kPa during the mortar
shaft formation. The executive control of root piles is usualy carried out by static load tests, requiring a costly and
time-consuming assessment method. To study root pile performance, static load tests were performed on eight monitored
piles with diameters of 350 and 410 mm. This paper proposes an alternative methodology for confirming the root pile
performance based on the use of a speedometer attached to the rotatory head of the drill rig. The methodology consistsin
monitoring variables that are related to the pile bearing capacity, thus, proposing empirical equations with simple and
applicable use to estimate root pile bearing capacity during installation. The results obtained by the proposed equations
were in agreement with the values obtained from static load tests for the tested piles. Therefore, the results show that the

methodology proposed presents itself as a viable alternative for the executive control of root piles.
Keywor ds: foundations, micropiles, piles, root piles, static load test.

1. Introduction

The recent increase in the size of construction works
has boosted advances in foundation engineering. Pile foun-
dations are one of the most important foundation tech-
nigues and are widely used in foundation engineering
(Zhou et al., 2018). With the technological evolution of
equipment used in the construction of foundations, as well
as the development of new types of foundations, the use of
bored piles has become widely spread in great urban cen-
ters of Brazil. In this context, the growth of root piles as a
foundation solution for construction works is notorious.
Theroot pileis an injected type of pile (cast-in-place with
pressure, with very distinct construction aspects from the
known micro-pile type). Those piles are performed by us-
ing distinct injection pressures up to 500 kPa during the
mortar shaft formation.

The performance assessment of deep foundations
varies according to the pile type. In the case of root piles,
the performance assessment is usually performed after pile
execution, by carrying out static load tests. The static load
test to failure is by far the most reliable method to deter-
mine both the bearing capacity and the load—settlement re-
lationship of a pile. Consequently, the most significant
progresses in the field of pile design have been obtained
just by collecting and interpreting data from load tests
(Russo, 2012). Although the static load test is easy to per-
form and interpret, it is expensive, slow to implement, and

cannot be used systematically because it can destroy the
micro-pile (Calvente et al., 2017). Therefore, a shortage of
aternatives that assist in performance assessment of root
piles is identified. In order to overcome these disadvan-
tages, this paper proposes an alternative methodology for
confirming root pile erformance based on the use of a
speedometer attached to the rotatory head of the drill rig.
The methodology consists in monitoring variables that are
related to the pile bearing capacity, thus, proposing empiri-
cal equationsthat are simple and can be used for estimating
root pile bearing capacity during their installation. Thenthe
methodology is tested and calibrated on real-scale root
pilesat several experimental siteswherefiveroot pileswith
lengths ranging from 7.7 to 26 m wereinstalled. Finaly, to
validate the methodol ogy, the results of the proposed equa-
tionsare compared with static |oad tests carried out on three
real-scale root piles. Many researchers have investigated
root pile performance, and several significant conclusions
have been made (Cadden et al., 2004; Huang et al., 2007;
Mouraet al., 2015; Lima & Moura, 2016; Melchior Filho,
2018). Similar researcheswere carried out regarding differ-
ent types of piles (Lin et al., 2004; Herrera et al., 2009;
Basu et al., 2010; Silvaet al., 2012; Silvaet al., 2014).

Thisresearch aimsto propose amethodol ogy for root
pile installation control. For that purpose, three equations
were proposed to estimate the pile bearing capacity (Q,,),
which allowsto control the root pile execution process. The
pile bearing capacity (Q,,) is necessary to carry out perfor-
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mance control of the execution process. Thus, it is neces-
sary to use an expression, or more than one that alow, Q,,
estimation, in order to verify the minimum pile length dur-
ing pile installation. In the specific case of the equations
proposed in this research, the procedure is performed with
measurements of Ng,,, pile geometry, drill bit advance ve-
locity and drill bit linear velocity.

2. Root Pile Installation Process

The root pile installation process is presented in
Fig. 1. A rotary drilling technique was used to install the
test root piles. First, the drill casing was attached to the ro-
tary head, which rotates to advance the drilling into the soil
or rock (Fig. 1a). After that, adrilling rod (inner rod) was
attached to the same rotary head to perform the drilling in-
sidethedrill casing. The drilling rod advanced ahead of the
tip of the casing. High pressure water jetswere used to clear
the cuttings as drilling advanced (Fig. 1b). At the final
depth, the base was cleaned using high pressure water jets
until no soil or rock cuttings were observed. After reaching
the desired depth, the inner rod was removed, whereas the
outer steel casing was left permanently in the ground. A
rebar was then installed into the drilling hole (Fig. 1c). The
casing was then filled with grout (0.6 water—cement ratio)
until grout was flowing through the annulus between the
drilled hole and the outer casing (Fig. 1d). A plug is in-
stalled at the drill casing upper end and pressure (com-
pressed air) is applied while the drill caseisremoved. The
diameter of thedrilling bit used to drill thetest pilesisequal
to 0.31 m (Fig. 2).

3. Proposed M ethodology

The methodology proposed is based on the use of a
digital speedometer to monitor variables during pileinstal-

lation. First, the monitoring equipment is set up on the
rotary head of the drill rig as shownin Fig. 3.

The drill rotator diameter is digitally inserted in the
speedometer, in such a way that the sensor records each
complete lap performed by the drill rotor (magnet). This
procedure allows recording the linear distance traveled by
thedrill rotor for adeterminate period of time. Thedrilling
rod used to drill the last meter length of the pile was then,
marked with sectionsof 10, 20 and 20 cmasseeninFig. 4.

The elapsed timeto drill the length between 2 marked
sectionswasrecorded in order to determine the advance ve-
locity (V). The other measured variable is the drill rotator
linear velocity (V,), whichismeasured for the same section.
The linear distance traveled by the drill rotor between 2
marked sectionsis divided by the circumferential length of
the drill rotor, thus, obtaining the number of rotations per-
formed by the drill rotor during the drilling of the men-
tioned section. From the elapsed time during the drilling of
this section and the number of rotations performed by the
drill rotator, it is possible to determine the number of rota-
tions per minute, that is, the frequency (f) of the drill rotor.
The drill rotor angular velocity (o,) is then, obtained from
the following relation:

®, =2nf 1)

Sincethedrill rotor is connected by the drilling rod to
thedrill bit at the bottom of drilling holewhilethedrillingis
performed (Fig. 4), it can be assumed that the drill bit angu-
lar velocity (o,) is equal to the drill rotor angular velocity
((’Or)'

®, =0, &)

The drill bit linear velocity (V,) is then determined
from the following equation:

V, =0, R, 3

Figure 1 - (a) Drill casedrilling, (b) drill rod drilling, (c) reinforcement bar installation, (d) grouting.
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Figure 3 - Monitoring equipment. (a) Magnet, (b) Sensor,

(c) speedometer.

Figure 4 - Drilling rod marked sections.

Soils and Rocks, Sao Paulo, 42(3): 289-299, September-December, 2019.

where: V, isthedrill bit linear velocity; m, isthedrill bit an-
gular velocity and R, isthe drill bit radius.

Then, the drill bit linear velocity and the drill bit ad-
vance velocity are associated with the pile bearing capacity.
The formulation of equations for executive control of the
monitored test pileswasinitiated by choosing variablesthat
would be used in the equation and considering that the for-
mulation isintended to contribute to the devel opment of an
empirical approach with simple application in the execu-
tive control of root piles. Two variables obtained during
monitoring were selected for correlating to pile bearing
capacity: the drill bit linear velocity (V,) and the drill bit
advance velocity (V,), thefirst one being associated to the
skin friction resistance (Q,) and the second to thetip resis-
tance (Q,,). In addition to the drill bit linear velocity (V,)
and drill bit advance velocity (V,), thefollowing variables
were considered: tip resistance index (N, ), average
shaft resistance index (Ng,; ..., pile diameter (D), pile
length (L), pile perimeter (U) and tip cross sectional area
(A). The average shaft resistance index (N ,.) IS deter-
mined from the average N, values along the pile shaft in-
dicated in the standard penetration test results. The tip
resistance index (N, ) is determined by the average of
the Ng,, values at the pile final depth indicated in the stan-
dard penetration test results.

Static load tests were carried out to determine the
bearing capacity of the test piles. On most occasions, adis-
tinct plunging ultimate load (Q,) was not obtained in the
test, and therefore, the Van der V een extrapol ation method
was applied to obtain the ultimateload of thetest piles(Van
der Veen, 1953). In order to correlate the monitored vari-
ablesand the pile ultimateload, it was necessary to estimate
theload distribution along the pile shaft and tip. The Brazil-
ian standard (ABNT, 2010) states that for bored piles, the
load distribution must occur as 80 % to the pile shaft and
20 % tothe piletip. Since the static load tests were not in-
strumented, three distinct scenarios were proposed. In the
first scenario, the load distribution would occur with 80 %
along the pile shaft and 20 % at the pile tip. In the second
scenario, the load distribution would occur with 90 %
along the pile shaft and 10 % at thetip. Finaly, inthethird
scenario, the load distribution would only occur along the
pile shaft, that is, with 100 % along the shaft. In this way,
the mentioned scenarios are presented as alternatives for
usein practical cases. The definition of the expression to be
adopted in rea situations will depend on the user's own
judgment, who may even apply the three equationsto simu-
late possible real case scenarios.

For the devel opment of the proposed equationsin this
paper, a multiple linear regression analysis method was
used to explain the relationship between a dependent vari-
able and several independent variables, so that:

Y=a,+a,X +a,X,+.+a,X, 4
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where Y is the dependent variable (in this case, Q,, or Q));
X, X,, ..., X_are the independent variables; a, a, ..., 8, are
the coefficients of the respective independent variables,
known as regression coefficients and a, isa constant whose
purpose is to represent the portion of Y that was not ex-
plained by theindependent variables. By this approach and

> Y=na,+a, » X, +a,» X, +a, > X,

using theleast squaresmethod, the desired expressionis ad-
justed based on the smallest deviation between the ob-
served real values of the variable and the estimated value.
Thus, considering amultiplelinear function with three vari-
ables, the following system must be solved:

©)

DIYXK, =a, ) X +a, ) X2 +a, Yy X X, +a, Y X, X,
DY, =a, ) X, +a, XX, +a, Yy X2 +a, ) X, X,
DYXK, =a, ) Xy +a ) X X, +a, » X X, +a, ) X:

(6)
(1)
©)

Using this system, the values of a,, a,, &, and a, are calculated using the current data of Y, X, X,, X,. Astherelations
between the variables are not linear in methods of bearing capacity estimation, it was necessary to use a logarithmic
transformation of variablesto create an exponential model. The following equations illustrate the procedure:

Y =a,x X[ x X325 xX"

9

In(Y) =In(a,) +a, xIn(X,) +a, xIn(X,)+...+a, x In(X,) (10)

Therefore, considering the new variables as In (X)
and solving the system of Egs. 5t0 8, itispossibleto usethe
logarithmic transformation of variables, then, apply the
multiple linear regression model and obtain the values of
the coefficients a.

Hence,

Q, =Q, +Qy (11)
Qip =80 Ay Va* N gr g (12)
Q. =agVy* (U™ NGy (13)

where A isthetip cross sectional area; V, drill bit advance
velocity; (Ng, ) isthetip resistanceindex; V, isthedrill bit
linear velocity; U isthe pile perimeter, L is the pile length;

Figure5 - Construction sites |ocation.
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(Ngr o) isthe average shaft resistance index; a,, a,, a,, a,,
a,, a, are linear regression coefficients; a; and a; are re-
gression constants.

4. Soil Profileand Site Description

Five construction siteswere selected for thisresearch;
in all those sites, root pile foundations were built. In Fig. 5,
the location of the selected sites for the development of the
research is presented. The construction sites are located in
the city of Fortaleza, Brazil.

SPTs and rock core borings were performed at five
construction sitesbeforeinstallation of theroot piles. In site
1, the groundwater level was found at adepth of 3 m. From
the ground surface to 5 m, a clayey silt layer was encoun-

/
h"'\!f,
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tered, with N values ranging between 16 and 60. Below this
layer, asandstonelayer with RQD varying from43to54 %
was encountered to a depth of 15 m; the N values, ranged
from 58 to 60. In site 2, from the ground surfaceto 11 m, a
clayey sand layer was encountered, with N values ranging
between 3 and 60. Below this layer, asilty clay layer was
encountered to a depth of 16 m; the N values ranged from
29 to 60. The bedrock is 16 m below the ground surface.
The groundwater level was found at a depth of 1.2 m.

In site 3, the first layer with a total thickness of 2 m
consists of silty sand soil, with N values ranging between
12 and 25. Below thislayer, asilty clay layer was encoun-
tered to adepth of 11 m; the N valuesranged from 38 to 60.
Finally, a magmatic gneiss layer with RQD varying from
54 to 100 % was found to a depth of 26 m; the N values
along thislayer are equal to 60. The groundwater level was
at adepth of 2 m.

In site 4, the groundwater level was found at a depth
of 6.7-7.4 m. From the ground surface to 4 m, a silty sand
layer was encountered with N values ranging between 2 and
4. Below thislayer, aclayey sand layer was encountered to
adepth of 12 m; the N values, ranged from 4 to0 9. Finally, a
sandy clay layer with N valuesvarying from 9to 42 wasen-
countered to adepth of 22 m.

In site 5, the first layer with atotal thickness of 11 m
consists of silty sand soil, with N values ranging between 6
and 60. Findly, a clayey silt layer with N values varying
from 7 to 59 was encountered to a depth of 19 m. The
groundwater level was at a depth of 3.85 - 4 m.

Figures 6, 7, 8, 9, 10 and 11 present the geometry of
thetest root piles and the subsurface profile at the construc-
tion site locations.

5. Load-Displacement Test Results and
Procedures

Static load tests were performed on the test piles 10
days after installation. The vertical settlement of the pile
head was measured by four dial gauges (two on each side of
the pile) attached to two reference beams. The load was ap-
plied inincrementsof 20 % of thefinal test load and main-
tained until the settlement rate from two consecutive settle-
ment readings at the pile head was less than 5 %. After
reaching the maximum load, the pile was unloaded in five
load stages, with the exception of pile 6. In Table 1, the ge-
ometry of the tested piles, the maximum applied load, in-
jection pressure and maximum recorded displacement are
summarized. Figs. 12 and 13 show the applied load at the
pile head vs. pile head settlement curves obtained from the
static load tests.

The curves show that the tests on piles 6 and 8 fully
mobilized the shaft friction, showing a sudden increase in
the settlement at about the maximum applied load. The
other tests were executed on piles with the same diameter
(d = 0.41 m) but with different lengths: the piles are far
from failure and exhibit similar behavior mainly governed

Soils and Rocks, Séo Paulo, 42(3): 289-299, September-December, 2019.
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Figure 7 - Subsurface profile and test piles 3 and 4.

by the shaft friction along the shaft. On most tests, adistinct
plunging ultimate load (Q,) was not obtained, and there-
fore, theVan der V een extrapol ation method was applied to
obtain the ultimate load of the test piles. The extrapolated
ultimate load (Q,) values are presented in Table 2.

6. Monitoring Results

The monitoring process was performed during test
pileinstallation. The dataacquisition system (speedometer)
recorded the drill bit linear velocity (V,) and drill bit ad-
vance velocity (V,) during the drilling of the marked sec-
tionson the drill rod. In Table 3, the monitoring results are
presented. However, dueto unforeseen eventsthat occurred
during field monitoring, it was necessary to perform chan-
gesin thelengths of the marked sectionsin some test piles.
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The penetration resistance index value (Ng,;) waslimited to
60, in depthsthat presented high N values, in which the pile
execution continued without additional difficulties.

For piles 1 and 2, executed in similar stratigraphic
profiles(site 1), higher excavation times are observed when
compared to the other piles, which is attributed to the pile
tip being seated on a rock profile. Thus, for these piles,
lower advancevelocitiesare verified. However, thedrill ro-
tor frequency, which is directly associated with the drill bit

Soils and Rocks, Séo Paulo, 42(3): 289-299, September-December, 2019.
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Table 1 - Summary of load test data.

Site  Testpile L (m) D (m) Applied load (kN) Settlement (mm) Injection pressure (kPa)
1 1 7.7 0.41 2000 224 400
2 7.7 041 2000 4.32 400
2 3 15 0.41 2400 11.24 300
4 15 041 2400 10.38 300
3 26 0.41 2240 8.04 300
4 12 0.35 1620 15.61 300
5 16 0.41 2400 13.85 300
8 12 0.41 2400 25.04 300
Larad (kM)
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Figure 12 - Results from static load tests on piles 1, 2, 3 and 4.
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Table 2 - Extrapolated ultimate load (Q,) values.

Site Pile Q, (kN)
3000
3200
3100
2900
2800
1550
2450

2150

o N o o b~ W NP

linear velocity, presents similar values when compared
with values for piles 4 and 5.

Pile 5 (site 3), which has the tip supported in mag-
matic gneiss, presents an average penetration resistance in-
dex along the shaft similar to piles 1 and 2, which also have
the tip supported on rock. In site 4, where pile 6 was exe-
cuted, areasonable compliance with pile 8 isverified when
advance velocity is evaluated. Piles 6 and 8 are embedded

Table 3 - Monitoring results.

in soils whose stratigraphy alternates between clayey silt,
silty sand, clayey sand and sandy clay. These pilespresent a
7.4 % variation when compared to the respective advance
velocities, whichissmaller for pile 8. Thisisdueto thefact
that the penetration resistance index at the tip of pile 8 is
higher thanfor pile 6. Thus, acorrelation between thesetwo
variablesisobserved, in such away that the higher the pen-
etration resistance index, the lower the advance velocity,
noting an inversely proportional ratio. High frequency val-
ues were observed during installation of piles 6, 7 and 8,
which were already expected dueto thedirect frequency re-
lationship with the drill bit linear velocity (V,). Thus, it is
possible to observe, that the higher the frequency, the
greater thedrill bit linear velocity and the smaller the soil N
value. Based on the above, it is possible to infer that pile
load capacity isinversely proportional to thedrill bit linear
velocity (V,) and the frequency. Table 4 shows the average
values of the monitored variables and the ultimate load for
each test pile.

Pile  Drilled length (m) Time (9) V,10° (m/s)  Frequency (Hz) o, (rad/s) V, (m/s) Ner i Ner st

1 0.1 38.00 2.63 201 12.60 1.95 60 50
0.2 51.00 3.92 250 15.72 244
0.2 78.00 2.56 215 13.50 2.09
0.2 72.00 2.78 225 14.13 2.19

2 0.1 27.00 3.70 1.76 11.08 1.72 60 52
0.2 50.00 4.00 2.67 16.76 2.60
0.2 56.00 357 1.36 8.55 1.33
0.2 54.00 3.70 2.65 16.62 2.58

3 0.1 11.22 891 255 16.00 248 60 33
0.1 8.27 12.10 1.15 7.24 112
0.2 19.28 10.40 0.99 6.21 0.96

4 0.1 476 21.00 2.00 12.57 1.95 60 32
0.2 9.78 20.40 1.95 12.24 1.90
0.2 15.84 12.60 1.20 7.56 117

5 0.1 18.59 5.38 154 9.66 1.50 60 52
0.2 34.30 5.83 194 12.21 1.89
0.2 43.19 4.63 1.76 11.08 172

6 0.15 29.00 5.20 3.99 25.10 3.89 10 6
0.2 43.00 4.70 4.06 25.48 3.95

7 0.3 30.00 1.00 2.05 12.86 1.99 39 22
0.2 27.00 7.40 244 15.32 2.37

8 0.3 38.00 7.90 161 10.14 157 22 22
0.2 44.00 4.50 4.38 27.52 4.27
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7. Equations Proposal and Validation

For the development of the equations, a multiple lin-
ear regression analysis method was used. Initialy, piles 3,
4,6, 7 and 8 were chosen for the devel opment of the expres-
sion (calibration), then piles 1, 2 and 5 were chosen for vali-
dation. The selection of the piles for the calibration and
validation of the equations was carried out randomly. As
mentioned on a previous section, three distinct scenarios

8L61A) "N gty . 1615,33(UL) > N &7

were proposed. In the first scenario, the load distribution
would occur with 80 % along the pile shaft and 20 % on
the pile tip. In the second scenario, the load distribution
would occur with 90 % along the pile shaft and 10 % on
the tip. Finally, in the third scenario, the load distribution
would only occur aong the pile shaft, that is, with 100 %
along the shaft. The equations for the proposed scenarios
are now, presented:

u,80/20 — Vao'°8 VbOVM Ny
B 40,80A31015 N (s);éi%p 1817,25(UL) > N % 1T6f35haﬁ )
u,9/10 — VaO’OS + VbO'M N
201917(UL) 0,008 NJ gélTezjaﬁ
u,100/0 = o .
Vy

where A isthetip cross sectional area; V, isthedrill bit ad-
vance velocity; (N ,,) isthetip resistance index; V, isthe
drill bit linear velocity; U isthe pile perimeter, L isthe pile
length; (Ng.; «.) IS the average shaft resistance index.
Analyzing the equations, it is verified that the regres-
sion coefficients did not change, whereas the regression
constants changed; this occurred for both the skin friction
bearing capacity and the tip bearing capacity. The regres-
sion constant of skin friction bearing capacity gradually in-
creased when moving from one scenario to the other. The
coefficient of determination (R?) of the equationsis 0.99.
It is noteworthy that the equations proposed for the
executive control present physical sense for the pile ulti-
mateload capacity, and the variablesthat have apositivere-
gression coefficient, are directly proportional to the pile
bearing capacity. Thus, for example, the greater the pile
perimeter (U), pilelength (L) or average shaft resistancein-
dex (Ng; «.), the greater the pile skin friction bearing ca-
pacity. On the other hand, the greater the drill bit linear
velocity (V,), the lower the pile skin friction bearing capac-
ity. The methodology proposed was verified on root piles
monitoring data that were not part of the universe used for

Table 4 - Average monitoring variables values.

the development of the equations by comparing the results
obtained from load tests performed on these piles and val-
ues obtained from the proposed equations. Piles 1, 2 and 5
wererandomly selected to carry out thevalidation. The pro-
posed equations did not consider the injection pressure.
However, Melchior Filho (2018) observed the small influ-
ence of this variable in the evaluation of Q.. More details
are presented in Melchior Filho (2018). It is also important
to point out that the injection pressure of all the pileschosen
for the development of the expression (calibration) was
about 300 kPa. Table 5 shows the load capacity estimates
from the proposed expressions, as well as those obtained
from the load tests.

Considering the presented scenarios, it is observed
that the percentage error between the estimated values and
the reference values considered was at least 2.8 % and at
most 13.3 %. When comparing the estimated pile bearing
capacity values and the reference valuesfor pile 1, an abso-
Iute error of 4.6 % is verified. It is worth mentioning that
all bearing capacity estimates for pile 1 presented values
dlightly lower than the reference value (ultimate load ob-
tained from the load test). For pile 2, an absolute error of

Pile Drilled length (m) Time(s) V,10°(m/s) Frequency (Hz) o, (radls)  V,(M/9) Ngrw Nerew  Q,(KN)
1 0.175 59.75 297 2.23 13.99 217 60 50 3000
2 0.175 46.75 3.74 211 13.25 2.05 60 52 3200
3 0.133 12.92 10.50 1.56 9.81 1.52 60 33 3100
4 0.167 10.13 18.00 172 10.79 1.67 60 32 2900
5 0.167 32.03 5.28 1.75 10.98 1.70 60 52 2800
6 0.175 36.00 4.95 4.03 25.29 3.92 10 7 1550
7 0.25 28.50 8.70 224 14.09 2.18 39 22 2450
8 0.25 41.00 6.20 3.00 18.83 292 22 22 2150
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Table5 - Methodology validation.

Method Pilel Pile2 Pile5

Q. (kN) Q,, (kN) Q, (kN) Q. (kN) Q,, (kN) Q, (kN) Q. (kN) Q,, (kN) Q, (kN)
Q,, 80/20 2244 671 2915 2314 658 2972 2533 639 3173
Q,, 90/10 2525 335 2860 2603 329 2932 2850 319 3170
Q, 100 2805 0 2805 2893 0 2893 3167 0 3167
Load test Q, (kN) 3000 3200 2800

8.3 % isobserved when comparing the pile bearing capac-
ity valueswith thereferencevalues. Asfor pile 1, itisfound
that the bearing capacity values predicted for pile 2 are
lower than the reference values; thisoccursfor all load dis-
tribution scenarios. A distinct trend is verified for pile 5,
with the greater absolute error (average of 13.2 %). The
pile bearing capacity values predicted for pile5were higher
than the reference value.

It is important to mention that the use of the SPT on
fine soils has some limitations, due to the characteristics of
thetest, in which agreat disturbance of the soil structureis
observed. Eurocode 7 states that the use of the SPT should
be restricted to a qualitative evaluation of the soil profile as
there is no general agreement on the use of SPT resultsin
clayey soil (BS, 2007). The soil profiles analyzed to de-
velop the proposed methodology consist, mostly, of coarse
soils. Therefore, the application of this methodology to
clayey soils hasto be performed with proper evaluation. It
isworth mentioning that the use of the proposed equations
isrestricted to soils with similar characteristics to those of
thisresearch. In this sense, the use of the proposed expres-
sionsin fine soil profiles should be preceded by further re-
search, in order to contemplate awider range of soil types.

In general, the bearing capacity values estimated by
the proposed equations were in agreement with the refer-
ence values. Therefore, acorrelation between the pile bear-
ing capacity and the suggested variables is observed. It is
worth mentioning that the proposal of thiswork isto pres-
ent asimplified procedure for the executive control of root
piles, helping in the decision-making during field execu-
tion, in relation to the definition of the pile length to be exe-
cuted.

8. Conclusions

In this research, ssimplified methodologies and equa-
tions for the executive control of root piles were proposed,
providing auseful tool to assist in the decision-making dur-
ing field execution. The methodology is based on the moni-
toring of execution variables (advance velocity and drill bit
linear velocity), determined from fundamentals of classical
physics with measurements made during field testing.
Based on these equations, it became possible to establish a
monitoring methodology for root piles. The measured exe-
cution variables during monitoring are correlated with ulti-
mate |oad values obtained from load tests.
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Thismethodology iseasy to carry out and providesan
immediate interpretation. The methodology allows a sys-
tematic control without disturbing root piles. It is also
adapted to the real conditions of root pile construction sites
and is therefore a technically and economically feasible
methodology. At present, the methodology is limited to
root piles having a length lower than 30 m and maximum
bearing capacity of 3500 kN. This methodology can pro-
vide the ultimate bearing capacity of the pile with areason-
able accuracy.

Thisalternative and original methodology hasthe ad-
vantage of estimating the root pile bearing capacity during
pile installation with a non-destructive approach. This
meansthat in the absence of astatic |oad test, the methodol -
ogy can become an aternative for the root pile executive
control. The monitoring protocol and the processing and
treatment of the acquired data show that the methodology
proposed can provide results with great similarity when
compared to static load test results.
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Evaluating the Adsor ptive Capacity of Aluminoferric Red
Oxisol in Reducing the Availability of 2,4-Dichlor ofenoxiacetic
Acid
D.P. Baldissarelli, D.P. Siqueira, A. Dervanoski, M. Morais, L. Galon, E.P. Korf, G.D.L.P. Vargas

Abstract. Increased food production resultsin the development and application of agrochemicalsto control weeds, which
can affect agricultural production. Pesticides contaminate the environment and change soil and water quality. Therefore, to
improve the understanding of the adsorption mechanism of 2,4-dichlorophenoxyacetic acid (2,4-D) in aluminoferric red
oxisol we have conducted an adsorption study using Langmuir and Freundlich isotherms, treating kinetic data using
pseudo first-order, pseudo second-order, and intraparticle diffusion models. The results showed the Freundlich isotherm
fits the experimental data best, revealing favorable adsorption and a strong attraction between adsorbent molecules,
considering the n_ and k. model parameters of 3.7 and 34.21 L /g, respectively. The kinetic model with the best fit was the
pseudo second-order model. The intraparticle diffusion model indicated the second step as the process controlling step,
revealing k, of 12.36 and 4.42 mg/g for the concentrations of 6352.80 mg/L and 1087.20 mg/L, respectively. Higher k,
represents lower transport resistance and higher motive power for mass transfer.

K eywor ds: adsorption isotherms, adsorption kinetics, agrochemicals, intraparticle diffusion model, pseudo second-order model.

1. Introduction

Globa demand for food has grown considerably in
recent decades due to population increase, which has re-
sulted inincreased food production. Weeds are prevalent in
monoculture agriculture, causing the widespread use of
pesticides (Martins et al., 2014). Some farmers adopt a
pre-established control system to apply pesticides that does
not consider local conditions, such as soil type, climate, ag-
ricultural management, type of cultivar, or cropping system
(Mancuso et al., 2011). Thus, in soil it is estimated a con-
centration increase every year and therefore being able to
exceed the limits permitted by environmental standards
(Cotillas et al., 2018). Consequently, high concentrations
have been identified in several environmental compart-
ments and can be spreading easily due the solubility of
many pesticides, increasing he extension of the contami-
nated area (Pavlovic et al., 2005; Piaiaet al., 2017).

The southern region of Brazil, more specificaly, Rio
Grande do Sul state, isknown as agricultural, with itsmain
crops being soy, corn and wheat. Among different types of
herbicides used in agriculture, stand out the selective ones,
such as 2,4-dichlorophenoxyacetic acid, also called 2,4-D,
used for post-emergence application on weeds, for various
cropssuch as soybeans and wheat. Itsuseintended to elimi-
nate the presence of these weeds that may end up compro-

mising production. This herbicide presents short to medium
persistencein the soil, being maintained for prolonged peri-
ods and can reach up to 4 weeks in regions with tropical
characteristic; in cold and dry regionsits decomposition be-
comesvery reduced (Silva& Silva, 2007), which can come
to affect this ecosystem, as well as, to compromise subse-
quent plantations, reducing production.

The degradation of agricultural soilsby 2,4-D hasre-
cently becomeaconcern for researchers(Risco et al., 2016;
Souzaet al., 2016a). Itiscommercially distributedin amine
formulations, salts, and esters (Amarante Jr. et al., 2003;
Shano et al., 2013). Amines were adsorbed more effec-
tively inthe soil than those of ester, therefore, more leacha-
ble, while those of ester are poorly soluble, therefore they
present lessmovement (Silva& Silva, 2007). The activeel-
ement of 2,4-D iswidely used in the chemical industry, and
due to the specific characteristics of this agrochemical,
such as high water solubility (620 mg/L) (Pavlovic et al.,
2005; Souzaet al., 2016b), low biodegradability (Brillas et
al., 2003; Nethaji & Sivasamy, 2017), and low soil adsorp-
tion coefficient, it is commonly found in groundwater be-
cause it percolates through the soil (Prado et al., 2016).

Considered moderately toxic by the World Health Or-
ganization (WHO, 2004), this long-lasting herbicide dam-
ages the nervous system of living beings (humans and ani-
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mals). Itsoral and dermal lethal dose (LD50) is 370 mg/kg
(in rabbits) and 1400 mg/kg (in mice), respectively (Vieira
etal., 1999). From this perspective, it isimportant to under-
stand the adsorption mechanismsof pesticidesinthesoil, as
different processes are also affected by this dynamic, such
as degradation, bioaccumulation, transport, and mobility
(Long et al., 2015).

Adsorption is a multi-step process involving the
transport of adsorbate molecules (2,4-D) from the aqueous
phaseto the surface of the solid (soil) particles, followed by
the diffusion of solute molecules into the pore interiors. If
the experiment isabatch system with rapid shaking, thereis
a possibility that the transport of adsorbate from the solu-
tion into pores (bulk) is the step that controls the speed of
the process (McKay, 1982). This process is described by a
graphical relationship, that shows the amount of adsorbed
2,4-D varying with the square root of time (Weber & Mor-
ris, 1963).

Numerous studies have been conducted to clarify the
behavior and adsorption of herbicides, such as terbuthy-
lazine, prometryne, metribuzin, hexazinone, metolachlor,
chlorotoluron, trifluralin, azoxystrobin, fipronil, chlorme-
guat chloride (Kodeovéa et al., 2011), and atrazine (Y ue et
al., 2017), in soil. Regarding 2,4-D, research has demon-
strated that in soils with a higher amount of organic matter,
whether natural or derived from residues, the adsorption of
pesticides by soil particles is higher (Amarante Jr. et al.,
2003; Bekbdlet et al., 1999; Spadotto et al., 2003; Vieiraet
al., 1999; Rodriguez-Rubio et al., 2006).

Although 2,4-D is classified as an extremely toxic
product in Brazil, itsuseis permitted and therefore there are
many concerns about the effects on human health and the
environment. Therefore, knowledge is essentia about the
mechanisms of retention and mobility of this contaminant
in the soil. There have been numerous studies about the ad-
sorption of thispesticidein Brazilian soil, however, thereis
alack of research on the use of latosol with low organic
matter as adsorbent material. To increase knowledge about
the capacity and mechanisms of the adsorption of the 2,4-D
agrotoxic in aluminoferric red oxisol, this study evaluates
its adsorption capacity, adsorption processes, and interac-
tions that occur between adsorbent particles and adsorbate
compounds.

2. Methodology

2.1. Solutions and adsor bent

2,4-D pesticide was used in the amine formul ation of
720 g/L. The solutionsrequired for the study were prepared
with ultrapure water from the Millipore Milli-Q system.
Theinvestigated soil was collected in the experimental area
on the Erechim campus of the Federal University of Fron-
teira Sul (UFFS) in Rio Grande do Sul, Brazil. This soil is
residual basalt material with a pedological classification of
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auminoferric red oxisol (Erechim unit) (Streck et al.,
2008).

Samples were taken from the surficial layer of hori-
zon A soil (from O to 10 cm) of a site that never received
agrochemicals in order to avoid interference from other
contaminating sources. Physical and physico-chemical
characterization was performed for different attributes,
such as: pH, micronutrients (iron, copper, zinc and manga-
nese), soil density and organic matter content; these analy-
ses were performed based on methodology described by
Embrapa (2009); and moisture content and granulometric
analysis, through the Brazilian Standards NBR 6457 and
NBR 7181, respectively (ABNT, 2016; ABNT, 1984).

2.2. Evaluation of adsor ption capacity and kinetic study

Under unsteady environment temperature (23 °C +
1 °C) and pH 5.5, the mass of 2.5 g of soil was added to
50 mL of aqueous solution (1:20), and then, soil adsorption
capacity was evaluated using a static method by American
Society for Testing and Materials (ASTM, 2016). All the
adsorption tests were conducted in triplicate, and the vari-
ables evaluated were the concentration of 2,4-D in the lig-
uid phase at equilibrium (C,), and through mass balance
(Eg. 1), the amount of 2,4-D adsorbed on the solid phase
(0,) per unit mass of soil used as adsorbent was obtained.

Initially, akinetic study was performed in which two
initial concentrations of the 2,4-D contaminant (1087.20
and 6352.80 mg/L) were used, resulting from the used vol-
umes of 0.25 and 1.30 liters per hectare, which are extreme
values for application of 2,4-D, normally used in the field.
These tested volumes are close to those recommended for
agronomic application and the purpose of using these con-
centrations was to obtain the time at which the system
reaches equilibrium. Monitoring time was 480 min, how-
ever, pre-tests verified that the highest adsorption rates oc-
curred during the first hour of the study. Based on these
results, it was determined that in the adsorption kinetic as-
says the aliquots would be withdrawn at shorter time inter-
vals at the beginning of the kinetic study (5, 15, 30, and
45 min), with the experiment ending after eight hours. This
study was used to perform the kinetic modeling of the pro-
cess, which will be described later. Table 1 shows the ex-
perimental conditions used in the preliminary tests and in
the kinetic study.

Subsequently, the adsorption study was carried out in
triplicate, using initial concentrations of the 2,4-D contami-
nant of 0.0, 1668.80, 4734.40, 8318.40, 10176.00, and
17920.00 mg/L resulting from 2,4-D applications of 0.0,
0.50, 1.00, 1.50, 2.00, and 3.50 L per hectare of soil usedin
the field to obtain adsorption isotherm models, with the
2,4-D adsorbate concentration at equilibrium (C)). Aliquots
resulting from the kinetic study and the adsorption study
were used to determine the amount of 2,4-D.
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Table 1 - Experimental conditions used and kinetic study.

Time
(min)

480

Concentration
2,4-D (mg/L)

1087.20

6352.80
0.0 45

1668.80

4734.40

8318.40

10176.00

17920.00

Experi-
ment

Kinetic study

Equilibrium study

o o~ WN RPN

2.3. Chromatogr aphic analysis of 2,4-D

To determine the liquid phase 2,4-D adsorbate con-
centration at equilibrium (C), aliquots were centrifuged at
3000 rpm (Sigma Equipment 3-16 L) for 10 min. Thereaf-
ter, asyringe filter (0.45 um) was used to separate the soil
from the liquid phase. The resulting extract was then sub-
jected to chromatographic analysis. Identification was
achieved using a high-performance liquid chromatography
system (HPLC) (Shimadzu, Prominence UFLC with PDA
detector) using the standard curve of the analyte (2,4-D).
Data processing was performed using LabSolutions soft-
ware, version 5.75. The amount of solute adsorbed per unit
mass of adsorbent (soil), g, (mg/g), was determined using
Eqg. 1:

_c —c\V
q. =(C, Ce)W (1)

where C, istheinitial adsorbate concentration (mg/L), C.is
the adsorbate concentration at equilibrium (mg/L), V isthe
solution volume (L), and W is the weight of the solid (g).

2.4. Adsor ption process modeling

After determining the adsorbed concentrations, ad-
sorption isotherms were traced and mathematical modeling
was applied to determine the adsorption mechanisms of
2,4-D in soil particles.

2.5. Adsor ption isotherms

Langmuir and Freundlich isotherm models were em-
ployed in the study. The Langmuir isotherm model, pre-
sented in Eq. 2, assumes uniform adsorption energy on the
surface and in the transmigration of the adsorbate between
sites (McKay et al., 1982).

_ qmax bLCe

2
° 1+b.C, @

0, is the amount of solute adsorbed per unit mass of adsor-
bent (mg/g), C, is the adsorbate concentration at equilib-
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rium (mg/L), and g, (mg/g) and b, (L/g) are Langmuir pa-
rameters representing the maximum adsorption capacity
and the adsorbate/adsorbent interaction constant, respec-
tively.

The Freundlich isotherm is described by Eq. 3. The
empirical model considers multilayer adsorption and can
be applied on highly heterogeneous surfaces. In many cases
it provides better representation of adsorption equilibrium
of asingle solute compared to a Langmuir isotherm (Merk
et al., 1981), where the heat of adsorption depends on the
concentration in the solid phase.

1

q. = k F C.r 3
g, isthe amount of solute adsorbed per unit mass of adsor-
bent (mg/g), k. isthe equilibrium constant of the Freundlich
model related to adsorption capacity (L/g), C, is the adsor-
bate concentration at equilibrium (mg/L), and n_isadimen-
sionless exponent of the Freundlich equation related to the
intensity of adsorption.

2.6. Kinetic adsor ption

Adsorption kinetics describe the rate of solute re-
moval in thefluid phase over time and are dependent on the
physical and chemical characteristics of the adsorbate, the
adsorbent, and the experimental system. The adsorption
mechanism in adsorbents may involve the following steps:
the transfer of adsorbate molecules from the solution to the
external surface of the adsorbent (boundary layer); the ad-
sorption of the adsorbate molecules into the external sur-
face of the particle through molecular interactions; the dif-
fusion of adsorbate molecules from the external surface to
theinterior of the particle (effective diffusion); and the ad-
sorption inside the particle (Ruthven, 1984). According to
Sun & Xiangjing (1997), thefirst stage of adsorption can be
affected by increased adsorbate concentration and shaking,
accelerating diffusion of the adsorbate to the solid surface.
The second stage is dependent on the nature of adsorbate
molecules. The third stage is generally considered the de-
termining step, especially in the case of microporous adsor-
bents.

Kinetic adsorption models can be used to determinate
the mechanisms and adsorbent efficiency in the removal of
contaminants. In this study, data relating to the adsorption
of 2,4-D by soil has been treated using three kinetic models
- the pseudo first-order, pseudo second-order, and intrapar-
ticle diffusion models.

Pseudo first-order Lagergren model (Khaled et al.,
2009; Xuetal.,2013; Ho & McKay, 1998; Roy et al., 2013;
Gulnaz et al., 2005) isthe first known equation to describe
the adsorption rate based on adsorption capacity. Accord-
ing to some authors, the pseudo first-order model may be
related to the occurrence of physical adsorption, which can
control the reaction rate (Ho & McKay, 1999).
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The linear equation of Lagergren or pseudo first-
order equation is expressed in Eq. 4:

sy @

lo —qg,)=Io -
9(q. —9,) =logq, 5308

where g, is the adsorption capacity at equilibrium (mg/g), q,
isthe adsorption capacity intimet (mg/g), k, isthe constant
of the adsorption rate of pseudo first order (1/min), andtis
the time of reaction (min).

Another kinetic model evaluated was the pseudo sec-
ond-order model (Roy et al., 2013; Gulnaz et al., 2005;
Khaled et al., 2009; Ho & McKay, 1999; Xu et al., 2013),
being alinear model represented by Eq. 5:

L - (5)

ql k2 qs qe

wheretisthetime of reaction (min), g, isthe adsorption ca-
pacity in time t (mg/g), k, is the constant of the adsorption
rate of pseudo second order (g/mg.min), and g, is the ad-
sorption capacity at equilibrium (mg/g).

The intraparticle diffusion model is commonly ex-
pressed by Eq. 6 (Roy et al., 2013; Ho e McKay, 1998):

(6)

where g, isthe adsorption capacity in timet (mg/g), k, isthe
velocity constant of intraparticlediffusion (mg/g.min) and t
is the time of reaction (min).

Based on the assumption that 2,4-D is transported
from the agueous solution to the adsorbent by intraparticle
diffusion, thisis another kinetic model that must be used to
study the adsorption of this contaminant in soil. The intra-
particle diffusion velocity constant (k;), also known asthe
Weber and Morris constant, is obtained by the linearization
of Eq. 6 corresponding to the angular coefficient of theline,
which can present two or morelinear stepsthat can limit the
adsorption, as follows:

a) Linear stage that begins with a rapid diffusion on the
outer surface of the particle;

b) Linear stage that begins with gradual adsorption, where
intraparticle diffusion is the limiting rate; and

¢) Theequilibrium stageinwhich theintraparticlediffusion
begins to decay due to the low solute concentration in
the solution and the lower availability of adsorption
sites (Chen et al., 2003).

All the experimental results for the adsorption equi-
librium of the 2,4-D compounds were adjusted using the

N

q; :th

least squares method with version 7.0 STATISTICA soft-
ware, applying the Langmuir and Freundlich models. The
statistical significance adopted for fitting the experimental
data to the modelswas 95 %.

3. Results and Discussion

3.1. Soil characterization

Table 2 shows pH, moisture content, density, micro-
nutrients and organic matter content of the soil sample.

High moisture content of the superficial soil layer
(0-10 cm) is due to pluviometric precipitations that oc-
curred in the days prior to the collection of the material.
According to Streck et al. (2008), the latosols have low nu-
trient content and high acidity, with pH below 4.9 in the su-
perficial layer and, at greater depths, values close to 5.5
(Brazil, 1973).

Fig. 1 shows the particle size distribution of the soil
sample, with clay, silt and fine sand contents, correspond-
ing to 38,26 %, 12,83 % and 47,33 %, respectively.

3.2. Equilibrium studies

Langmuir and Freundlich adsorption isotherms were
obtained using the adsorption tests with different initial
concentrations of 2,4-D. Fig. 2 shows the results of experi-
mental adsorption isotherms for 2,4-D, adjusted using the
Langmuir and Freundlich models.

Adsorptionisothermsfor 2,4-D in soil were described
as type L, according to Giles et al. (1960) classification.
Fig. 2 indicatesthat for lower concentrations of agrochemi-
cals added to the soil, adsorption occurs with greater inten-
sity, indicating the affinity of the adsorbent with 2,4-D.
This is confirmed by Pavlovic et al. (2005), who showed
that in this isothermal shape (L) monofunctional adsorbate
is strongly attracted to an adsorbent, mainly via electro-
static or ion-ion interactions, thus reaching the saturation
value. By means of the experimental results, it wasstill pos-
sible to observe that when the lowest concentration of
2,4-D (1668.80 mg/L) was used, a removal of approxi-
mately 25.00 % was obtained, and as the concentration of
the contaminant wasincreased (17920.00 mg/L ), there was
adecrease in removal to 4.50 %.

The parameters obtained by the Langmuir and Freun-
dlich models are shown in Table 3. Considering the param-
etersof the models presentedin Table 3, calculated with the
experimental data obtained by the chromatographic analy-
sis of 2,4-D, it is possible to verify that the Freundlich
model showed better adjustment for the adsorption process

Table 2 - Sail characteristics: pH, moisture content, micronutrients and organic matter.

pH Moisture Density Micronutrients (mg/dm’) Organic matter
0 3 0
content (%) (g/cm’) Fe cu Mn 7n content (%)
421+011 50.85+4.88 1.22 +0.50 7.580.50 1.52+0.20 1.47 +£0.01 0.36 +0.03 317+0.71
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Figure 2 - Langmuir and Freundlich adsorption isotherms for
2,4-D (0.0, 1668.8, 4734.4, 8318.4, 10176.0, and 17920.0 mg/L);
adsorbate weight, 2.5 g; volume, 50 mL; temperature,
23°C+1°C.

Table3 - Parameters of the Langmuir and Freundlich models, ad-
justed to experimental data.

Langmuir isotherm model - Freundlich isotherm

Eq. 2 model - Eq. 3
O (Mg/g) b (Ll R n k(g R
363.00 009  0.86 370 3421 096

of 2,4-D inthe soil, based on the value of the determination
coefficient (R?). Considering the model, it can be assumed
that the soil studied has heterogeneous sites and that the ad-
sorption process occurs in multiple layers.

In adsorption studies of 2,4-D (25 °C) in adsorbents
such asillite, sand, and humic acid, Haque & Sexton (1968)
obtained values of 1.02, 1.454, and 1,09 L/mg, respec-
tively, for the equilibrium constant of the Freundlich model
(k.). Delle Site (2000) reports that for values of n_ > 1itis
possible to have L -shaped isotherms and that the lower this
ratio, the greater the interaction between adsorbate and ad-
sorbent. This shows that due to the high n_ determined in
the present study, the ratio becomes smaller when com-
pared to studiescited above, and thereforethereisahighin-
teraction between adsorbate and adsorbent.

Soils and Rocks, Séo Paulo, 42(3): 301-309, September-December, 2019.

More information can be gathered using the equilib-
rium constant of the Freundlich model. Alfonso et al.
(2017) evaluated the adsorption of four organophosphorus
pesticides (diazinon, dimethoate, methyl parathion, and
sulfotep) in different soilsfrom Y ucatan, Mexico. Their re-
sults indicate that all agrochemicals had low adsorption in
the soil studied and therefore high mobility. The Freundlich
model provided the best correlations, with k_in the range of
1.62-2.35 L/mg for sulfotep, 2.43-3.25 L/mg for dime-
thoate, 5.54-9.27 L/mg for parathion, and 3.22-5.17 L/mg
for diazinon.

These values, found by Alfonso et al. (2017), are
much lower than the values observed in this research, indi-
cating a good adsorption capacity and a higher affinity of
2,4-D for the aluminoferric red oxisol. The increased val-
ues for the two constants of the Freundlich model (n. and
k.) are related due to the presence of a higher clay and silt
content in the studied soil, being 38,26 % and 12,83 %, re-
spectively. According to Bekbolet et al. (1999), who inves-
tigated the adsorption of 2,4-D in soils with low organic
matter and neutral pH, it has been also verified that the ad-
sorption process is positively correlated with the organic
matter content and the amount of clay and silt. Thisisalso
confirmed by Alfonso et al. (2017), who obtained the low-
est and highest values of n. and k_, respectively, for soil
with higher clay content.

3.3. Adsorption kinetics

Fig. 3 shows the behavior of 2,4-D adsorption kinet-
icsusing two differentinitial concentrations (6352.80 mg/L
and 1087.20 mg/L), in order to evaluate the equilibrium
time between the adsorbent and the adsorbate used . This
equilibrium time was also used to construct the adsorption
isotherms. Fig. 3 shows that the equilibrium time decreases
asthe concentration of the contaminant increases. Based on
this result and other preliminary results, the equilibrium
time chosen for the other tests concerning the adsorption
isotherms was 45 min.

Through the results obtained and analyzing the stud-
ied soil, it is verified that this soil does not present micro-
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Figure 3 - Behavior of different 2,4-D concentrations in the ad-
sorption process as a function of the reaction time.
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porosity characteristics, being that the adsorption occurs
more effectively on the surface, reaching equilibrium more
quickly compared to microporous adsorbents, such as acti-
vated carbon, for example. The clay soil used in this study
favorsthe adsorption process of the contaminant, asit pres-
ents a larger surface area when compared to sandy soils.
Thus, by knowing the adsorption kinetics it is possible to
determine the process control steps and the adsorption be-
havior of 2,4-D in the studied soil. Table 4 presents the ki-
netic parameters of pseudo first-order and pseudo second-
order Lagergren models. These parameters were deter-
mined by establishing alinear relationship from the experi-
mental results.

Considering thekinetic pseudo first-order and pseudo
second-order models, if the g, of the linearization is not
equal to g, obtained experimentally, then the reaction will
probably not be of the analyzed order, even though this plot
has high correlation with the experimental data (Khaled et
al., 2009; Crini et al., 2007). Analyzing the data presented
inTable4 for the pseudo-first order model, itisverified that
the g, values obtained by the linearization are very low
compared with the experimental values of g.. In addition,
the R? determination coefficient is relatively low for most
data, which indicates that 2,4-D adsorption in soil is not a
first-order reaction.

Fig. 4 shows the adjustments of the pseudo second-
order adsorption kinetics obtained for this study.

The higher determination coefficient (R) (shown in
Table 4) for the pseudo second-order model shows that it
provided a better adjustment to the experimental data than
the pseudo first-order model. In addition, the g, (mg/g) cal-
culated using thiskinetic model iscloseto the experimental
d. (mg/g).

Salman & Hameed (2010) studied adsorption kinetics
for the removal of 2,4-D from contaminated water using
coal and found that the pseudo second-order model fits the
experimental data best. This same behavior has been ob-
served in the work of Trivedi et al. (2016) in which peanut
shells were used in the removal of 2,4-D.

In addition, the pseudo second-order model may be
related to the occurrence of chemical adsorption, which can
control the reaction rate (Ho & McKay, 1998). According
to Ruthven (1984), in the case of chemisorption, it involves
the exchange or sharing of electrons between the adsorbate
molecules and the surface of the adsorbent, resulting in a
chemical reaction. This results essentially in anew chemi-
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Figure 4 - Results of pseudo second-order kinetic: adsorbate
weight, 2.5 g; volume, 50 mL; temperature, 23 °C + 1 °C.

cal bond and therefore much stronger than in the case of the
physisorption. The concepts of chemisorption and physi-
sorption are distinct, however the two adsorption mecha-
nismsare not completely independent. The distinction asto
whether the speciesis physically or chemically adsorbed is
not very clear, since both processes can often be described
in terms of the principles of physical adsorption.

In general, the differences between physical adsorp-
tion and chemical adsorption can be summarized as; Chem-
ical adsorption is highly specific and not all solid surfaces
have active sites capable of chemically adsorbing adsor-
bate. It should be noted that not all molecules present in the
fluid can be adsorbed chemically, only those capable of
binding to the active site. Physical adsorption, unlike chem-
ical adsorption, is non-specific. From a thermodynamics
point of view, the heat involved in the physisorption is gen-
erally below 10 kcal/mol, that is, of the order of condensa-
tion/vaporization. In the adsorption chemistry, the heat of
adsorption is of the order of the heat of reaction, therefore
above 20 kcal/mol. It should be added that, since no forma-
tion or breakage occurs, the chemical nature of adsorbateis
not altered (Nascimento et al., 2014).

In general, it was verified that the kinetic pseudo sec-
ond-order model isadequate to describe the adsorption pro-
cess of 2,4-D in the soil in the present study.

3.4. Intraparticle diffusion kinetics

Fig. 5 shows the correlation of g, vs. t*? for the ad-
sorption of 2,4-D inthe soil created for theintraparticle dif-
fusion model, including the three steps described in the

Table 4 - Adsorption rate constants of pseudo first-order and pseudo second-order models and g, values for different initial 2,4-D con-
centrations: adsorbate weight, 2.5 g; volume, 50 mL ; temperature, 23 °C + 1 °C.

2,4-D concentra- g, experimental

Pseudo first-order model - Eq. 4

Pseudo second-order model - Eq. 5

tion (mg/L) (mg/g)

k, (Vh) 9. (mg/g) R k,(¢/mgh)  q.(mg/g) R
6352.80 14.59 0.70 6.24 0.22 9.25 10.96 0.85
1087.20 20.69 0.08 6.01 0.07 1.00 16.83 0.99
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section on kinetic adsorption (methodology) and separated
by the 3 vertical lines highlighted (Fig. 5). In al cases, the
quality of the adjustments obtained is defined by the deter-
mination coefficient (R) for each of the steps.

Table 5 shows the adsorption kinetic constants of the
model for the second stage, chosen as the process control
stage (highest determination coefficient mean). For the ad-
sorption process using 2,4-D, the intraparticle diffusion
model presented ak, of 12.36 and 4.42 mg/g.h for the con-
centrations of 6352.80 mg/L and 1087.20 mg/L respec-
tively.

The results show that the higher the concentration
used, the higher isthek, ascan be seenin Fig. 5. Thisresult
is expected because the higher the concentration used, the
greater the motive power for mass transfer and the higher
the rate of diffusion of the contaminant in the pores of the
adsorbent. This order of velocity can be attributed to the
mass and molecular configuration of 2,4-D (Foust et al.,
1982).

4. Conclusion

It was possibleto verify that the adsorption process of
2,4-D inthe aluminoferric red oxisol occursthrough differ-
ent attraction forces, suggesting adiversity of activesitesin
the soil. Among the model sthat describe the kinetic adsorp-
tion of the pesticide in soil, the Freundlich model provided
the best adjustment (R of 0.96). The equilibrium constant
and dimensionless exponent, both of the Freundlich model,
k. and n, respectively, estimated at 34.21 and 3.7, indicate
affinity between the adsorbent and the adsorbate, mainly

Table 5 - Kinetic parameters of intraparticle diffusion model for
2,4-D; adsorbent weight: 2.5 g, volume: 50 mL, temperature:
23°C+1°C.

due to the clay and silt content present in the soil and the
characteristics of the analyte molecule. Thisimpliesasig-
nificant reduction in the availability and mobility of the
pesticide in soil. In terms of the adsorption kinetics, it has
been verified that the pseudo second-order model better
represented the contaminant studied. This behavior is re-
lated to the molecule of the contaminant, as other research
has also related this kinetic model to the adsorption of
2,4-D, even using another substance as an adsorbent. Based
on the kinetic tests, it was possible to identify the control-
ling stage of the process and the high values of the determi-
nation coefficient relative to the intraparticle diffusion
model. Thisindicated that the processis strongly controlled
by the second step for the concentrations evaluated, as
intraparticle diffusion rate is limiting of this process.

Furthermore, the results and conclusions obtained in
this study can be used as knowledge and decision making
for remediation in contaminated areas, considering that the
soil in natural conditions, as in this study, aready has a
good ability to attenuate contaminants.
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3D Finite Element Analysis of Diaphragm Wall Construction
Stagesin Sand

R.A. Abdelrahman, A.M. Hassan, M.l. Amer

Abstract. Construction of underground structures may impose a hazardous effect on adjacent buildings due to ground
movements caused by the construction of side support system and excavation. Most studies focus on predicting the soil
movements due to excavation, however, limited research is performed to predict the effect of the construction process of
the side support walls. Therefore, a 3D numerical model is developed to better understand the influence of installing
diaphragm walls in sandy soils. A verification model has been used to validate the modeling of diaphragm wall
construction sequence and its outputs using field data measurements of a selected case study. The diaphragm wall
construction processis simulated using the WIM and WIP methods. This study has proved that WIM method is capable of
simulating the construction stages and capturing the changesin soil stresses and displacements. Moreover, the results show
that modeling diaphragm wall installation asaplane strain problem leadsto the overestimation of the soil displacements. In
addition, the effect of related parametersincluding; panel length, panel width, soil relative density, and moisture condition
have been studied. The anticipated soil stresses and displacements during the construction process of diaphragm walls are
presented. Finally, the effect of the selected modeling method (WIP or WIM) on the anticipated displacements during the

following excavation stage is highlighted.

Keywords: construction stages, diaphragm wall, PLAXIS 3D, sand, WIP, WIM.

1. Introduction

A diaphragmwall isused asapart of side support sys-
tems for underground structures such as metro stations,
basements, and underpasses. A diaphragm wall is a rein-
forced concrete structure constructed in-situ panel by pa-
nel. The wall can reach depths down to 50 m. The panel
length ranges between 2.5 m and 7.0 m. The typica con-
struction sequence of each panel includes three stages: (1)
trench excavation under bentonite slurry support, (2), wet
concrete injection, and (3) concrete hardening (Clear &
Harrison, 1985).

The common practice is to design the side support
system without considering the effect of the construction
process of the walls. The construction sequenceis assumed
to have no effect on soil stresses or ground movements.
However, previous studies indicate that diaphragm wall
construction induces significant changes in stresses and
movements of the surrounding soil (Burlon et al., 2013;
Poh & Wong, 1998; Symons & Carder, 1993). Several case
historiesarereported in which the construction of adeep di-
aphragm wall resulted in the collapse of the constructed
panels and settlement values up to 60 mm (Cowland &
Thorley, 1984).

Numerical modeling is capable of simulating the dia-

phragmwall using two methods; WIP (wished in place) and
WIM (wished in model). In the WIP method, the dia-

phragm wall ismodeled asaplate element. The sequence of
diaphragm wall installation is not considered and no chan-
gesin soil stresses or ground movements are assumed (De
Moor & Stevenson, 1996). Conversely, in the WIM me-
thod, the model isdevel oped to consider the three construc-
tion stages of each panel. Thefirst stage involvesremoving
soil elements constituting the ground to be excavated (the
trench) and simultaneously applying the hydrostatic ben-
tonite pressure along the sides and bottom of thetrench. For
the second stage, the hydrostatic wet concrete pressure
should replace the hydrostatic bentonite pressure. Ling et
al. (1994) found, based on field measurements, that the full
hydrostatic wet concrete pressureis applied down till acer-
tain depth (the critical depth) after which the wet concrete
pressure increases with depth at arate governed by the unit
weight of the bentonite (bi-linear pressure). The critical
depth (h,,) is observed to be located approximately at one
third of thewall depth. Accordingto Ling et al. (1994), the
wet concrete behaves asaheavy fluid because the solid par-
ticles (aggregates and cement grains) are suspended in the
water. As the hydration process takes place, reduction in
pore pressure is observed. The hydration mechanism re-
sults in the gradual transfer of the load from being a pore
pressure into a solid weight. Consequently, the vertical
stresses increase and the horizontal stresses acting on the
trench sidesarereduced. For thethird stage, thetrenchisre-
placed by an elastic concrete material and the bi-linear
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pressure is removed. This approach has been adopted in
several studiesin order to evauate the effect of installation
of diaphragm wallsin clayey soils (Ng et al., 1995; Gour-
venec & Powrie, 1999; Arai et al., 2008; Li & Lin, 2018).

In this paper, the effect of diaphragm wall installation
in sandy soilsis evaluated via a 3D numerical model. The
paper consists of four parts; the first part validates the dia-
phragm wall numerical model and its outputs using a case
study. The WIP and WIM methods are used to consider the
effect of the construction process and the results of both
methods are compared to field datameasurements. The sec-
ond part discusses the effect of the construction process on
the ground movement and the soil stresses. The third part
provides aparametric study to eval uate the effect of related
parameters: panel length, panel width, soil relative density,
and moisture condition. Finally, the effect of the selected
modeling method (WIP or WIM) on the anticipated dis-
placements during the subsequent excavation is high-
lighted.

2. Case Study and Model Verification

The selected case study is a diaphragm wall con-
structed to be apart of the basements of amulti-story build-
ing in Dokki, Giza, Egypt (El-Sayed & Abdel-Rahman,
2002; Abdel-Rahman & El-Sayed, 2009). The soil stratifi-
cation at thissiteisshown in Fig. 1 aswell asthe results of
the SPT testswith depth. The ground water table was moni-
tored at a depth of 2.0 m below the ground surface.

AsshowninFig. 2, theexcavation siteis 24.6 mtimes
35.7 mand is surrounded by five existing buildings. Build-
ingsA, B and C are 12 to 14 stories high and arefounded on
piles with lengths ranging between 14.0 m and 16.0 m and
are located at distances of 1.8 m, 3.15 m and 7.15 m away
fromthe excavated site, respectively. BuildingsD and E are
5 and 2 story buildings, respectively. Both buildings are
founded on shallow foundations at 2 m depth and are lo-
cated at adistance of 3.2 m from the excavation site.

The excavation depth was 10.8 m below the ground
surface, therefore, a side support system was needed. This
supporting system was composed of a diaphragm wall sup-
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Figure 1 - Soil stratification and SPT data (Abdel-Rahman & El
Sayed, 2009).
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ported by two rows of anchors and struts. The diaphragm
wall width (w) is 0.6 m, depth (D) is 21 m, and the panels’
lengths (L) range between 2.70 m and 6.72 m. The total
number of panelsis 20.

An optical surveying program was adopted to moni-
tor the settlement of adjacent buildings due to the construc-
tion of the side support system and excavation. Asshownin
Fig. 2, thirty one settlement points (SP-1 to SP-31) were
fixed on selected columns at the location of adjacent build-
ings.

Figure 3 showsthe measured total settlementsdueto
construction of the diaphragm wall and excavation down
till the designated depth. Despite being founded on piles,
considerable settlement values were observed at Build-
ingsA, B, and C. For these buildings, the total settlement
ranged between 0.0 mm and 12.5 mm (Fig. 3a). The maxi-
mum value occurred at SP-19 (Building B). This point
was located at a distance of 3.15 m from the diaphragm
wall. None to negligible settlement values were detected
at SP-1, SP-2, SP-28, SP-29, and SP-30 which were lo-
cated at distances of 18 m to 40 m away from the corners
of the site. Dueto construction of the diaphragm walls, the
measured settlementsranged between 0.0 mm and 8.6 mm
whichimplied that at least 44 % of thetotal settlement val-
ues took place before excavation. The diaphragm wall is
21 m deep whilst the piles are 14 m to 16 m deep which
may explain why most of the settlement took place during
the execution of the diaphragm wall. For Buildings D and
E (on shallow foundations), thetotal settlement ranged be-
tween 1.2 mm and 17.8 mm. The maximum value oc-
curred at SP-23 (Building E). This point was located at a
distance of 3.2 m from the diaphragm wall. Insignificant
settlement value was detected at SP-24, whichislocated at
adistance of about 14 m from the corner of the site. Dueto
construction of the diaphragm walls, the measured settle-
ments ranged between 0.4 mm and 8.6 mm, whichimplied
that 14 % to 50 % of thetotal settlement valuestook place
(Fig. 3b).

These measurements confirm the importance of esti-
mating the displacements induced during the construction
of the diaphragm walls while studying the effect of install-
ing aside support system and excavation. Therefore, verifi-
cation models are constructed via the 3D finite element
program (PLAX1S0). The soil massis simulated as a con-
tinuum composed of 10-node tetrahedron volume ele-
ments. For all soil layers, the Hardening Soil Model (HSM)
is applied. Table 1 presents the assigned parameters for
each soil layer. For buildings on deep foundation, due to
lack of data, asurchargeload of 150 kN/m?issimulated at a
depth of 16 m below the ground surface. Buildings founded
on shallow foundations are simulated as a 40 kN/m”* sur-
charge load at 2 m below the ground surface as shown in
Fig. 4.

Two modelshave been studied to determine the effect
of the diaphragm wall simulation technique. The dia-
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Figure 3 - Field measurements for buildings founded on: () deep foundation and (b) shallow foundations.

phragm wall issimulated using either WIP method or WIM
method. In the WIP method, the diaphragm wall is simu-
lated as a plate element. The plate element isformed based
on Mindlin's plate theory to simulate a thin two-dimen-
sional structure with flexura rigidity and a normal stiff-
ness. Herein, the plate is modeled as an elastic isotropic

Soils and Rocks, Sao Paulo, 42(3): 311-322, September-December, 2019.

concrete material and its properties are: unit weight
(v) = 24 KN/m’, Young's modulus (E) = 2.6 x 10" kKN/m’
and Poisson’sratio (v) = 0.20. The model considersthe se-
guence of constructionin three stages. At thefirst stage, the
soil initial stresses are generated using the K, procedure. At
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Table 1 - Soil properties for the case study (Hardening Soil Model).

Layer Fill Silty sand Fine sand Graded sand
Thickness (m) 2 3 6 14
Saturated unit weight, y (kN/m?’) 17 18 19 20
Secant stiffnessin standard drained triaxial test, E, (MPa) 16 25 25
Tangent stiffness for primary oedometer loading, E_, (MPa) 16 25 25
Unloading/rel oading stiffness, E®, (MPa) 18 48 75 75
Power for stress-level dependency of stiffness, m 0.5 0.5 0.5 0.5
Effective cohesion, ¢’ (kPa) 0.01 0.01 0.01 0.01
Effective angle of shearing resistance, ¢ (deg) 29 31 335 36
Dilatancy angle, ¥ (deg) 0 1 35 6
Poisson’sratio, v, 0.2 0.3 0.3 0.3
Earth pressure coefficient at rest, K, 0.515 0.485 0.448 0.412

Tl kbl §E1

(VTS ETTIRNE

Haildug (E - ¥

Figure 4 - PLAXIS three dimensional model configuration for
case study.

the second stage, the surcharge loads of adjacent buildings
are activated. At the third stage, the diaphragm wall (plate
element) is activated.

In the WIM method, the diaphragm wall panels are
simulated as volume elements. The model is developed to
consider the construction stages of each pandl. First, the
soil initial stresses are generated using the K, procedure.
Second, the surcharge loads of adjacent buildings are acti-
vated. Third, the excavation under slurry support is simu-
lated by deactivating soil elements inside the trench.
Simultaneously, the hydrostatic bentonite pressure with a
unit weight (y,) of 10.4 kN/m’ is applied along the trench
sides and bottom (Fig. 5a). Fourth, wet concrete is poured
into thetrench replacing the bentonite slurry. Thus, the ben-
tonite hydrostatic pressureis replaced by bi-linear pressure
(Fig5b). A full concrete pressurewith aunit weight (y,,.) of
23 kN/m’ is applied down to a critical depth (h,,) below
which the pressure increases along depth with the bentonite
pressure. Fifth, concrete hardens, hence, the bi-linear pres-
sure isremoved and the volume elements inside the trench
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Figure 5 - Construction stages of diaphragm wall.

are activated as el astic i sotropi c concrete volumeswith unit
weight (y,) equal to 24 kN/m’, E = 2.6 x 10" kN/m’ and Pois-
son’sratio v = 0.20 as shown in Fig. 5c. For each panel, the
last three stages (third to fifth) are repeated according to the
construction schedul e executed on site.

Figure 6 depicts that the WIP method underestimates
the settlement values at the sel ected points by 63 % to 85 %.
The calculated settlements range between 0.4 mm and
1.6 mm for buildings A, B, and C and between 0.4 mm and
1.2 mmfor buildings D and E. On the other hand, the WIM
method presents a better prediction. The calculated settle-
ments range between 0.7 mm and 10.6 mm for buildings A,
B, and C and between 2.1 mm and 10.1 mm for buildingsD
and E. Figure 7 presents the horizontal displacement con-
toursusing both the WIP and WIM methods. It can be noted
that negligible values are acquired using the WIP method,
however, higher values are attained using the WIM me-
thod. Furthermore, the WIP method shows an almost uni-
form distribution of displacements all over the site. The
WIM method shows a more redlistic trend where higher
displacement values occur along the diaphragm panels. In
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Figure 6 - Field measurements vs. calculated settlements using
3D FEM.

addition, concentration of displacementsis noticed around
the panels especially at the right and bottom sides of the
site. By reviewing the panels' lengths and construction
schedule, it is found that these higher values occurred
where longer successive panels were executed. The model
constructed using the WIP method al so shows that the con-
struction of diaphragm walls generates insignificant values
of straining actions.

Based on the above results, the WIM method is
adopted for the parametric study. The current study focuses
oninvestigating the effect of construction of the diaphragm
wall on the generated soil stresses and displacements.

3. Results and Discussion

In order to investigate the effect of diaphragm wall
construction on ground movement and soil stresses, a 3D
model of adiaphragm wall with adepth (D) of 17 missim-
ulated (Fig. 8aand b). The diaphragm wall is composed of
three panels as presented in Fig. 8c. Panel 1 is a primary
panel, panels 2 and 3 are secondary panels. Each panel is
simulated in stages according to the construction sequence
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Figure 8- Proposed model: (a) Meshing (b) Configuration and (c)
Panels geometry.

mentioned in the previous section, with a total number of
nine stages. Construction of panel 1issimulated in stages 1
to 3, followed by panel 2 (stages4 to 6) and panel 3 (stages
7t09).

The effect of parameters related to diaphragm wall
geometry including panel length (L =3 m, 6 m, and infinity)
and panel width (w= 0.6 m, 0.9 m, 1.2 m) have been stud-
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Figure 7 - Horizontal displacement contours: (a) WIP method and (b) WIM method.
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ied. In addition, the effect of soil relative density isinvesti-
gated. The diaphragm wall is constructed in loose, medium
dense, and dense sand with properties shown in Table 2.
Next, a comparison between constructing the diaphragm
wall in dry sand vs. saturated sand is conducted.

The model dimensions (80 m times 180 m) are se-
lected such that the model borders have no influence nei-
ther on induced settlements, nor on stresses. The bottom of
the geometry is fixed and the upper boundaries are fully
freeto move. For the sides, the displacements normal to the
boundary are fixed and the tangential displacements are
kept free.

The construction process of the diaphragm wall pan-
els has amajor impact on the stress distribution behind the
wall. For adiaphragm wall withw=06mandL =3.0m
constructed in dry medium dense sand, Fig. 9 depicts the
change of horizontal stresses behind thewall along the cen-
ter of panel 1. In order to understand the trend in which the
stresses change, three additional lines are plotted: initial
horizontal stress, bentonite pressure, and concrete pressure.
For medium dense sand:

Initial horizontal stress=vy K, Z
=19x0.4262=8.09ZkN/m’/m (1)

Bentonite pressure=y, Z= 10.4 ZkN/m’/m 2
Concretepressure=vy,  Z=23ZkN/m’/m (©)]

where gisthesoil unit weight, K isthe earth pressure coef-
ficient at rest, Z isthe depth below ground surface, v, isthe
bentonite unit weight, and v, is the wet concrete unit
weight. The current study is performed in sandy sails,
hence, the initial horizontal stressislower than the subse-
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quent applied pressures (bentonite and concrete). Thus,
during the construction of panel 1, the horizontal stresses
generally increase (stages 1 to 3, Fig. 9a). Thistrend isthe
opposite of the results observed by Ng & Yan (1999). In
clayey soils, the initial horizontal stressis larger than the
subsequent applied pressures (bentonite and concrete).
Therefore, horizontal stresses are reduced during the con-
struction of the panel.

Underneath the wall, the horizontal stress values fall
below their initial state (K, condition) due to the restraint
provided by the underlying soil. Thistrend extendsto adis-
tance of about 5 m (0.3D) underneath the wall bottom,
which complies with the results of Conti et al. (2012).

During the construction of panel 1, the horizontal
stresses increase during the stage of trench excavation un-
der bentonite support (stage 1, Fig. 9a). Theinjection of wet
concrete (stage 2, Fig. 9a) leadsto afurther increase in the
horizontal stresses, particularly in the upper third of there-
taining wall. The horizontal stresses follow the bi-linear
pressure applied during stage 2. However, negligible chan-
geis detected during concrete hardening (stage 3, Fig. 9a).
The same trend is found when the construction advances
from stage 5 to 6 and from stage 8to 9, as shown in Fig 9b.
The construction of panels 2 (stages 4 to 6) and panel 3
(stages 7 to 9) causes a drastic decrease in horizontal
stresses behind panel 1 (Fig. 9b). At stage 9, the stressesare
lessthan theinitial stresses. Thiscould be further examined
using Fig. 10, which shows the total horizontal stress at a
distance of 0.1 m behind the panels at a depth of 8.5 m be-
low the ground surface. A horizontal section is plotted with
distance measured from the edge of panel 2 normalized by
the length of panel (y/L). It isfound that the construction of
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Figure9 - Horizonta stressdistribution with depth acrossthe center of panel 1: (a) construction of panel 1 and (b) construction of panels

2 and 3 (medium dense dry sand, w=0.6 m, L =3.0m, D =17 m).
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acertain panel causes amaximum increaseinthe horizontal
stresses behind the center of this panel, then, stresses de-
crease gradually toward the edge of this panel and adjacent
panels. Thistrend is attributed to the lateral stress transfer
which is also observed by Conti et al. (2012).

Figure 11 inspectsthe effect of diaphragm wall instal-
lation on the soil movement behind the wall along the cen-
ter of panel 1. During the stages of bentonite and wet
concrete injections, the soil horizontal stresses increase,
consequently, the soil horizontal displacements increase
(Fig. 11a). However, no further horizontal displacements
are experienced behind this panel once concrete hardens.
The construction of the adjacent panels does not cause any
additional displacements to the studied panel. In addition,
the maximum horizontal displacement values occur ap-

Soil horizonial displacement [mim)

Depth {m)

proximately at half the panel depth (0.5D) below the
ground surface, which matches the results obtained by
Conti et al. (2012). Moreover, the effect of diaphragm wall
installation almost diminishes at 5 m below the wall toe,
i.e.,, approximately one third of the wall depth (0.3D),
which isverified by Ng & Yan (1998).

The soil horizontal displacements are accompanied
by settlements near the diaphragm wall. As shown in
Fig. 11b, settlement values occur directly behind the wall
and become marginal after a distance of 17 m behind the
wall whichisequivalent to 1D, which matchestheresults of
Powrie & Kantartzi (1996) and Ng & Yan (1998). The set-
tlements increase as the wall installation proceeds. Behind
agiven panel, about 75 % of thetotal expected settlement is
developed by the end of construction of this panel whilethe
remaining 25 % occurs during the construction of the two
adjacent secondary panels.

3.1. Effect of diaphragm wall geometry

Figure 12 presents the effect of the panel length (L)
and width (w) on the soil horizontal stresses and displace-
ments. Panels with lengths of 3 m, 6 m and infinity and
widths of 0.6 m, 0.9 m, and 1.2 m are selected. A panel
length of infinity is attained via plane strain condition,
which can be done using a 2D model (Fig. 13). The same
procedure adopted for 3D modeling of the construction se-
guence of the diaphragm wall is used. In engineering prac-
tice, 2D modeling is usually adopted because 3D modeling
is more complicated and time consuming.

Figure 12a shows that using longer panels leads to
higher horizontal stressesbehind panel 1, hence, larger val-

Diistamce behind wall {mi)
i i M Wi & W MR

Settement [mm b

1

Figure 11 - (a) Soil horizontal displacements along the diaphragm wall and (b) Settlement behind the diaphragm wall (at the center of

panel 1 - medium densedry sand, w=0.6m, L =3.0m, D = 17 m).
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Figure 13 - 2D Model (plane strain condition).

ues of horizontal displacements are expected. In Fig. 12b,
the maximum horizontal displacements behind panel 1 are
normalized to the maximum val ues obtai ned from the plane
strain condition (U, ,.,,/U, )+ The results are plotted vs.
the panel depthtolength ratio (D/L). Asthe panel lengthin-
creases (D/L reduces), the horizontal displacements in-
creasegradually until reachingamaximumvalueat D/L =0
(plane strain condition). The results presented herein show
that modeling diaphragm wall installation as a plane strain
problem leads to the over-prediction of the soil displace-
ments and stresses during installation by 230 % to 400 %.
This approach leads to unrealistic values of ground move-
ment because it does not account for the arching effect (Ng
& Yan, 1998). On the other hand, panel width has no effect
on soil horizontal displacements during the construction of
the diaphragm wall as shown in Fig. 12b.
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3.2. Effect of soil relative density and moistur e condi-
tion

The effect of soil relative density isinvestigated using
sand with three different relative densities presenting loose,
medium dense, and dense soil as proposed in Table 2. The
angle of shearing resistance (¢) isintroduced in Fig. 14 as
an indication of the soil relative density. As the soil be-
comes denser, the maximum soil displacements decrease.
Thisisattributed to the fact that the increase in soil relative
density isassociated with an increasein soil stiffness (E) as
shown in Table 2. Therate of decrease in displacement val-
ues declines as the relative density increases. At the end of
construction of panel 3 (stage 9), the maximum vertical dis-
placement (settlement) decreases from 22 mm for loose
sand to 10 mm for medium dense sand (54.5 % reduction),
and to 5.5 mm for dense sand (31.3 % reduction).

The diaphragm wall construction sequence is also
simulated in saturated sand in order to inspect the effect of
moisture on the performance of the wall. First, horizontal
stresses areinvestigated as shown in Fig. 15a. The horizon-
tal stresses decrease during bentonite injection (Stage 1),
then increase again during the concrete injection and hard-
ening (stages 2 & 3). Thistrend contradicts the results ob-
tained from the dry sand case (Fig. 9a). Thisisattributed to
the fact that the initial stresses, in saturated sand, are larger
than bentonite pressure and lower than the wet concrete
bi-linear pressure. For medium dense sand:
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Table 2 - Proposed different granular soil types of different relative density (Hardening Soil Model).

Soil type Loose Medium dense Dense
Saturated unit weight, y (kN/m?) 18 19 20
Secant stiffnessin standard drained triaxial test, E,, (MPa) 20 40 60
Tangent stiffness for primary oedometer loading, E_, (MPa) 20 40 60
Unloading/reloading stiffness, E®, (MPa) 60 120 180
Power for stress-level dependency of stiffness, m 0.5 0.5 0.5
Effective cohesion, ¢’ (kPa) 0.01 0.01 0.01
Effective angle of shearing resistance, ¢ (deg) 30 35 40
Dilatancy angle, ¥ (deg) 0 5 10
Poisson’sratio, v, 0.3 0.3 0.3
Earth pressure coefficient at rest, K, 0.500 0.426 0.357

| ==Yl displecemeniz - |

Mexsmum sail displacements {mm
=}

Figure 14 - Effect of soil relative density on maximum soil dis-
placements (at the center of panel 1 - dry Condition,w=0.6m, L =
3.0m,D =17 m).

Initial horizontal stress=vy_ K, Z+vy,Z
=9x0.426Z+10Z=13.8ZkN/m’/m 4

Bentonite pressure=y, Z= 10.4 ZkN/m’/m (5)
Concretepressure=1y,,, Z=23.0ZkN/m’/m (6)

wherey,, is the soil submerged unit weight, K, isthe earth
pressure coefficient at rest, Z isthe depth below ground sur-
face, vy, is the water unit weight, v, is the bentonite unit
weight, andy,,, isthe wet concrete unit weight. Thisreduc-
tion in stresses during bentonite injection (Stage 1) causes
thetrench sideto move in the reverse direction. Figure 15b
shows the horizontal displacements along one side of the
trench during stage 1 for dry sand and saturated sand. The
positive values of the horizontal displacement indicate that
the trench cross section increases (bulging). On the other
hand, the negative values of the horizontal displacement in-
dicatethat thetrench cross section decreases (necking). The
maximum necking (saturated sand) or bulging (dry sand)
occurs at adepth of 14.25 m (0.84D). At stage 2 (Fig. 15¢),
the horizontal stresses increase again; accordingly, the di-
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rection of the horizontal displacement isreversed again and
becomes positivefor saturated sand. Meanwhile, further in-
creasein the horizontal displacement is noticed at the same
stagefor dry sand. It isalso noted that the depth at which the
maximum horizontal displacement occurs is shifted up-
ward. The maximum bulging occurs at depth of 4.5 m
(0.26D) for saturated sand and at depth of 7.7 m (0.45D) for
dry sand. Figure 15d shows the maximum horizontal dis-
placement (U,,,,) and settlement (U, ) during construc-
tion (stages 1 to 9) for dry and saturated sand. Once the
concrete hardens (stage 3), the horizontal displacements
become constant and no further change is expected due to
the following construction stages. On the other hand, the
settlement values continue to increase after stage 3 at a
lower rate.

4. Effect of the Modeling Technique on the
Displacements During Subsequent
Excavation

The effect of the modeling technique is investigated
for a diaphragm wall with w = 0.6 m and L = 3.0 m con-
structed in dry medium dense sand. Two models are devel-
oped using WIP and WIM methods. For each model, the
soil in front of the diaphragm wall isexcavated to adepth of
8 m. Due to excavation, the WIP method overestimates the
horizontal displacement of the diaphragm wall by around
50 % (Fig. 16d). The maximum horizontal displacement is
about 26 mm using the WIM method and 40 mm using the
WIP method. On the other hand, the estimated settlement
values behind the wall using the WIP method are higher by
14 %. Nevertheless, the WIP method underestimates the
settlement values due to diaphragm wall construction by
87 %; after excavationthe effect of using thissimplification
has less impact on the results (Fig. 16h).

5. Conclusions

In this study, the finite element numerical model suc-
ceeded in simulating the complicated construction se-
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Figure 15 - Effect of moisture condition on: (a) horizontal stresses (b) horizontal displacementsat stage 1 (c) horizontal displacementsat
stage 2 and (d) max displacements for stages 1 to 9 (at the center of panel 1 - medium dense Sand, w=0.6 m,L=3.0m, D =17 m).

guence of diaphragm walls. The model output has been
validated through a comparison with the field measure-
ments of the settlement val uesrecorded during execution of
the side support system and excavation of a site in Dokki,
Egypt. The diaphragm wall construction process can be
simulated using the WIM and WIP methods. The WIP
method is the conventional finite element method. The ef-
fect of diaphragm wall construction stages is not consid-
ered, therefore, no changes in soil stresses or movements

320

are anticipated. On the other hand, this study has proved
that the WIM method is capable of simulating the construc-
tion stages and capturing the changes in soil stresses and
displacements. The construction sequence for each panel is
simulated through three stages representing: (1) excavation
under slurry support, (2) wet concrete injection, and (3)
concrete hardening. The construction sequence is found to
have a major impact on the stress distribution behind the
wall. In dry sandy soils, an increase in horizontal stresses

Soils and Rocks, Séo Paulo, 42(3): 311-322, September-December, 2019.
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the center of panel 1 - medium dense sand, w=0.6 m, L =3.0m, D =17 m).

behind the primary panel is expected during the bentonite
and wet concrete injection stages. However, a drastic de-
cline in horizontal stressesis noticed during the construc-
tion of secondary panels. Theinstallation of the diaphragm
wall causes an increase in soil movement. The maximum
horizontal displacement values occur approximately at
0.5D below the ground surface. The horizontal displace-
ment along the primary panel take place only during the
bentonite and wet concrete injection stages. The construc-
tion of secondary panelsdoes not cause any additional hori-
zontal displacement. However, behind the primary panel,
about 75 % of the total expected vertical displacements are
developed by the end of construction of this panel, while
the remaining 25 % occur during the construction of the
secondary panels.

In engineering practice, 2D modelingisused asacon-
ventional tool to determine the expected displacements.
However, the results presented herein show that modeling
diaphragm wall installation as a plane strain problem leads
to the overestimation of the displacements. Subsequently,
over-designed side support systems are provided. Simu-
lating the actual panel length using a 3D model leads to
lower and more realistic values of stresses and displace-
ments. In addition, an increase in soil relative density leads
to a pronounced decrease in the induced displacement.
Moreover, in saturated sandy soils, initia horizontal
stresses are larger than bentonite pressure, therefore, neck-
ing of the trench section occurs. Finally, adopting different
techniques of modeling the construction sequence of dia-
phragm wall has amajor impact on the estimated displace-
ment during the following excavation stage.

Soils and Rocks, Séo Paulo, 42(3): 311-322, September-December, 2019.
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Bayesian Update of L oad Capacity for a L arge Steel Piling
in a Stratified Soil Profile

JA. Nietiedt, B.R. Danziger, M.S.S. Almeida

Abstract. This paper applies Bayesian updating of the load capacity of alarge steel piling foundation for the high load
structure of the Alcantara Wastewater Treatment Plant (WWTP), located near the city of Rio de Janeiro in Brazil.
Uncertainty is modeled by a priori and a posteriori distributions of the piling capacity. The a posteriori distribution is
determined by updating the a priori distribution using a likelihood function, which incorporates records obtained during
pile driving. The Bayesian update was applied to a dataset consisting of 645 steel driven piles. Two pile capacity design
models and two different likelihood functions were used to verify their influence on the updated capacity estimates. Static
and dynamic test results were compared to the updated estimates. The results demonstrate the ability of the Bayesian
update technique to significantly improve the reliability of the entire piling.

Keywords: Bayesian theory, reliability, steel piles.

1. Introduction

Pile capacity predictions usually involve numerous
uncertainties due to measurement errors in soil properties,
limitations of geotechnical investigation, spatia variability
across a site, model simplifications, among others. Huang
et al. (2016) also point out that installation processes may
also vary from pile to pile and affect the variability of the
ultimate pile capacity. Kay (1976) presented an interesting
application of probability theory to devel op a consistent set
of guidelines for safety factor selection for a range of de-
sign methods. He demonstrated that such an approach pro-
videsthe basis for the optimization of the testing procedure
and an improved final design. Kay's 1976 method makes
use of the Bayesian approach, which permits the inclusion
of subjectively determined aspects of the design in the for-
mal analysis. A sampling from the “state of nature’, ac-
cording to Kay (1976), alows for a formal reduction in
uncertainty through the application of Bayesian theory.

Estimates of pile and pile group reliability based on
load test results have been reported by Baecher & Rackwitz
(1982), Zhang et al. (2001), Zhang (2004), Zhang et al.
(2006, 2010, 2014) and Huang et al. (2016). Guttormsen
(1987) applied the wave equation model for obtaining the
likelihood distribution function when performing the Baye-
sian update for offshore piles. One of the strong points of
the application of reliability theory is the possibility of
combining various methods, as reported by Lacasse et al.
(1991) who made use of a pile capacity calculation model
and estimation based on some measurement activity to ob-
tain an updated estimate. Vrouwenvelder (1992) empha-
sized that based on information from testing and monitor-

ing, the engineer may update the estimate of pile capacity.
Moreover, as the new estimate is based on more informa-
tion, the uncertainties are fewer and a corresponding reduc-
tion of the safety factor could be justified. Lacasse &
Nadim (1994) commented on the importance of adopting
rational approaches and well documented projects to ac-
count for load capacity uncertainties. Zhang & Tang (2002)
applied the Bayesian theory to piling reliability using load
test results in the updates. The same approach can have
other applications. Baecher & Ladd (1997), for instance,
used Bayesian theory in the prediction of clay properties
such as undrained strength and overconsolidation ratio.
Zhang et al. (2004) applied the Bayesian approach to up-
date empirical predictions with regional information or
site-specific observations to effectively reduce the uncer-
tainty associated with the correlations. Goh et al. (2005)
used a Bayesian network algorithm to model the relation-
ship between the undrained shear strength of soil, the effec-
tive overburden stress and the undrained side resistance al-
phafactor for drilled shafts. Li et al. (2017) illustrated the
application of Bayesian theory to evaluate the spatial vari-
ability of soil in slope stability projects.

The objective of this paper is to apply the Bayesian
updating technique to update the expected value and vari-
ance of the probability distribution of soil resistance to
driving for H-section steel piles. For driven piles, the con-
struction processes can be better controlled and the varia-
bilities due to construction are expected to vary in smaller
ranges.
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Figure 1 - Relationship between a priori, likelihood and a poste-
riori distribution of pile capacity (Lacasse & Goulois, 1989;
Lacasse et al., 1991).

2. The Bayesian Updating Approach

The Bayesian updating approach, illustrated in Fig. 1,
shows the probability density functions used in the updat-
ing procedure. Bayesian updating allowsfor areliable esti-
mate of the a posteriori pile capacity from a priori and
likelihood distribution functions. A detailed description of
Bayesian conceptsisfound in applied statistics books (e.g.,
Ang & Tang, 1984). Equations 1 and 2 allow the estimation
of the expected value and the variance of the updated pile
capacity (a posteriori) based on the expected value and the
variance of the a priori distribution, as well as the likeli-
hood function.

2 2
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2 2
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where p,, is the expected value of the updated pile capacity
obtained a posteriori, p,, and u,, are, respectively, the ex-
pected val ue of the pile capacity originally predicted (a pri-
ori) and that obtained from the measurement activity
(likelihood function); cQz isthe updated variance of the dis-
tribution of pile capacity (aposteriori) and o, and o, * are,
respectively, the variances of the originally estimated dis-
tribution, obtained by means of the available field tests (a
priori) and that obtained from the measurements (the likeli-
hood function).

3. TheTest Site

The dataset refers to a Wastewater Treatment Plant
(WWTP) in Alcantara, located in the lowlands nearby Rio
deJaneiro. Thepiling dataset isrelated to the representative
areadelimited by the solid black line and Alcantarariver in
Fig. 2. The boreholesidentified as SP, SPC and SNB in the
figure represent different site investigation campaigns. The
triangles and squares represent, respectively, the vane tests
and CPTu tests. In the hatched area, nearly 4,000 H shaped
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W200x71 steel piles have been driven asfoundation for the
structures of the sewage plant. Each piledrivenintherepre-
sentative area had its performance controlled by three pro-
cedures. the complete driving log; the final average pene-
tration for the last 10 hammer blows; and the elastic pile
rebound for the same 10 blows. The penetration and elastic
rebound at pile head were measured during the end of driv-
ing by means of the simple and traditional use of pencil and
paper form. In the same representative region, 9 dynamic
and 2 static loading tests were also performed.

Figure 3 shows: (i) thepilesection; (ii) atypical regis-
ter for thelast 10 blows; and (iii) the plugging condition ex-
pected to occur at soil-pileduring failure of the steel H piles
(toe resistance mobilization as fully plugged and skin fric-
tion mobilization throughout the entire pile-soil contact).
This plugging condition is commonly used in Brazilian,
German (Schenck, 1966; EAB, 2008) and French (French
Standard, 1993) foundation practice.

3.1. Soil profile and characterization

The soil profile consists of avery soft superficial clay
layer with thickness varying from 8 to 12 m. Below the su-
perficia soft layer, the SPT borings showed a fine-to-
coarse dense sand, with thickness varying from 4 to 7 m,
followed by a silty-sand/sandy-silt gneissic residua soil
stratum. The very soft clay layer has been subjected to 8
CPTu tests, 6 vane tests and 5 sampling logs for laboratory
tests, with locations also shown in Fig. 2. The laboratory
tests consisted of index tests and oedometer tests. The su-
perficia clay characterization and test results for the
WWTPsiteare similar to those described by Almeidaet al.
(2008). A summary of the main parametersislisted in Ta-
ble 1.

The mean value and the variance of the standard pen-
etrationtest“N,,” distributionswere determined for the rep-
resentative area.

Spatial variability of the soil profile and geotechnical
parameters occurs especially in the more resistant layers,
where the CPTu could not penetrate and only the SPT bor-

Table 1 - Soft soil parameters.

Parameter Range

7., (KN/m?) 13.5-15.5

S (kPA) 10-25

S, (kPA) 35

OCR 1.4-25

e, 1.6-32

C. 0.80-1.90

C, 0.14-0.28

k, (m/s) 5x10™-3x10°
c, (m’/s) 1x10%2x10"

Soils and Rocks, Séo Paulo, 42(3): 323-335, September-December, 2019.



Bayesian Update of Load Capacity for aLarge Steel Piling in a Stratified Soil Profile

Tadll]
WM oy

VANE 4y g TY!

SAMPL FFLOGE

S LR
I

L

Figure 2 - Wastewater Treatment Plant (WWTP).

ings were available. The layers of dense sand and residual
gneissic soil are expected to be responsible for nearly the
entire pile capacity.

Figure 4 presentsthe N, values and the statistical dis-
tribution for the 46 borings and investigated depths: the
mean, the mean minus the standard deviation and the mean
plus the standard deviation, represented in three distinct
curves. Thetypical soil profilefor the representative areais
also showninthe samefigure. The superficial soft soil layer
presentsazero N, for nearly the entire depth, and therefore
the three statistical curves are superimposed on the depth
axis. Some very high outlier values of N,,, representing lo-
cal discontinuities in the final centimeters of penetration
with fractional Ng, (e.g. 20 blows /5 cm) were removed
from the dataset before the statistical calculation. No bore-
holes penetrated depths beyond 19 m due to the presence of
rock fragmentsintheresidual soil. Asthe steel H-pileshave
higher impedance than the SPT sampler and are less &f-

Soils and Rocks, Sdo Paulo, 42(3): 323-335, September-December, 2019.
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fected by small rock fragments within the soil, some piles
reached depths of 21.5 m. For these depths the N, values
were extrapolated by repeating the last N, penetration re-
sistance available from the boreholes.

In Brazil, selection of appropriate correction factors
is required to convert Ng,, into Ny, according to the actual
energy delivered during the SPT test. The correction factor
used on the interpreted values was that obtained from Ca-
valcante et al. (2003, 2004, 2011) based on actual measure-
ments on the Brazilian dataset, indicated below:

N, =137N g, ()
4. The A Priori Mobilized Pile Resistance

As emphasized in the previous section, the piling site
has been divided into representative areas characterized by
a selected typical soil profile. The results included in the
present paper refer to the representative area and typical
soil profile shown in Figs. 2 and 4, respectively.
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Figure 3 - Pile section and typical register.

For any calculated model, pile capacity is estimated
by EqQ. 4:

Q+W=Q, +Q (4)

where Q isthe pile capacity, Wisthe pile weight, Q, isthe
tip load capacity and Q, is the load capacity due to lateral
friction. The pile weight is often neglected due to its small
influenceintheoverall pile capacity and Eq. 4iswritten as:

Q:Ab'Qp""UZTl'Al (5)

where A isthe pile base area, g, isthe unit tip resistance, U
is the pile perimeter, 7, is the unit shaft resistance, A, isthe
pile length with the same z, , value.

A number of methods can be used in the deterministic
analysis of pile capacity. In the present analysisthe authors
have chosen two distinct methodsin order to verify the sta-
tistical distribution of the pile capacity for different calcula-
tion models and their influence on the a posteriori updated
distribution. These methods are described below.

4.1. Aoki & Velloso method

Thefirst selected cal culation model was that of Aoki
& Velloso (1975), widely used in Brazil, which estimates
the pile capacity from the results of standard penetration
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tests. This method is based on empirical correlations be-
tween ¢, (from CPT) and N, (from SPT) established for
both sedimentary and residual soil profilesin different re-
gions in Brazil (Aoki & Velloso, 1975, Danziger & Vel-
loso, 1995; Politano et al., 2001). Correction factors are
used for different piletypesto account for the effects of dis-
tinct construction procedures. Comparisons between the
estimated pile capacity of this model and that observed
from numerous static load tests have shown generally good
agreement.

According to Aoki & Velloso (1975), the unit tip re-
sistance and the unit shaft resistance are estimated as:

kN

=X e ©6)
Fl Fl

n=tt=2tle Q
F2 2

where F,, F, are correction factors, k and . are dependent
on the soil type and g, and f, are related to N, by means of
the correlations presented above. For steel driven piles, F,
and F, are 1.5 and 3, respectively. Values of k = 220, 1000
and 700 kPaand a. = 4, 1.4 and 2.4 % were used for the soft
soil layer (silty-clay), sand layer and residua soil layer
(sandy-silt).
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4.2.Vesic method

The second method selected for deterministic analy-
sis of pile capacity was the well-known theoretical ap-
proach developed by Vesic (1977). Conventional theories
consider the tip resistance to be given by the same expres-
sion as that used for the load capacity for shallow founda-
tions, excluding the component relative to the ground
weight, since this component is very small in this type of
foundation, Eqg. 8.

qp,rupt :CN; +G’0 'Nc (8)
. (1+2K,)d,
A :( 30) (9)
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were ¢’ is the vertical effective stressand o’ is the mean
effective stress at the foundation base, N* and N, are the
load capacity factors and K is the soil at-rest coefficient
and C is the cohesion or undrained shear strength.

The N, factor can be determined by any method that
takes into account soil deformability prior to failure. The
soil deformability in a condition of little volume change
(dense strata) was estimated, in the present case, with the
elastic soil modulus given by Freitas et al. (2012). Accord-
ingto Vesic (1977) theN_ factor isafunction of thefriction
angle and the reduced stiffness index of the soil.

For pile-soil skin friction, Vesic (1977) proposes
Eg. 10, where K depends on the initial at-rest condition,
construction procedures and pile shape.

q, =K, -0, (10)

For application of the Vesic (1977) method, correla-
tions between the soil parameters and N, are necessary.
The authors made use of Kulhawy & Maine (1990) guide-
lineswith resulting soil strength parameters summarizedin
Table 2. An overall working platform consisting of a0.5m
layer of sandy material was used over the whole region due
to the low capacity of the soft soil to support the traffic of
the machines.

5. The Soil Resistanceto Driving

The soil pile resistance mobilized during pile driving
differsfrom the pile capacity estimated for long term condi-
tions, although the calculations are carried out quite simi-
larly. The resistance mobilized during driving, known in
theliterature as SRD (soil resistanceto driving), isthat mo-
bilized during pile penetration from the hammer blows
(Toolan & Fox, 1977; Stevens et al., 1982; Semple &
Gemeinhardt, 1981).

For both methods adopted for a priori estimates, the
disturbed undrained resistance of the superficial soft layer
was used for the unit adhesion. For both the sandy and high
permeability soils, resistance to driving is similar to long-
term resistance, even though it isknown that aging and dis-
sipation of pore pressure can change soil resistance with
time even for coarse soils.

Most theoretical methods for pile capacity consider
that the skin friction may not indefinitely increase with
overburden pressure, but rather a limiting value may be
used. The decrease in unit shaft resistance for very deep
piles has been analyzed by Lehane et al. (1993), Randolph
etal. (1994) and Jardine & Chow (1996). Although both se-

Table 2 - Granular soil parameters.

Soil Yo (KN/MY) @' () ¢’ (kPa)
Working platform 19 30 5
Dense sand 20 35-40 0
Gneissic residua soil 20 35-45 0
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lected methods for a priori estimation do not propose any
limit, a N, value of 68 blows for 0.30 m penetration was
considered asalimit, asno accurate correlation isavailable
for such higher resistances.

5.1. The dataset

For the final driven depth of each pile of the dataset,
the bearing load capacities were calculated using the Aoki
& Velloso (1975) and Vesic (1977) methods. Three scenar-
ios of the N, profile were formed: mean (M), mean minus
standard deviation (M - D) and mean plus standard devia-
tion (M + D), given the closest borehole as the mean value
and the variance of N, for the whole site, according to the
curves presented in Fig 4. The calculation results for the
predicted pile capacity were assembled, composing alarge
dataset from which the statistical distribution of thea priori
values was determined.

Figure 5 compares the a priori pile capacity for the
645-pile dataset estimated using both selected methods.
The piles were driven to depths varying from 13.5 to
21.5 m, with an average embedded length of 16 m and a
standard deviation of 1.5m, resultinginaCOV of 0.09. The
Vesic (1977) caculation model resulted in values nearly
37 % higher than the Aoki & Velloso (1975) method. Fig-
ure 5 shows that for load capacities higher than 2,500 kN
for the Vesic method, the M, M-SD and M+SD related val-
ues are concentrated over a narrow range. This occurs for
the deeper piles embedded into high resistance residual
soils, wherethe N, limit resulted in nearly the same soil re-
sistance independently of the “Ng,, profile’ used in the cal-
culation. While in the Aoki & Velloso method the unit tip
resistance remains constant and total lateral friction resis-
tance increases with pile penetration in the residual soil
layer, the Vesic method considers adecreasein unit tip and
friction resistance dueto theincreasein the confining effec-
tivestressfor afixed N,.. Therefore, adecreasein the calcu-
lated sail friction angle occurs, resulting in a decrease in
predicted pile capacity. While the values from the Aoki-
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Figure 5 - Expected a priori values of SRD (soil resistance to
driving) estimated using both cal culation models for the 645-pile
dataset.
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Velloso method continue to increase with depth at a con-
stant rate, the Vesic method begins to increase at a lower
rate when the piles penetrate the residual soil stratumwitha
fixed N,,, causing theinflection and concentration of points
in the narrow range observed in Fig. 5. On the other hand,
some points at the top center of the graph inthesameFig. 5
presented adifferent behavior, probably dueto an over esti-
mation of the friction angle by the Kulhawy & Mayne
(1990) correlation for some undisclosed soil stratum.
Thefrequency histogramfor theapriori pile capacity
was tentatively analyzed by both normal and lognormal
distributions. Better results were found for the normal dis-
tribution, aspresented in Figs. 6aand 6b. The predicted val-
ues from the Aoki & Velloso (1975) method are well
represented, whereas those of Vesic (1977) are concen-
trated between the values of 2,500 and 3,000 kN. The be-
havior of the normal distribution for the second method is
probably affected by the abrupt increase in tip resistance
when the piles penetrate the residual soil layer. At depths
bellow 16 m, the average contribution of the tip resistance
to total pile capacity was nearly 30 % for the Aoki-Veloso
method and 60 % for Vesic. Thisexplainsthe large number
of piles with a priori capacity ranging from 2,500 to
3,000 kN, calculated using the Vesic model for piles in-
stalled through the transition depth where soil profiles
move abruptly from the sedimentary to the residual layer.
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6. Likelihood Function Distribution

The likelihood function is the one that includes on-
siteresults, asample of the “ state of nature”, asreported by
Kay (1976). The “state of nature” for the present case was
obtained from the registers documented during driving for
the entire dataset: the average pile set and rebound for the
final ten blows. The average pile set was introduced in the
Danish formula(Sorensen & Hansen, 1957) and the pilere-
bound in the Chellis-Aoki formula (Chellis, 1951; Aoki,
1989) for deterministic calculation of the pile capacity at
the end of driving.

6.1. The Danish formula

The Danish formula (Sorensen & Hansen, 1957) is
till widely used in Brazil for predicting pile capacity of
stedl piles. The accuracy of the Danish formula has been
checked at several sites, as reported by Olson & Flaate
(1967). Danziger & Ferreira (2000) used the formula to
compare results to more accurate applications of wave
equation programsand found good agreement. Theformula
is described by the following equations:

n-W, -H
=—" 11
R S+05S, (13)
S, - /% (12)

where R, istheultimate dynamic pile capacity, n isthedriv-
ing hammer efficiency, W, is the hammer weight, H isthe
hammer drop, Sis the pile set per hammer blow, S isthe
elastic pilerebound per hammer blow, L isthe pilelength, A
isthe pile end area and E is the modulus of elasticity of the
pile material (Olson & Flaate, 1967).

All the data necessary for the application is known
from the dataset, except the system efficiency. A common
value used for the efficiency is0.7. However, as 9 dynamic
loading tests were available in the present case study, the
measured efficiency from the dynamic tests was used in-
stead. The average measured efficiency was 75 % with a
standard deviation of 21 %. Thus, for each pile in the
dataset, the capacity mobilized during pile driving was cal-
culated with the Danish formula using the mean (75 %),
mean minus the standard deviation (54 %) and mean plus
the standard deviation (96 %) of hammer efficiency and
those values were included in the dataset forming the first
likelihood function.

6.2. ChellissAoki rebound formula

The second formula used is based on pile rebound at
final penetration. The use of pile rebound wasinitialy pro-
posed by Chellis (1951) and later modified by Aoki (1989).
The formula uses the direct relationship between the pile
capacity mobilized during driving and the elastic shorten-
ing of the pile. The elastic shortening of the pile can be ob-
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tained by reducing the part attributable to the soil from the
total measured rebound K. The Chellis-Aoki rebound for-
mulais calculated as follows:

R _CoAE )
a-L
C,=K-C, (14)

where R, is the pile mobilized capacity, C, is the elastic
shortening of the pile shaft, C, isthe soil rebound for which
Aoki (1989) suggests avalue of 2 or 3 mm or avalue close
tothe pile set, Aisthe pile section area, E isthe modulus of
eladticity of the pile material, L isthe pile length and o de-
pends on the pile transfer between toe and friction resis-
tance. If only the pile tip resists the load, the o, value is 1,
wheresas if the tip resistance is zero, o is 0.5. For typical
cases, inwhich part of the pile capacity isdueto thetip and
part comes from friction resistance, Aoki (1989) suggests
a = 0.7 as an approximate value. As the pile capacity had
already been predicted, the authors made use of the range of
o estimated from the a priori pile capacity calculations.
Thefirst 8-12 m of the soil profileisformed by soft clay, so
almost 90 % of the bearing capacity is mobilized in the last
few meters. Therefore, o does not vary significantly
(u=0.9, COV =0.025) and no hias is expected due to cor-
relation between a priori and likelihood functions.

Figure 7a presents the histograms associated with the
likelihood function obtained from the Danish formula and
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Fig. 7b for that related to Chellis-Aoki formula. Figure 7
alsoillustrates that the expected value of mobilized pile ca-
pacity from the statistical distribution of both selected like-
lihood functions was very close, as well as the COV. In
fact, both results came from the same dataset, from differ-
ent registers but from the same site, thus consisting of the
same “ state of nature”

Figure 8 compares the pile capacity estimated with
thetwo selected likelihood functions. In spite of the scatter,
which is reasonable due to uncertainty in the hammer effi-
ciency, elastic rebound of the soil and actual drop height,
most of the results concentrate closeto the 45° line between
+30 %.

7. The A Posteriori Distribution

Equations 1 and 2 were used to update the SRD value
for each pile estimated a priori by using both likelihood
functions, resulting in the a posteriori SRD estimates. For
each pile, the mean valuesin Egs. 1 and 2 were obtained as
the specific a priori prediction and estimates from the dy-
namic formulas. Thevariance valueswere derived from the
statistical distribution of the whole dataset, containing all
analyzed piles and the uncertainties involved. Every pile
has its own updated estimates and the set of all pile forms
the a posteriori distribution.

Figures 9a and 9b present the histograms associated
with the a posteriori distribution obtained from the Aoki-
Velloso method updated with the Danish and Chellis-Aoki
formulas respectively, and Figs. 10a and 10b represent a
posteriori distribution histograms obtained from the Vesic
method updated with the Danish and Chellis-Aoki formu-
lasrespectively. Thea posteriori pile capacity alwayshasa
value between that obtained a priori and the one corre-
sponding to the likelihood function, moving closer to the
distribution of lower variance. The coefficient of variation
of the a posteriori distribution is always lower than that of
the other distributions since the a posteriori distribution in-
cludes information from both a priori and likelihood func-
tion, reducing the uncertainty of the estimate.
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pacity R, for the two dynamic formulas.
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Figure 11 summarizes the updating procedure for
both pile capacity methods (Aoki & Velloso and Vesic).
Figure 11a shows the expected values a posteriori updated
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Figure 1l - A posteriori expected value of SRD (soil resistance to
driving) using both calculation models (Aoki-Velloso, and Ve
sic), updated with (a) Danish formula and (b) Chellis-Aoki for-
mula.

Table 3 - Dynamic test results.

using the Danish formula as the likelihood function,
whereasin Fig. 11b the Chellis-Aoki formulawas applied.
Unlike the a priori estimates, where the Vesic method re-
sulted in capacities 37 % higher than those from Aoki-
Velloso, for the a posteriori estimates this difference is
very low, 7.9 %, when updated with Chellis-Aoki, and
10 % when updated with the Danish formula. After the up-
dates, the uncertainties evidenced in the a priori compari-
sons were not observed. The update greatly reduced the
uncertainty between the different calculation methods, re-
ducing the uncertainty to a significantly lower level.

8. Load Test Results

The pile load test results are summarized in Tables 3
and 4. Table 3 includes the results from nine dynamic tests
and Table 4 the results of two slow maintained static |oad
tests. Pile 148 suffered structural damage during the dy-
namic test and itsresults were not included in the following
analysis. The conventional pile capacity from the static
|oad tests was obtained through extrapolation according to
Van der Veen (1953), a common method used in Brazil
when physical failure is not reached during the load test.
The load settlement curve of pile E-106 presented a nearly
linear behavior up to the maximum testing load. That isthe
reason why the authors did not use the extrapolated capac-
ity for this pile, consistent with Van der Veen (1953).

Thea priori and a posteriori estimates of pile capac-
ity are now compared to the load tests (8 dynamic and 1
static), as presented in Table 5 and Fig. 12. The mobilized
pile resistance in the dynamic test was interpreted with
CAPWAP, as presented by Rausche et al. (1972). In
Fig. 12a the a priori pile capacity estimated using the
Aoki-Velloso method is represented in the vertical axis,
with the statistical distribution indicated by its statistical
range and the expected value by the middle point. Figures
12b and 12c compare the a posteriori expected values up-
dated with the Chellis-Aoki and Danish dynamic formulas,

Pile Embedded length Final set Transferred energy Tip resistance CAPWAP capacity
(m) (mm/10 blows) (kJ) (%) (kN)
113 17.4 5 38.2 21.0 2,850
114 16.4 10 46.3 274 2,790
115 16.4 43.0 26.7 2,770
116 16.1 38.7 28.8 2,950
148* 17.4 20 231 7.4 1,450
156 17.9 10 22.6 154 2,530
240 18.8 29.8 16.9 2,400
260 17.6 28.8 14.0 2,320
265 17.7 25.6 8.8 2,310

Note: * Pile was damaged during the tests.

Soils and Rocks, Sdo Paulo, 42(3): 323-335, September-December, 2019.
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Table 4 - Static tests results.

Pile Embedded length Maximum testing Maximum testing Permanent Van der Veen extrapo-
(m) load (kN) displacement (mm) displacement (mm) lated capacity (kN)

172 16.9 1,400 14.87 1.25 2,160

106 15.7 1,000 8.09 191 *

Note: * No Van der Veen extrapolated capacity was considered for pile 106.

respectively. Similar resultsarefound when the estimated a
priori values are calculated using the Vesic method. Fig-
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ures 12b and 12c illustrate the decrease in uncertainty,
clearly observed by the relative reduction of the statistical
range for each tested pile. The comparison of Fig. 12awith
Figs. 12b and 12c demonstrates that the update with both
the Danish and the Chellis-Aoki formulas were quite effi-
cient in estimating the expected pile capacity within a nar-
row range and approximating the expected value to the
results of the pile load tests. With the exception of pile
E-106, all the other tests presented in Figs. 12b and 12cin-
dicated measured pile capacities higher than the updated.
Since the tests were performed with an interval of at least
190 days after the end of driving, the higher pile capacity
can beattributed both to ahigher hammer energy during the
tests, compared to the final driving, and aso to an increase
in soil resistance over time dueto pore pressure dissipation.
The extent of the pile capacity increase, due to both higher
energy (which can cause ahigher mobilized resistance) and
anincreasein soil resistance over timewas nearly 30 % and
19 % for the Aoki & Velloso and Vesic methods, respec-
tively.

Table5 - Statistical distributions of the database.

Method Q.. expected  Standard  COV

value (kN) deviation

(kN)

Calculations'
AV 1,665 448 0.27
Vesic 2,262 701 0.31
Dynamic Formulas'
Chellis-Aoki 1,909 318 0.17
Danish 2,072 371 0.18
Updated by
Chellis-Aoki*
AV 1,830 210 0.11
Vesic 1,974 254 0.13
Updated by Danish'
AV 1,922 223 0.12
Vesic 2,136 257 0.12
Dynamic Load Tests’
CAPWAP 2,615 239 0.09

Note: *645 piles; °8 piles.
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The decrease in uncertainty due to Bayesian updating
can be interpreted in terms of the coefficient of variation
(COV). Table 5 shows the variability ranges for each me-
thod including the expected value (mean), variance and
COQV with respect to all 645 pilesand 8 dynamic load tests.
Thereisavery significant decreasein the variability of the
expected capacities due to updating. The a priori pile ca-
pacity estimated using the Aoki & Velloso and V esic meth-
ods presented COV of 0.27 and 0.31, respectively. The
likelihood functions (dynamic formulas) presented lower
uncertainties asthey made use of the sample from the“ state
of nature”. Such “state of nature” uncertainty produced
COQV of 0.18 and 0.17 for the Danish and Chelli-Aoki for-
mulas, respectively. After Bayesian updating, COV fell to
0.12 and 0.11 for the Aoki & Velloso method updated with
Danish and Chellis-Aoki likelihood functions, respecti-
vely. For theVesic method, COV fell to 0.12and 0.13 using
the Danish and Chellis-Aoki likelihood functions, respec-
tively. The COV of the dynamic load tests, 0.09, was very
close to that for the a posteriori estimates. Therefore, the
Bayesian update was quite effective in improving the reli-
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ability of the estimated pile capacity, reducing the uncer-
tainty to arange very close to that obtained with dynamic
tests.

Figure 13 summarizes the Bayesian procedure ap-
plied in this paper using the Aoki & Velloso method. Simi-
lar results were obtained for the Vesic method. Figure 13a
shows the three statistical normal curves for the a priori
(Aoki & Velloso method), likelihood (Danish formula) and
a posteriori (Aoki & Velloso updated by Danish) distribu-
tions. Figure 13b presentsthe Aoki & Velloso a priori dis-
tribution using the Chellis-Aoki formulafor the likelihood
and a posteriori distributions. The flattened shape of the a
priori distribution is attributed to its high variance due to
uncertainties involving the limitation of the calculation
methods, spatial variability and limitations of the SPT tests.
Both likelihood functions are narrower due to the lower
variance and consequently lower uncertainty. The a pos-
terori distributions are even narrower reflecting lower vari-
ance, and therefore even lower uncertainty. As expected,
the mean a posteriori pile resistance is between the mean
values for the a priori and likelihood distributions, being
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closer to the likelihood mean value due to its lower vari-
ance. Figure 13 isareal representation of Fig. 1 and shows
the proper functioning of the procedure applied in this pa-
per.

9. Conclusions

This paper presents the application of the Bayesian
updating procedure to acomprehensive steel piling dataset
in asedimentary soil profilein Rio de Janeiro, Brazil.

Two methodsfor estimating thea priori pile capacity
were used, aswell astwo likelihood functions, for updating
the soil resistance mobilized by the piling at the end of driv-
ing. The updating procedure was able to practically elimi-
nate significant model uncertainties of the a priori
predictions.

Although different, the Chellis-Aoki and Danish like-
lihood functions revealed very close statistical distribution
and were both efficient in reproducing a sampling from the
“state of nature.” The functions aso demonstrated their ef-
ficiency in obtaining an improved a posteriori estimate of
pile capacity including a much lower uncertainty range.

The pile capacity a posteriori aways had avalue be-
tween that obtained a priori and the one corresponding to
the likelihood function, thus closer to the distribution of
lower variance. The coefficient of variation of thea posteri-
ori distribution was always lower than that of the other dis-
tributions, since the a posteriori distribution includes
information from both (a priori and “likelihood function™),
reducing the uncertainty of the estimate.

The updated estimates were then compared to the re-
sults of dynamic and static load tests. The comparisonsin-
dicated measured pile capacity nearly 30 % and 19 %
higher than the updated for the Aoki-Velloso and Vesic
methods, respectively. The higher values measured may be
attributed to set up effects and a higher energy adopted in
the tests compared to final driving.

The Bayesian updating technique can be applied to a
single pile, agroup of piles, asin the present paper, aswell
as to acombination of estimated pile capacity and static or
dynamic load tests. The practical application to different
piletypes, sitesand various soil formations can producerel-
evant statistical information concerning the accuracy of dif-
ferent geotechnical calculation methods. Focus on continu-
ous application can contribute significantly to a more
rational design and better quality control systems, with re-
sulting improvement to piling safety.
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Shear Creep Propertiesof Weak Interlayer in Slope Based on
Stationary Parameter Fractional Derivative Burgers Model

W.B. Ma, Z.G. Zhao, P. Li, Q. Liu, C.Q. Yang, J. Li, W.B. Luo

Abstract. Based on special engineering geological conditionsof acut-slopeareaat Heitanping hilly-passalong Y ongzhou
- Jishou highway, shear creep properties of weak interlayer in thisslope (about 30 m deep) have been studied by shear creep
test to obtain shear creep curves. Shear creep constitutive model can be obtained by stationary parameter fractional
derivative Burgers model, and long-term shear strength of the weak interlayer can be determined after the analysis of the
shear creep curves. The research results show that the shear creep curves under different shear stresses have the same
change tendency, which can be divided into three stages:. instantaneous elastic stage, primary creep stage, and stationary
creep stage, where both the instantaneous el astic deformation and primary creep time are increasing with the shear stress.
On the basis of the shear creep constitutive equation, stress-strain isochrones of the soil have been constructed to identify
therel ationship between shear modulus G and timet. After the combination of deformation of the short-term shear strength
and the G-t relationship, long-term shear strengths in different lengths of time have been obtained, which results in
difference from the short-term shear strength. So the long-term shear strength should draw much attention to provide
important theoretical references for the slope safety assessment.

Keywords: creep soil, direct shear creep test, fractiona derivative Burgers model, long-term shear strength, non-attenuation,

weak interlayer.

1. Introduction

With the rapid development of Chinese economy,
highway network isbecoming increasingly important (Li et
al., 2016; Roy & Sarkar, 2016). Because of the complex
terrain in China, the highway usualy goes through the
mountains, and the landslide is the most common and dan-
gerous geological hazard in the highway construction (llori
et al., 2010; China Geological Environmental Monitoring
Institute 2014; Tiwari et al., 2015). Once the landslide hap-
pens, the investment and time of the construction will be
increased, and finally, it causes buildings collapse and ca-
sualties (Hasegawaet al ., 2009; Rackwitz et al., 2013). Dif-
ficulties of slope treatments are varied in different geologi-
cal conditions, and the treatment of slope with weak
interlayer will be the most difficult part. The slope will
dide aong theweak interlayer, and the most important fac-
tor of the landslide isthe mechanical properties of the weak
interlayer. So the mechanical properties of the weak inter-
layer must be studied in detail. Since shear failure of the
weak structural plane in slope is the mgjor factor in slope
instability of massive engineering projects, and the soil un-

der long-term stress has a creep feature, shear creep proper-
ties of the weak interlayer must be studied in detail.

At present, aseriesof studieshave been carried out on
the shear creep properties of the weak interlayer in slope.
Wang et al. (2007) analyzed the creep properties of the
weak interlayer in Jurassic red clastic rocks in Wanzhou
based on creep tests and Singh-Mitchell model. Based on
the study of shear creep properties of soilsin different re-
gions, Jeong et al. (2009) determined the relationship be-
tween the power-law index and shear strain rate. Xu et al.
(2010) built the power function model of the shear stiff-
ness-shear stress by the in-situ shear test study of the weak
interlayer in slope. Yang & Cheng (2011) studied the shear
creep properties of shale by the direct shear creep test with
the combination of a non-linear visco-elastic shear creep
model. Le et al. (2012) studied the mechanism of soil creep
deformation and recommended an enhanced explanation
for the creep compression mechanisms of clays. Ma et al.
(2014) carried out a detailed study on the shear creep prop-
erties of the simulative deep-sea sediment, and the shear
creep congtitutive equation was obtained by fitting the test
datawith Burgers model. The constitutive equations of soil
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were generally studied by conventional methods or models.
However, there were fewer assessments of the practical
project combining the fractional derivative constitutive
model and the long-term shear strength.

The fractional derivative constitutive model has re-
cently become a hotspot in geotechnical constitutive model
research. Based on the results of creep test, performed on
the marble in the Jinping 1l hydropower station in China,
Chen et al. (2014) proposed atime-dependent damage con-
gtitutive model by fractional calculus theory and damage
variables to describe these time-dependent damage charac-
teristics. Based on the experimental study of the surround-
ing rock of the deep and long tunnels at Jinping 11 hydro-
power station, He et al. (2016) found that the
non-stationary parameter fractional derivative constitutive
model can reflect the whole creep processvery well. Lal et
al. (2016) summarized the investigation progresses and ap-
plicationsof thefractional derivative model in geotechnical
engineering and indicated that the fractional derivative
model is one of the most effective and accurate approaches
to describe the rheology phenomenon.

Duetothedesign servicelife of slopesin highway en-
gineering being usually more than 50 years, the stability
analysis of the slope should be based on thelong-term shear
strength of soil. Cheng et al. (2009) obtained the long-term
shear strength of the weak interlayer collected from two
typical redbed soft rock slopes. Zhou et al. (2012) analyzed
the major mode of the soil erosionin karst areas by combin-
ing the long-term shear strength of brown clay, which had
been obtained by the long-term creep properties study of
the brown clay. Yang et al. (2013) studied the shear creep
properties of attenuation creep soil by the direct shear creep
test, and proposed the long-term shear strength of the atten-
uation creep soil to assess the long-term stability of the
northern slope of an open-pit mine in Fushun City, Liao-
ning Province, China. Zhu & Y u (2014) studied attenuation
creep soil by creep test, and the long-term shear strength of
the attenuation creep soil was deduced by the creep curves

Table 1 - Soil samples (hole depth 36.5 m, no water level).

and isochronous curve method. M ost researchesfocused on
attenuation creep soil, while there are many non-attenua-
tion creep soils in the practical project (e.g., this weak
interlayer), which need the assessments of the long-term
stability too.

Based on special engineering geological conditions
of a cut-slope area at Heitanping hilly-pass along Y ong-
zhou-Jishou highway, it was found that there was an obvi-
ous wesk interlayer in this slope (depth about 27.8-31.2 m,
Fig. 1), and the landslide occurred easily along the weak
interlayer. The creep curves of the weak interlayer under
constant compressive stress (determined by the soil over-
burden pressure) and different shear stresses were obtained
by using the direct-shear creep apparatus to study the shear
creep properties of the weak interlayer. Then, shear creep
constitutive equation and long-term shear strength can be
obtained, which provides the theoretical basis for the safe
treatment of the slopein this area.

2. Soil Samples Preparation and Test
Arrangement

2.1. Soil samples preparation

The soil sampleswere taken from the weak interlayer
of a cut-slope area at Heitanping hilly-pass along Y ong-
zhou - Jishou highway (depth about 27.8-31.2 m, Fig. 1).
The borehole, 36.5 m deep, was above the water line. All
the soil samples were listed in Table 1. The rock mass is
better at adepth of 11.5-17.6 m, and the Rock Quality Des-
ignation (RQD) is more than 80 %; the rock stratum in the
depth of 17.6-27.8 m was broken, and the RQD was almost
zero; therock stratum in the depth of 27.8-31.2 m was poor
with strongly weathered sandy mudstone soil, which was
supposed as diding zone in the middle layer (Fig. 1); the
rock stratum in the depth of 31.2-32 m was better than the
one in the depth of 27.8-31.2 m, with strongly-weathered
rock. So it could be considered that the rock stratum in the
depth of 27.8-31.2 m was the weak interlayer, with about

Depth of sail layer (m)

Description of lithology

Silty-clay date 0.0-7.8 The main component is silty clay, which contains fully weathered date.
7.8-11.5 It is mainly composed of strongly weathered soil, which is supposed as sliding zone in
shallow layer.
Strongly weathered slate 11.5-17.6 The core exhibits short column rocks, and the RQD is locally greater than 80 %.
17.6-27.8 Therock massis broken, and the RQD is amost zero.
Strongly weathered sandy ~ 27.8-31.2 This layer is mainly composed of strongly weathered sandy-mudstone soil, which is
mudstone soil (the weak supposed as sliding zone in the middle layer, and the test samples for this study were
interlayer) taken from this layer.
Medium weathered slate 31.2-32.0 The stratum is mainly broken rock and has palimpsest texture and slaty structure.
32.0-36.5 It is mainly composed of medium weathered slate with palimpsest texture, and slaty
structure, where the size of broken rocksis 2-7 cm.
338 Soils and Rocks, Séo Paulo, 42(3): 337-348, September-December, 2019.
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Figure 1 - The slope of Heitanping hilly-pass and the borehole soil samples. (a) The slope of Heitanping hilly-pass. (b) Borehole soil

samples (depth of 27.8-31.2 m). (c) The section of the slope.

11.45 % water content homogeneous soil. The samples of
the weak interlayer could be prepared by 20 mm-high ring
knife, and atotal of 5 ring samples were taken, 4 of which
were used to determine the shear strength parameters c, o,
one for the shear creep test, keeping in humidistat to pre-
vent dryness.

2.2. Test arrangement

Based on Table 1, the overburden pressure o of the
weak interlayer was calculated as 785 kPa, which can be
exerted to the soil samples as vertical pressure by weights.
The cohesion ¢ = 5 kPa and internal friction angle
¢ = 10.30° of the soil samples can be obtained by conven-

Soils and Rocks, Sao Paulo, 42(3): 337-348, September-December, 2019.

tional slow direct shear test (The Construction Department
of the People's Republic of China 1999). And the short-
term shear strength =, of the soil samplesunder the overbur-
den pressure o (785 kPa) was 148 kPa.

As shown in Fig. 2, the direct shear creep apparatus
wasrefitted by conventional direct shear apparatus. Theun-
disturbed soil sampleswere consolidated under the vertical
pressurep (i.e., theoverburden pressure o) until thevertical
dial indicator had stable data. The horizontal shear stress
(7, = t/n) was applied with step loads (load levelsn = 4) as
1, (40kPa), 1, (80 kPa), t, (120 kPa), t, (143 kPa, where the
soil sample was damaged at this load level). Each level of
theload was sustained 12 d, and finally, the soil samplewas
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(b

Figure 2 - Direct shear creep apparatus. (a) Direct shear creep apparatus. (b) Partial enlarged detail.

destructed under the shear stresst, (Fig. 3). The moisturiz-
ing treatment should be done around the shear box during
the test to prevent soil water from evaporating.

3. Analysisof Test Results

Fig. 3 showsthedirect shear creep curves of the weak
interlayer under constant compressive stress (the overbur-
den pressure) and step shear stresses, which can be con-
verted into the shear creep curves under separate loading by
Tan Tjongkie theory (Zhu & Yu, 2014; Wang et al., 2015;
Zhu & Yu, 2015) (Fig. 4). It can be seenthat all of the shear
creep curves can bedivided into three stages: instantaneous
elastic stage, primary creep stage, and stationary creep
stage.
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Figure 3 - Shear creep curves under step loading.

Table 2 - Stable creep rate (unit: /s x 10%).

Under the constant shear stress, the shear instanta-
neous elastic stage occurs. The instantaneous elastic dis-
placement increases with the increase of shear stress mac-
roscopically, where the relative displacements of internal
soil particles increase with the increase of shear stress mi-
croscopically.

The primary creep stage is relatively short (about
10 h), and enters into the stationary creep stage soon. As
timeincreases, the weakness of soil will irregularly deform
tofail (called softening effect), which resultsinrelative dis-
placements and rearranges tight connecting of the clay par-
ticles (called hardening effect). The hardening effect
process increases with time until it reaches the dynamic
equilibrium with the softening effect. Since the soil has
high plasticity, which needs arelatively short time to reach
the maximum hardening effect, besides, it shows that the
primary creep stage of soil isvery short, and transfersinto
the stationary creep stage soon.

Inthe stationary creep stage, the shear creep curves of
the soil sample show constant creep rates, and the creep de-
formation rates (0.847293-0.894393 x 10%s) are lower
than the average val ue of 0.885793 x 10°/s. It is shown that
therate of the hardening effect issmaller than therate of the
softening effect when the soil samples are subjected to the
shear stress, which makes the soil creep keep constant.

4. Creep Model and Creep Parameter

4.1. Creep model

The stress of the spring is proportiona to the strain,
the stress of the dashpot is proportional to the strain rate,
which constitute the mechanical model of elastomer and
Newtonian fluid, respectively. If they are combined, visco-

Load level dy/dt (x, = 40 kPa) dy/dt (x, = 80 kPa) dy/dt (x, = 120 kPa) Average
Creep rate 2.353592 2.484425 2.436647 2.460536
340 Soils and Rocks, Séo Paulo, 42(3): 337-348, September-December, 2019.
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Figure4 - Shear creep curvesunder separateloading. () Shear creep curves under separateloading (t (kPa): 1-40; 2-80; 3-120). (b) Par-

tial enlarged detail of No. 2 creep curve.

elastic characteristics of some complex fluids can be de-
scribed, such asMaxwell model (Fig. 5 (a)) can be obtained
by connecting spring and dashpot in series, and Kelvin
model (Fig. 5 (b)) can be obtained by connecting spring and
dashpot in parallel (Kang et al., 2015).

The creep constitutive equation of the Maxwell mo-
del isasfollows:

Oy Sy

a(t)=Fot+E (1)

where o, isconstant stress. Eisan €lastic constant and f isa
viscosity coefficient.

The creep curve of Maxwell model is a straight line.
After the constant stress o, is applied, the instantaneous
elagtic strain <2 is produced, and then the deformation oc-

curs at a constant rate %" , that is to say, under a certain

stress, the material can gradually produce infinite deforma-
tion, which is the characteristic of fluid (Lewandowski &
Chorazyczewski, 2010). Therefore, Maxwell model is not
suitablefor themodel that needsto be established in thispa-
per.

The creep equation of Kelvin model is as follows:

fal

Figure5 - () Maxwell model and (b) Kelvin model.
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thestrainincreaseswithtime. Whent — o, ¢ — <, such as

an elastic solid (Lewandowski & Chorazyczewski, 2010),
because it has no instantaneous el asticity, it cannot be used
to describe the creep constitution of the soil sample studied
in this paper.

The K-H model is composed of an elastomer and a
Kelvin model in series (Fig. 6). Its creep equation isasfol-
lows:

E,t
G, © -
gt)=—2+—2{1-e ° 3
(t) E, Ez( J (©)

The K-H model describes solids with instantaneous
elagticity and delayed elasticity (Xiong et al., 2015). K-H
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Figure 6 - K-H rheological model.
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creep model was used to fit the creep curve of this paper by
means of OriginPro software. Thefitting curveisshownin
Fig. 7 (). Thefitting accuracy R’ of the separate loading is
0.9678, 0.9825 and 0.9891, respectively.

The Burgers model is made up of Kelvin model and
Maxwell model in series (Fig. 8), which also reflects the
softening and hardening characteristics of rheological ma-
terials. From this viewpoint, it is reasonable to characterize
the creep characteristics of soil samplesin this paper than
other models (Xiong et al., 2015). The creep equation of
Burgers model is as follows:

[ _Et
g(t):%'LElJrBtJrEl{l_e P2 Ll (4)

The Burgers creep model was used to fit the experi-
mental curve with the help of OriginPro software. The fit-
ting curve is shown in Fig. 7 (b). Thefitting accuracy R of
the hierarchical loading is 0.9704, 0.9875 and 0.9883, re-
spectively.

In recent years, some scholars have used fractional
derivative creep model to describe the creep characteristics
of rock and soil, which have agood fitting effect on nonlin-
ear creep curve (Zhou et al., 2012). The constitutive equa-
tions with fractional derivative have been proved to be a
valuable tool to handle viscoelastic properties (Khan et al.,
2009; Lai et al., 2016; Heymans & Bauwens, 1994).

In order to describe the creep curve more accurately,
the non-stationary parameter fractional derivative Burgers
model and stationary parameter fractional derivative Bur-
gersmodel (fractional order o = 1/8, 2/8, 3/8, 4/8, 5/8, 6/8,
7/8) were selected respectively to fit the creep curves of the
weak interlayer for parameter identification (Podlubny,
1999).

i, THE

T T T T T
il ktl |1HI 150 2l il no
)

Replacing the traditional Newton dashpot with Abel
dashpot was the essence of the fractional derivative consti-
tutive model (Darabi et al., 2011). And the definition of
Abel kernel |, (t) was expressed as

;,t>0
Lo er(l—ﬁ()t‘1 ®)
o t<0, 0<o <l

where I'(2) isthe Gamma function.

The fractional derivative can reflect the memory ef-
fect of viscoelasticity becauseit is actually the Volterrain-
tegral of Abel kernel function (Koeller, 1984; Darabi et al .,
2011). Thus, the fractional derivative constitutive model
can describethetime effect of the viscoel astic material very
well. And the constitutive relationship of the Abel dashpot
isexpressed as

o(t) =n“D*[e()] =n"1,de (6)

wheren®istheviscosity parameter of the Abel dashpot. Itis
anideal solidwheno =0, anditisanideal fluidwhen o = 1.
D* isthe Riemann-Liouville fractional derivative operator,
which is expressed as

1 dft-9

O O~y ) e

de, (1<a<l) (7)

Fractal phenomena are prevalent in many subjects. A
number of studies (Orczykowska et al., 2015; Cajic et al.,

[iF]
Tl
=L
L —"—\_.-"W"‘H]— e
E i
]

Figure 8 - Burgers rheological model.
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Figure 7 - Creep curve fitting results of K-H model and Burgers model (t (kPa): 1-40; 2-80; 3-120; the solid-line curves are thefitting

curves). () K-H modé fitting curve (b) Burgers model fitting curve.
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2017; Podlubny, 1999) have shown that the self-similarity
spring-dashpot fractance can be used to describe fractional
element (i.e., Abel dashpot). The fractal network system
composed of springs and dashpots, combined with fractal
theory, determine the order of fractional order in creep con-
stitutive equation. By means of Heaviside operator, the
congtitutive relationship of the spring-dashpot fractance
(Fig. 5) can be deduced as follows (Podlubny, 1999).

The constitutive relation of the spring-dashpot frac-
tance (Fig. 9) is expressed as

1=GTy (8)

where T isthe operator to be solved. The Eq. (8) can beused
to describe both spring in a specia case of T = 1, and the
Newtonian dashpot in aspecia case of T = (n/G)D (where
n is the viscosity coefficient of the dashpot, D =4 is the

first time derivative). Due to the series rule, the total stress
isthe same as that of the series components, while the total
strain is the sum of the strain of all components. The total
strain of the fractance shown in Fig. 9 can be expressed as

T 1 T
y=y,+>=vy,+D7" 2 ©)
G n

Combining Eg. (8), the Eq. (9) can be further rewrit-
teninto

y=L+T)y, =[1+ D™ C?Uvz (10)

Dueto the parallel rule, the total strain isthe same as
that of the parallel components, while the total stressisthe
sum of the stress of al components. The total stress of the
fractance can be expressed as

1=CGTy=1, +1, =GT(y, +7,) 1y
Combing Eq. (10) and Eg. (11), we get
1 1 |
T| + =T 12
147 Topt |7 12

)

Figure 9 - Spring-dashpot fractance.
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Thisindicates that the operator T needs to satisfy:

1 . 1
1+T TGD™
n

=1 (13)
1+

According to the Heaviside calculus, the operator D
can be used as a parameter. The constitutive operator of the
spring-dashpot fractance T can be expressed as

T :7\41/2D1/2 (14)

d1/2

where % = n/G, and D* =42

Then, the constitutive relation of the spring-dashpot
fractance shown in Fig. 5 can be expressed as

is 1/2 derivative of time.

1/2 d*? Y
dtl/2

1=G(}) (15)

Equation (15) is the specia case of the fractional de-
rivative congtitutive model as o = 1/2.

By defining the fractance shownin Fig. 9 asanew el-
ement, and then replacing the dashpot of the fractance
shown in Fig. 9 with the new element, a double fractance
can be obtained. By the use of the computing method
above, the constitutive operator of the double fractance can
be expressed as

T _ 7\’1/4 D1/4 (16)

By defining the fractance shownin Fig. 9 asanew el-
ement, and then replacing the spring of the fractance shown
in Fig. 9 with the new element, the other double fractance
can be obtained. By the use of the computing method
above, the constitutive operator of the new doublefractance
can be expressed as

T= ?»3/4 D3/4 (17)

In general, the following equation can be proved
(Podlubny, 1999): by replacing the spring and the dashpot
of the fractance shown in Fig. 9 by the operators T, = A°p"
and T, = A°p’, the multiple fractance can be obtained. And
the constitutive operator of the multiple fractance can be
expressed as

T=27p* (18)

By replacing the dashpot in the Maxwell body of the
Burgers model with the spring-dashpot fractance, the frac-
tional derivative Burgers model (Ma et al., 2014; Chen et
al., 2014; Zhao et al., 2016; Xue et al., 2016) can be ob-
tained. As show in Fig. 10. The rheological constitutive
equation can be expressed as
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Figure 10 - Fractional derivative Burgers rheological model.
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By Laplacetransform, the creep constitutive equation
isexpressed as

[1 1 t¢

y(t) = TL |

7+T +1(1_el(Gz/T’lz))J (20)
G, n' [l+a) G,

Five creep parameters need to be identified by fitting
in the non-stationary parameter fractional derivative Bur-

[N - —_— — —_— —
] 50 (L] 150 2} 250 s

t{h}

gers model: G,, G,, n,% m, and o.. Four creep parameters
needed to beidentified by fitting in the stationary parameter
fractional derivative Burgers model: G,, G,, n,, and n,
(fractional order o. = 1/8, 2/8, 3/8, 4/8, 5/8, 6/8, 7/8).

4.2. Creep parameter identification

Fig. 11 and Table 3 show the fitting results, and the
correlation coefficient R, which was obtained by fitting the
shear creep curves (Fig. 4) with Eqg. 20. Accordingly, the
three models could well describe the creep properties of the
weak interlayer with high fitting precision (R > 0.9077);
while the correlation coefficient of the non-stationary pa-
rameter fractional derivative Burgers model was|ower, the
stationary parameter fractional derivative Burgers model
had ahigh correlation coefficient. And the correl ation coef-
ficient wasthe highest when thefractional order o = 1/8. So
the fractional derivative Burgers model could describe the
creep properties of theweak interlayer better when thefrac-
tional order o = 1/8.

Table 4 showed the creep parameters of the soil under
different shear stresses, which were obtained by fitting
tested shear creep curves with the stationary parameter

iz

I ]l HEH L5n i i} o0 1
k)

Figure 11 - Fitting shear creep curves of soil by different creep models (t (kPa): 1-40; 2-80; 3-120; the solid-line curves are the fitting
curves). (a) Non-stationary parameter fractional derivative Burgersmodel. (b) Stationary parameter fractional derivative Burgers model

(o= 18).

Table 3 - Correlation coefficient R of the creep models.

Shear stress Correlation coefficient R of the fractional derivative Burgers model

© (kPa) Non-stationary o~ o= 1/8 o=2/8 o=3/8 o= 418 o= 5/8 o = 6/8 o=7/8
40 0.9077 0.9871 0.9864 0.9865 0.9865 0.9867 0.9865 0.9866

80 0.9436 0.9894 0.9891 0.9892 0.9893 0.9893 0.9894 0.9894
120 0.9672 0.9961 0.9956 0.9955 0.9955 0.9954 0.9954 0.9954
Average 0.9395 0.9909 0.9904 0.9904 0.9904 0.9905 0.9904 0.9905
344 Soils and Rocks, S&0 Pavlo, 42(3): 337-348, September-December, 2019.
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Table 4 - Creep parameters (stationary parameter fractional derivative Burgers model, o = 1/8).

Shear stress t(kPa) G,(kPa) G,(kPa) n,’(kPah) n,(kPah)

40 2.3384 x 10° 1.9555 x 10° 45832 x 10° 6.4165 x 10°
80 3.1576 x 10° 2.1387 x 10° 48812 x 10° 6.4173 x 10°
120 2.8803 x 10° 1.9545 x 10° 4.7351 % 10° 6.8617 x 10°
Average 2.7921 x 10° 2.0162 x 10° 47332 x 10° 6.5652 x 10°

fractional derivative Burgers model (o = 1/8). Obviously,
these four creep parameters (G,, G,, n,", n,) fluctuated
dightly with the increase of shear stress, which finally
tended to a constant value (i.e., material constant), indicat-
ing that their average values can be used for the shear creep
parameters of the weak interlayer in the slope.

5. Analyses of Long-term Shear Strength

The short-term shear strength can be obtained by a
conventional shear strength test, where the soil samples
were damaged in a very short time. And the short-term
shear strength can be used in the short-term stability analy-
sis of slopes. But the resistance of rock and soil under
long-term load is different from that under short-term load.
The strength of rock and soil decreases with the increase of
load time. Therefore, the study of the long-term shear
strength of soil isvery important to slope stability analysis.

In order to obtain the long-term shear strength of the
sail, it is needed to analyze the creep properties of the soil.
For attenuation creep soil, the shear strain keeps a constant
withtheincrease of time (Fig. 12) if the shear stresstisless
than the attenuation shear strength t, (Yang et al., 2013)
(i.e, T < t,), while the shear strain develops continuously
with theincrease of time until destruction if the shear stress
tismore than the attenuation shear strengtht_(i.e., t>1),

Figure 12 - Isochronous curves of stress-strain (attenuation creep
soil).

Soils and Rocks, Séo Paulo, 42(3): 337-348, September-December, 2019.

indicating that the long-term shear strength, i.e., the attenu-
ation shear strength t_, can be obtained on the basis of the
isochronous curve method (Guo et al., 2005; Xie et al.,
2014; Zhu & Yu, 2014; Gao et al., 2015; Simsiriwong et
al., 2015).

For non-attenuation creep soil, the shear strain devel-
ops continuously with the increase of time until creep de-
struction, i.e., thereisno attenuation shear strength t_ (Feng
et al., 2018; Ter-Martirosyan and Ter-Martirosyan, 2013).
The long-term shear strength of such soil cannot be ob-
tained by the isochronous curve method, but there are so
many engineering projects that need to evaluate the long-
term stability of such soil. In this paper, long-term shear
strengths of such soil under different periods (such as 10
years, 20 years, 50 years, 100 years, etc.) can be deduced on
the basis of the shear creep constitutive equation and the
short-term shear strain corresponding to the short-term
shear strength of the soil, which are deduced as follows.

Based on the shear creep constitutive equation above,
the isochronous curves of shear stress-shear strain of the
soil (Fig. 13) can be deduced for the curve between the
shear elastic modulus G and timet (Fig. 14), which isfitted
by the equation as follows.

1
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Figure 13 - The isochronous curves of shear stress-shear strain.
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Table5 - The comparison of the long-term shear strength and the short-term shear strength.

Timet (year) Short-term 10 20 30

50 60 70 80 90 100

3.007 0352 0217 0.160
143.00 4155 2558  18.80
100.0 291 17.9 131

G (MPa)
7, (kPa)
t /7, (%)

0.127
14.99
10.5 8.8 7.6 6.7 6.0 54 5.0

0106 0092 0.081 0.072 0.066  0.060
1253  10.80 9.51 851 7.72 7.06

N

5 (hAPah

e SIS T | S & R ||
o 100 pd)

Figure 14 - The curve of the shear elastic modulus G-timet.

And the fitted G-t equation is showed as follows.

1

G= 17
0.72354+ 0.00157 x t *#78%° 17

The equation has a high fitting precision for the high
correlation coefficient R (R = 0.95564).

The shear strain y,, = 0.047553 according to the
short-term shear strength under the transient loading can be
calculated on the basis of the shear elastic modulus
G, = 3.0072 x 10’ kPa and the short-term shear strength
7, = 148 kPa under the overburden pressure ¢ = 785 kPa,
which is considered as the limit of the soil damage. Thus,
thelong-term shear strength t_, = 41.55 kPaof the soil at 10
years can be calculated by using the critical shear strain
v, = 0.117772 (the shear strain corresponding to the short-
term shear strength) and the shear elastic modulus
G = 0.35277 x 10°kPawhent = 3650d. It showsthat t_ is
29.1 % of the short-term shear strengthin Table 5 aswell as
the other long-term shear strengths.

6. Conclusions

The shear creep properties of the weak interlayer in
the slope (at Heitanping hilly-pass along Y ongzhou-Jishou
highway) were studied by direct shear creep apparatus,
which was the modified direct shear apparatus. The shear
creep congtitutive equation of the soil was obtained by
comparing two different creep models for the long-term
shear strengths. In thisstudy, the following conclusions can
be drawn:
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1) The shear creep properties of the weak interlayer are ob-
tained by the modified direct shear creep apparatus.
All shear creep curvescan bedividedinto three stages:
instantaneous elastic stage, primary creep stage, and
stationary creep stage. The primary creep stageisrela
tively short and increases with the increase of shear
stress.

2) The shear creep constitutive equation of the soil hasbeen
obtained by the stationary parameter fractional deriva-
tive Burgers model (fractional order o. = 1/8) which
has the best-fitted results of the shear creep curves of
the soil compared with non-stationary parameter frac-
tional derivative Burgers model.

3) Therelationship between shear elastic modulus G- timet
has been obtained by the isochronous shear stress-
shear strain curves on the basis of the shear creep con-
stitutive equation above. It isfound that the long-term
shear strengths, which are deduced by the G-t equation
and the shear strain according to the short-term shear
strength, decrease with the increase of time. There-
fore, it is necessary to assess the weak interlayer by
use of the long-term shear strength at different time.
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Prediction of L oad-Settlement Curvesby theDMT
in an Unsaturated Tropical Soil Site

N.M. Silva, B.P. Rocha, H.L. Giacheti

Abstract. Several methods for prediction of the |oad-settlement curves of shallow foundations have been proposed based
on in-situ testing data. However, the good accuracy of such prediction depends on the definition of appropriate soil
stiffness. Seasonal variability and its influence on the soil behavior need to be considered for unsaturated tropical soils. In
this context, this study uses a procedure to determine the complete load-settlement curves of shallow foundations by the
flat dilatometer test (DMT) in an unsaturated tropical soil site, considering seasonal variability. The DMT and the plate
load tests carried out at the experimental research site of the University of Sdo Paulo (Sao Carlos, Brazil) are presented and
discussed. It wasfound that the DMT is an adequate test for predicting soil stiffness, and the presented procedure allows a
good estimate of the complete load-settlement curves. It was al so observed that seasonal variability should be consideredin

the prediction of such curvesfor the studied site.

Keywords: flat dilatometer test (DMT), in-situ tests, |oad-settlement curve, seasonal variability, tropical soils.

1. Introduction

Several methods are available to predict the load-
settlement curve based on in-situ test data (Schmertmann,
1986; Mayneet al., 2000; Briaud, 2007). However, in most
cases, these methods consider that the deformability modu-
lusis constant (Lehane & Fahey, 2004). Moreover, the ac-
curacy of these curves' prediction depends on the adequate
definition of soil stiffness for the deformation level im-
posed by the foundation element (Mayne, 2001, Shin &
Das, 2011).

The plate load test has been commonly used to repre-
sent the behavior of shallow foundations (Consoli et al.,
1998; Menegotto, 2004, Tang et al., 2018). The utilization
of plate load test results allows minimization of the effects
of the “scale” factor, soil sample disturbance, and selected
technique on the input information for a foundation design
(Reznik, 1993).

Theflat dilatometer (DMT) has been shown to be an
accurate test technique for site characterization (Marchetti
et al., 2001; Marchetti & Monaco, 2018), compacted fill
analyses (Queiroz et al., 2012; Amoroso et al., 2015), later-
ally loaded pile analyses (Robertson et al., 1987; Marchetti
et al., 1991), as well as to predict foundation settlements
(Schmertmann, 1986; Monaco et al., 2006; Anderson et al.,
2007; Monaco et al., 2014). Very few studiesevaluating the
applicability of such test for predicting the complete |oad-
settlement curves of shallow foundations in unsaturated
tropical soils have been found in the literature.

Soils formed in tropical weather regions are influ-
enced by drying and wetting cycles, which lead to the for-
mation of thick profiles of unsaturated soils. It isimportant
to consider seasonal variability in these soil sites caused by
soil suction, which isrelated to the water content through a
soil-water retention curve (SWRC). Therefore, the behav-
ior of unsaturated soils cannot be considered without taking
into account soil suction (y) and the site variability (Gia-
cheti et al., 2019).

This study presents the results of flat dilatometer and
plate load tests for prediction of the |oad-settlement curves
of shallow foundations in an unsaturated tropical sandy
soil. The DMT and plate load tests were carried out in dif-
ferent months of the year to better understand the influence
of seasonal variability on the load-settlement curve predic-
tion in the studied site.

2. Flat Dilatometer Test (DMT)

2.1. Principles of test procedure and interpretation

Marchetti (1980) and Marchetti et al. (2001) describe
the flat dilatometer, which has a steel blade 14 mm thick,
94 mm wide and an expandable circular steel membrane
(60 mm diameter) mounted on one face. The blade is con-
nected, by an electro-pneumatic tube, running through the
insertion rods, to a control unit on the surface. The authors
also describe the test procedure which starts by inserting
the dilatometer into the ground. By use of a control unit
with a pressure regulator, a gauge and an audio signal, the
operator determinesthe p,-pressurerequired tojust beginto
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move the membrane and the p,-pressure required to moveit
1.1 mminto theground. The bladeisthen advanced into the
ground by one depth increment, typically 200 mm, using
common field equipment.

The DMT interpretation starts by first determining
three intermediate parameters (Marchetti, 1980; Marchetti
etal., 2001): thematerial index (l,), the horizontal stressin-
dex (K,) and the dilatometer modulus (E,), which are de-
fined as:

P, =Py

Material index, | , =—— (1)
Po —Uo
Horizontal stressindex, K, = Po Tuo )
cSV
Dilatometer modulus, E, =34.7(p, — p,) 3

where u, is the pre-insertion in situ equilibrium pore pres-
sure and o', is the pre-insertion in situ vertical effective
stress.

A detailed description of the DM T equipment and test
procedure can be found in Marchetti (1980), Marchetti et
al. (2001) and Marchetti & Monaco (2018).

2.2. Prediction of shallow foundation settlementsby the
DMT

Predicting the settlements of shallow foundations is
often considered the main application of the DMT
(Schmertmann, 1986; Monaco et al., 2006; Failmezger et
al., 2015). The accumulated experience suggests that the
constrained modulus (M,,,,), which is determined accord-
ing to Marchetti (1980), can be assumed as an adequate op-
erative or the working strain modulus for most practical
purposes. This modulusis defined by Eq. 4:

Mowr =Ry - Ep (4)

whereM,,,, = constrained modulusfromDMT, R, = correc-
tion factor, afunction of 1, and K.

Lehane & Fahey (2004) investigated the influence of
the disturbance caused by the DMT blade installation on
the constrained modulus prediction in sands. The authors
proposed an equation for estimating the constrained modu-
lus for working condition (M,,). According to Lehane and
Fahey (2004), M, ismorerelevant to settlement prediction
than E, and can be considered an operational modulus ap-
plied by the dilatometer at a 1.8 % settlement ratio (5/B,,),
according to Eq. 5:

Eo a4 5 _18% ®)

N

where § = settlement, B_, = the square root of the basewidth
of thefoundation element, f_,_ = inherent anisotropy factor.

Décourt (1999) proposed an approach to extrapolate
the plate load test data by analyzing the results of 145 load

M DV =13faniso
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tests on shallow foundations and on rigid steel plates car-
ried out all over the world in very different soils.

Dos Santos et al. (2019) integrated Décourt’s (1999)
approach for the representation of the normalized load-
settlement curve and Lehane & Fahey’s (2004) consider-
ations about M, to predict a complete |oad-settlement
curve. This approach was tested and compared with plate
load tests carried out in atropical sandy soil from an experi-
mental research site in Bauru-SP, Brazil. Good agreement
between the load-settlement curve predicted by the DMT
and those determined by the plate load tests was found.

Figure 1 shows the representation of atypical curve,
defined according to the approach used (Dos Santos et al.,
2019), where q = applied stress; d,,, = applied stress at
working condition; g, = load at conventional soil failure;
= settlement; B, = square root of the base width of the
foundation element.

The normalized |oad-settlement curve is represented
together with the data point where the conventional rupture
occurs. It is aso possible to observe the representation of
the DMT working load condition (6/B,, = 1.8 %) in this
curve. Sincethe DMT membrane is 60 mm (B) in diameter
and expands 1.1 mm (3), a settlement ratio (8/B) equal to
1.8 % ismobilized during the test.

3. Study Site

The DMT and plate load tests were carried out at the
experimental research site of the University of S&o Paulo,
in S&o Carlos-SP (Brazil). Inthissite, the subsoil isaclayey
fine sand with two well-defined layers: Cenozoic Sedi-
ments with lateritic behavior (up to around 6.0 m depth)
overlaying the residual soil derived from Sandstone with
non-lateritic behavior. The groundwater level varies sea-
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Figure 1 - Representation of the load-settlement curve based on
the DMT (Dos Santos et al., 2019).
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sonally between 9 and 12 m below the ground surface. Both
horizons can be classified as clayey sand (SC) according to
USCS.

The tropical climate provides wet and hot seasons
(October to April) that are followed by dry winters. This
type of tropical weather can lead to variationsin thein-situ
soil suction since it features high annual temperatures with
wet summers and dry winters. The seasonal variation’sin-
fluence on soil suction can lead to significant changesinthe
in-situ test data, asdiscussed by Giacheti et al. (2019) based
on CPT data. Figure 2 shows the soil profile together with
dry unit weight (y,), void ratio (€) and Atterberg limits (w,
and w,) of the studied site up to 12 m depth.

The soil-water retention curves (SWRCs) at 2.0, 5.0
and 8.0 m depths were determined by Machado & Vilar
(1998) to examine the influence of soil suction on the soil
strength and stiffness parameters (Fig. 3). The purpose of
the laboratory investigation was to assess the influence of
suction on the soil behavior. Figure 4 shows the data of the
unsaturated oedometer tests carried out on undisturbed soil
samples collected at 2.0, 5.0 and 8.0 m depths for different
soil suction values. It shows that the pre-consolidation
stress (¢’ ) values increase as the soil suction increases.

4. In-Situ Tests

4.1. DMT and plate load tests

The plate load tests were carried out on arigid steel
plate (25 mm thick and with 0.80 m diameter) at 1.5, 4.0,
6.0 and 8.0 m depths by Costa (1999) and Macacari (2001).

Sl prodile v (kM)
1 12 14 16
R e LY BT P S SR o FNES
Brown clavey 1
ik fime sand | L
i sedimeni b '|I
é - 1} L
= | b
Pubhes j "
8 )
f OWL Hed clayvey 1 L]
| fiiie samd
o {rusidual il
sanadtine)

— el = il
o ==== [cpl= e
= 1 = [igpil = Bilrp

] 1 1
Sk sucoein {kPub

Figure 3 - Soil-water retention curves for the soil collected at
2.0 m, 5.0 m and 8.0 m depths (adapted from Machado & Vilar,
1998).

The tests were carried out in natural and inundated condi-
tions, allowing the evaluation of the influence of suction on
theload-settlement curve. A total of 18 plateload testswere
considered. A summary of the plate load tests used in this
study ispresented in Table 1. It should be mentioned that an
average curve was considered for the inundated condition
at 1.5 and 6.0 m depths. These tests were selected by con-
sidering the soil suction and water content profile by means
of the SWRCs during the DMTs.

The DMTs were performed in March and October,
2016 and April and October, 2017 by Rocha (2018). Three
DMT testsand one soil sampling were performed in each of
these periods. Soil sampling was carried out up to 7.75 m
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Figure 2 - Sail profile and some index properties of the studied site (adapted from Machado & Vilar, 2003).
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Figure 4 - Data of the oedometer tests performed on undisturbed soil samples collected at 2.0, 5.0 and 8.0 depths for soil suction values

(Machado, 1998).

depth by using a helical auger to collect samplesat 0.75 m
intervals, to determinethewater content profileanditsvari-
ation in each test. The DMTS, soil sampling (undisturbed
and disturbed samples), and plate load test locations are
presented in Fig. 5. Theaveragel,,, K, and E, profiles deter-

mined in each campaign are presented in Fig. 6.

4.2. Seasonal variability

The seasonal variability of the DMT data was as-
sessed while considering the variation in the soil suction
and water content values by means of the SWRCs. Figure 7
shows the soil suction and the water content profiles deter-

Table 1 - A summary of the plate load tests previously carried out in the study site.

Depth (m) Designation Loading procedure  Soil condition  Soail suction (kPa) Author

15 Average curve (Q1, Q2, QS1, Slow/Quick Inundated - Costa (1999)
QS2, SS1, SS2, SS3, S-40)

15 S1 Slow Natural 10 Costa (1999)

15 S2 Slow Natural 31 Costa (1999)

4.0 N4C1 Quick Natural 18 Macacari (2001)

4.0 N4C2 Quick Inundated - Macacari (2001)

6.0 N6C1 Quick Natural 16 Macacari (2001)

6.0 Average curve Quick Inundated - Macacari (2001)

(N6C2, S6C3, S6C4)

8.0 N8C1 Quick Natural Macacari (2001)

8.0 N8C2 Quick Natural 6 Macacari (2001)
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Figure 5 - Schematic representation of DMT, soil sampling and plate load tests positions at the study site.

mined during the execution of the DMT and the plate load
tests.

Thewater content values determined in the plate |oad
tests are similar to the water content profiles determined
with the tests carried out in March and October, 2016 and
April, 2017. The results of these plate |oad tests were those
that best characterized the soil water content conditions
(Fig. 7a), and they were considered in this study.

Soils and Rocks, Séo Paulo, 42(3): 351-361, September-December, 2019.

Figure 7b shows that the water content determined in
thetests (ranging from 15 to 20 %) tendsto bein aregion of
the SWRCs where a little change in water content causes a
considerable change in soil suction. The tests which re-
sulted in higher water content profiles (Mar/16 and Apr/17)
showed soil suction valuesawayslower than 10 kPa. There
were significant changesin soil suction, ranging from 13 to
130 kPa up to 5.0 m depth in the dry seasons (Oct/16 and
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Figure6-1,, K, and E, profiles at the study site (adapted from Rocha, 2018).

Oct/17). It is important to investigate the changes in sail
suction, mainly for the design of foundations because the
bearing capacity of shallow foundations is directly influ-
enced by soil suction (Costa, 1999 and Reznik, 1994).

4.3. Constrained modulusby the DMT

Seasonal variability influences the average MDMT
and MDV profilesdetermined in each in situ test campaign,
as shown in Fig. 8. M, is not really affected by seasonal
variability, while M,,,,; is, mainly up to 5.0 m depth in the
tests conducted in Oct/17. This occurs because both param-
eters (E, and K,) are influenced by soil suction in the stud-
ied soil, as shown by Rocha (2018). The ratio between E,
and K, is used to calculate M, (Eg. 5), and it hides the in-
fluence of suction on the prediction of the |oad-settlement
curve. Another relevant aspect of M, is the possibility of
considering the soil anisotropy by using the inherent aniso-
tropy factor (f_,_). Asthe investigated soil suffered intense
pedogenetic and morphogenetic processes during its for-

356

mation (tropical soil), which led to a homogeneous and
isotropic soil (Vaz, 1996), corrections due to the soil aniso-
tropy are not relevant.

5. Load-Settlement Curves

The DMT and plate load test data obtained in differ-
ent periods of the year were used to predict the complete
|oad-settlement curves as described by Dos Santos et al.
(2019).

The DMTs carried out in Mar/16 and Apr/17 were
considered representative of the wet season, and the tests
carried out in Oct/16 were considered representative of the
dry season based on the water content profile and soil water
retention curves (Fig. 7). Considering the unsaturated con-
dition makesit possibleto assessthe seasonal variability in-
fluence on the prediction of the load-settlement curves by
theDMT. TheDMTscarried out in Oct/17 were not consid-
ered to predict the completel oad-settlement curves because
the in-situ soil suction values measured by tensiometers (4

Soils and Rocks, Séo Paulo, 42(3): 351-361, September-December, 2019.
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to 31 kPa) or estimated by the water content profile and the
SWRCs (5 to 23 kPa) during the plate load tests did not
reach values as high asthose estimated by the water content
profile and the SWRCs during the DMT campaign (25 to
130 kPa), as can be seenin Fig. 7.

The prediction of the load-settlement curves for the
wet and dry conditionswas made by using theaverageM,,,,
values within the zone of influence of the foundation ele-
ment, considered equal to 2B (B =0.80 m). Thecurveswere
also predicted by considering the average M,,,,; values plus
and minus one standard deviation, to represent the site vari-
ability.

The load-settlement predictions for the wet condition
were compared with the inundated plate load tests and the
plate load tests with soil suction (y) lower than 10 kPa
(Fig. 9). The load-settlement predictions for the dry condi-
tion were compared with the plate load tests carried out
with soil suction () vaues between 15, 18 and 31 kPa
(Fig. 10). For both conditions, the load-settlement curve
prediction was carried out for different embedment depths
(1.5, 4.0, 6.0 and 8.0 m depths).

Theload-settlement curvesdetermined withthe DM T
arein good agreement with the plateload test results (Fig. 9
and Fig. 10), mainly for the dry condition. All the load-
settlement curves were in the region delimited by the aver-
age M, values plus and minus one standard deviation (o),
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Figure 9 - Load-settlement curves predicted by the DMT and determined by the plate load tests for the wet season condition (Costa,
1999; Macacari, 2001; Rocha, 2018).
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Figure 11 - Settlements predicted by the DMT vs. those measured by the plate load tests for the wet and dry seasons.

which is expected considering the (seasonal and spatial)
variability of the investigated site.

Figure 11 shows the differences between the settle-
ments predicted by the DMT for the working condition
(6/B,,=1.8%, i.e. for 12.78 mm) and those measured by the
plate load tests for both the wet and dry conditions. Good
agreement was observed, since most of the data points are
within the satisfactory range indicated by Monaco et al.
(2006).

6. Conclusions

The prediction of the complete |oad-settlement cur-
ves for shallow foundations using the DMT and the influ-

Soils and Rocks, Séo Paulo, 42(3): 351-361, September-December, 2019.

ence of seasona variability on this prediction was
discussed.

The DMT is an adequate test for predicting soil stiff-
ness, and the presented procedure allows providing a good
estimate of the complete load-settlement curves for the
study site.

The DMT also works well for predicting settlements
in the working conditions, as presented and discussed by
Marchetti et al. (2001), with the advantage of not requiring
the collection of undisturbed samples and performance of
|aboratory tests.

In addition, the M, profiles were influenced by soil
suction (y) up to around 5.0 m depth in the study site. For
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thisreason, seasonal variability should be considered inthe
prediction of load-settlement curvesin unsaturated tropical
soils, as the one herein.
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