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Orientational Analysis of the Vesic’s Bearing Capacity of
Shallow Foundations
L. F. dos Santos, A.C.de Freitas
Abstract. The determination of the bearing capacity of shallow foundations can be considered as a complex elasto-plastic
deformation problem, which is often studied phenomenologically. The phenomenological equations are naturally constructed based on the typical dimensions of the variables involved (unit weight, foundation size, etc.) – all physical laws
must guarantee the principle of dimensional balance. Nevertheless, there is another requirement physical laws must obey
that is less often explored: all equations must be orientationally balanced. While this requirement is obvious for vectorial
equations, the laws of continuum mechanics often mix tensors, vectors and scalar quantities. Moreover, not all scalar quantities are considered orientationless (for instance, areas and angles define an orientation determined by the unit vector normal to the plane). Here, the main equations found in the literature for the bearing capacity of soils will be analyzed, testing
the orientational balance of the phenomenological equations. It will be shown that not all equations are well balanced – in
particular the critical rigidity index for the generalized failure of soils determined by Vesic (1973) is not balanced. Perhaps
not surprisingly, the equations that are well balanced lead to a good agreement with experimental data from the literature,
while the critical rigidity index fails systematically when compared to tests in model foundations on sand.
Keywords: bearing capacity, critical rigidity index, orientational balance, shallow foundations.

1. Introduction
Analyzing the variables that govern a physical phenomenon, one may extract (at least partially) the mathematical relations between these variables. This is the principle
behind the dimensional analysis, which provides the means
to determine physical laws even before any analytical or
phenomenological derivation is attempted. A complementary approach is provided by the orientational analysis.
This method is based upon assigning orientational
symbols to physical quantities such as force, velocity and
position, which are spatially oriented. While the orientational symbols are evident for these vector quantities,
they may become rather intricate for tensorial quantities or
even for some scalars, which may identify an orientation.
These symbols sustain a multiplication rule that forms a
noncyclic Abelian group with four members, and they can
be used to derive additional information that resolves problems incompletely solved by conventional dimensional
analysis.
The goal of this work is to provide the orientational
analysis of the equations for the bearing capacity (Vesic,
1975), as well as the orientational analysis of the rigidity index Ir and the critical rigidity index Ir crit which are proposed
by Vesic for determining if a soil-foundation system will
fail in a generalized or non-generalized mode.

The limit stress to generate soil rupture is called
Terzaghi’s equation (1943) for foundation shapes with
L >> B (Vesic (1973), as shown in Fig. 1, has already proposed a shape correction factor for different foundation
forms of L >> B), given by:
q rup = c × N c + q × N q +

1
g × B× N g
2

(1)

where c is the soil cohesion intercept, q is the uniformly distributed load due to the overburden, g is the soil unit weight,
B is the smallest size of the foundation base and the Nc, Nq
and Ng are dimensionless bearing capacity factors, defined
by:
N c = ( N q -1) cot f
æ æ p f öö
N q = e ( p tan f ) ç tanç + ÷ ÷
è è 4 2 øø
N g = 2( N q + 1) tan f

(2)
2

(3)
(4)

These equations are stated for lower compressibility
soils, i.e., idealized soil-foundation systems that fail as a
rigid-plastic medium, instead of elasto-plastic. This idealization is considered by Vesic (1975) to be adequate as long
as the rigidity index (Eq. 5) is larger than a critical rigidity
index (Eq. 6).
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Figure 1 - Shallow foundation supported on a soil without overburden.

Ir =

G
c + s med tan f

I r critical

1 ( 3. 30 - 0. 45 BL ) cot( p4 - f2 )
= e
2

(5)

(6)

where G is the shear modulus, f is soil friction angle and
smed is a characteristic stress scale, estimated as the mean
stress at a depth B/2 below the base of the footing. The
shear modulus and mean stress can be defined respectively
as:
E
G=
2(1 + n)
s med =

s¢v + 2s¢h
3

(7)
(8)

where E is Youngs modulus, n is the Poisson ratio and sv
and sh are the effective vertical and horizontal stresses at a
depth B/2 below the base of the footing, respectively. The
expressions for sv and sh are respectively:

l y ×l z =
& lx =
& l z ×l y

(12)

l x ×l z =
& ly =
& l z ×l x

(13)

l x ×l y =
& lz =
& l y ×l x

(14)

There is also a rule of multiplication between two oriented quantities with same orientation, which always generates a quantity without orientation (l0):
l x ×l x =
& l0

(15)

l y ×l y =
& l0

(16)

l z ×l z =
& l0

(17)

l 0 ×l 0 =
& l0

(18)

The identity of this multiplication operation is l0, such
that multiplying it by any orientational symbol generates
the same orientation:
l x ×l 0 =
& lx =
& l 0 ×l x

(19)

l y ×l 0 =
& ly =
& l 0 ×l y

(20)

l z ×l 0 =
& lz =
& l 0 ×l z

(21)

And finally, every symbol of orientation is the inverse
of itself, that is,

1
B× g
2

(9)

l 0-1 =
& l0

(22)

s¢h = s¢v × k 0

(10)

l x-1 =
& lx

(23)

s¢v =

where k0 is the at-rest earth pressure coefficient and it is defined as
k 0 = 1 - sin f

(11)

The Eq. 11 applies only for sands.

2. Material and Methods
2.1. Orientational analysis in general
The symbol =
& will denote a orientational equality
(Siano, 1985a), i.e., two quantities that carry the same
orientational symbol will be related by the symbol =
& . The
symbols for orientations in the Cartesian directions x, y and
z are respectively lx, ly and lz. Equivalent symbols and their
multiplication table may be found for other coordinate systems (Siano, 1985b), but will not be necessary for our purpose here. Quantities without an orientation [some scalars

4

(mass, time, ...) and tensor elements (normal stress, normal
strain, ...)] will be denoted by the symbol l0 (identity). To
understand why quantities such as normal strain are
deemed orientationless, the multiplication table for these
symbols will be shown now.
The product between two quantities with different
orientations will also have an orientation, following the respective multiplication table, which is analogous to the vector product rule, but commutative (without taking the signal
into account), i.e.,

l

-1
y

=
& ly

(24)

l

-1
z

=
& lz

(25)

It is possible to summarize all this in a single matrix
(Fig. 2).
Therefore, these symbols and this multiplication operation form an Abelian group.
There is no definition of fractional powers of orientational symbols, so one may not have rational exponents in
the original equation (physical law) when applying orientational analysis. In order to analyze the directionality of an
equation which contains some root (fractional exponent), it
is necessary to eliminate it by exponentiation.
For example, the orientational symbol of the area of
the square A is lz, since
A = L2 =
& l x ×l y =
& lz =
& A

(26)

Soils and Rocks, São Paulo, 43(1): 3-9, January-March, 2020.
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Figure 2 - General orientational matrix.

Figure 3 - Schematic of an inclined plane block.

This also illustrates how a scalar quantity may bear an
orientation symbol. In this example, the symbol is carried
by the area of a square, which is a natural notion when dealing with the calculus of multivariate fields (for instance, the
calculation of a flux in Gauss’ theorem is dependent on the
orientation of the area of the Gaussian surface of choice).
The fractional power would also be eliminated if the
equation of the area represented as fractional power
( L = A) were raised to the fourth power:
( L) 4 = ( A) 4

(27)

L4 = A 2

(28)

But this choice of exponent makes the orientational
analysis less effective. Eqs. 15-18 show that even powers of
any quantity will lead to the trivial conclusion l 0 =
& l 0 . The
form of Eq. 26 is referenced as the normal form, highlighting its usefulness for orientation analyses.
It can be concluded that the orientation of unknown
quantities can be identified by balancing the orientational
symbols derived from the physical law that defines this
quantity.

Angles are dimensionless, but they do carry an orientational symbol, so that equations associating vectors in different directions become directionally homogeneous, which is
an important characteristic of orientational analysis.
An example of orientational angle analysis is found in
the simple problem of the dynamics of a body in a tilted
plane (Fig. 3).
Balancing the forces on the x and y axes leads to the
conclusion that the friction coefficient is given by m = tan q.
The orientational analysis of the Amontons first law gives
Fat = m × N

(29)

lx =
& lm × l y

(30)

Therefore, by homogeneity,
(31)

with this, it can be concluded that tan q has direction lz.

Soils and Rocks, São Paulo, 43(1): 3-9, January-March, 2020.

3.1. Orientational analysis of bearing capacity factors
for the Terzaghi’s equation
When analyzing Eq. 1, it can be verified that Nc, Nq
and Ng are adimensional:
1
[ q rup ] = [ c] × [ N c ] + [ q ] × [ N q ] + [g] × [ B] × [ N g ]
2
(32)
é M ù é M ù
é M ù
é M ù
ê 2 ú = ê 2 ú ×[N c ] + ê 2 ú ×[N q ] + ê 2 ú ×[N g ]
ë LT û ë LT û
ë LT û
ë LT û

Now, the orientational balance of the equations discussed in Siano (1985a) for Nc, Nq and Ng (Eq. 2-4) will be
analyzed. Since all three equations contain tan (f), and Ng
contains (tan( 4p + f2 )) 2 , what will be discussed is how to obtain the orientational analysis of these functions. While the
tangent function was already discussed, it is useful for other
purposes to obtain its orientational symbol by analyzing its
Taylor’s series expansion. For both expressions, it can be
written as:
tan f = f +

2.2. Orientational analysis of angles

lm =
& l x × l y-1 =
& lz

3. Results

f3 2 f5
+
+K
3
15

(33)

2

æ æ p f öö
5 f3 4 f4 61f5
çç tanç + ÷ ÷÷ = 1 + 2 f + 2 f2 +
+
+
+K
3
3
60
è è 4 2 øø

(34)

If angles had a dimension ascribed to them, this expression would make no sense, since it would add distinct
3
5
powers (for example, f + f ). However, they can bear an
orientational symbol. Indeed, since all powers in the Taylor
expansion are odd, the orientation of the tangent function is
the same as that of the friction angle f. Notice that Eq. 34
involves the square of a tangent function, which is orientationless. Indeed, its Taylor series expansion contains even
and odd powers of f, and it cannot be balanced unless each
term is orientationless (notice that the series terms containing odd powers of f may still be orientationless, as long as
the series coefficient has orientation).
Functions with no definite parity (which are neither
even nor odd) need to have both dimensionless and direcx
tionless arguments. For example, e

5

Santos & Freitas

e x =1 + x +

x2 x3 x4
+
+
+K
2
6 24

(35)

If x =
& l z , it can be concluded that the orientational balance of Eq. 35 is:
lex =
& l0 +lz +

l z2
2

+

l z3
6

+K

(36)

lex =
& l 0 + l z + l 0 + l z +K

(37)
Figure 4 - Stress components in the Cartesian coordinate system.

which is not directionally balanced. Therefore,
ex =
& l 0 , for x =
& l0

(38)

Frequently, an apparently orientational exponent is
rendered orientationless by a pre-factor with a directionality that must be taken into account. This prefactor often
contains p (3.1415 ...), which is observed in the expression
for Nq, since e(p.tanf) would violate the orientational balance,
if p had no direction. Because tan f =
& l z , its can be concluded that p =
& lz :
p tan f =
& l z ×l z =
& l0

(39)

and therefore
e ( p tan f ) =
& l0

(40)

The whole expression for Nq is therefore balanced as
æ æ p f öö
N q = e ( p tan f ) ç tanç + ÷ ÷
è è 4 2 øø

(41)

(42)

And finally, orientational analysis of Nc gives
N c = ( N q -1) cot( f)
Nc =
& (l 0 - l 0 ) × l z-1 =
& l 0 ×l z =
& lz

(43)

The orientational balance of Eq. 1 will be checked by
determining the orientational symbol for qrup, q, c, g and B.
The coordinate system in Fig. 4 will be adopted, with the
load applied vertically along the y axis.
Some symbols are readily recognized as:
ly
ly
P
s= =
=
=
&
&
& l0
A l x ×l z l y
q rup =

6

ly
ly
weight of structure
=
=
=
&
&
& l0
Area
l x ×l z l y

(46)

g=

ly
ly
weight of sand mas
=
=
=
&
&
& ly
Volume
l x ×l y ×l z l 0

(47)

B=
& ly
s=

ly
ly
P
=
=
=
&
&
& l0
A l x ×l z l y

(48)

To determine the orientational symbol of c, its definition will be used in terms of the shear failure envelope
curve, given by t = c + s.tanf. This gives:
(49)

which is balanced only if c has orientation lz. Then, it is obtained by dimensional analysis of Eq. 1:
1
g × B× N g
2
l0 =
& l z × N c + l 0 × N q + l 0 ×l y ×l x × N g
q rup = c × N c + q × N q +

The balance of Ng is also obtained as
Ng =
& l 0 × (l 0 + l 0 ) × l z =
& lz

ly
ly
weight of overburden
=
=
=
&
&
& l0
Area
l x ×l z l y

t = c + s tan f =
& c + l 0 ×l z =
& c +lz

2

N g = 2( N q + 1) tan( f)

q=

l0 =
& lz ×N c +l0 ×N q +lz ×N g
with this, it is concluded that the orientational symbol of Nq,
Ng and Nc should be respectively l0, lz and lz, in agreement
with the results in Eqs. 41, 42 and 43. So Eq. 1 is directionally balanced.
3.2. Orientational analysis of the Vesic equation for determination of generalized and non-generalized rupture
As already shown in Eq. 5, the rigidity index, proposed by Vesic (1973), is given by:
Ir =

(44)

(45)

(50)

G
c + s med tan f

First, a orientational analysis of the Elasticity Theory
equations must be performed, especially the relationship
between stresses and strains. At first, normal strain does not
carry a directionality
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ex =

DL x l x
=
=
&
& l0
Lx
lx

(51)

But eij is a tensor. In fact, for tensors, the diagonal elements have no direction, so that e xx =
& l 0 is to be expected.
This helps to understand the direction of the elastic
modules. Hooke’s law can be expressed in three dimensions, where each normal strain is related to the three components of normal stress by the material properties, E and n:

Keeping the axes as in Fig. 4, the directions of the
length and width of the foundation base are respectively
lB =
& l x and l L =
& lz .
As demonstrated previously in Eq. 38, e x =
& l 0 , for
x=
& l 0 , and the exponent cannot be directionally non-trivial.
Therefore (3.30 - 0.45 BL ) cot( 4p - f2 ) should be l0. But what
happens is:
l ö
Bö æ p fö æ
æ
& çç l 0 - l 0 × x ÷÷ × l æ p f ö
ç 3.30 - 0.45 ÷ cotç - ÷ =
Lø è4 2ø è
l z ø cot ç 4 - 2 ÷
è
è
ø

1
[ s x - n( s y + s z )]
E

(52)

1
e y = [ s y - n( s x + s z )]
E

(53)

Bö æ p fö
æ
& (l 0 - l 0 × l y ) × l æ p f ö
ç 3.30 - 0.45 ÷ cotç - ÷ =
cot ç - ÷
Lø è4 2ø
è
è4 2 ø

1
e z = [ s z - n( s x + s y )]
E

(54)

Bö æ p fö
æ
& (l 0 - l y ) × l æ p f ö
ç 3.30 - 0.45 ÷ cotç - ÷ =
cot ç - ÷
Lø è4 2ø
è
è4 2 ø

ex =

Since the orientational symbols of sx, sy, sz, ex, ey and
ez, are l0, as shown in Fig. 5 and Eq. 51 ,then by balancing it
can be seen that E and n are also l0. With this, it can be concluded that G, shear modulus, also has direction l0, since:
E
2(1 + n)
l0
G=
=
&
& l0
2(1 + l 0 )
G=

(55)

Thus, the rigidity index (Eq. 5) has direction lz, since:
Ir =

G
c + s med × tan f

(56)

l0
l0
l
Ir =
=
=
& lz
&
&
& 0 =
& l 0 × l z-1 =
l z + l 0 ×l z l z + l z l z
In order to be comparable to Ir, the critical rigidity index of soil Ir crit should be orientationally consistent, i.e., it
should carry an orientational symbol lz. However, when analyzing the orientational balance of this equation, a
orientational inconsistency is found. According to Eq. 6,
the critical rigidity index, for the cases of drained sand analysis, is given by:
I r critical =

1 ( 3. 30 - 0. 45 BL ) cot( p4 - f2 )
e
2

Figure 5 - Strain matrix and orientational deformation matrix.
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(57)

B
The operation æç 3.30 - 0.45 ö÷ coton the right-hand
Lø
è
side of Eq. 57 is inconsistent with orientational balancing,
and therefore there must be something unphysical about
this empirical critical rigidity index.

4. Conclusions
One may conclude that bearing capacity factors are
directionally consistent. Often, a new proposal for a more
accurate estimation of the bearing capacity factors Nc, Nq
and Ng is presented in the literature (Michalowski, 1997).
The analysis presented here may provide a fast consistency check for these expressions. For instance, Nc and Ng
must be odd functions of the friction angle f, while Nq
must be even.
Although a orientational balance does not guarantee
the accuracy of the equation, something may be stated
about an unbalanced equation. For instance, the rigidity index equation for determining the limit between a generalized and a non-generalized rupture is not balanced. Vesic,
in his article entitled “Bearing Capacity of Deep Foundations in Sand” (Vesic, 1963), shows experimental results in
tests with circular and rectangular plates on the surface of
the sandy soil. In each test, the rupture is classified as generalized, local or punching.
In Table 1, the experimental results are compared
with the predictions from the analytical equation of critical
rigidity index. The results shown in bold do not match those
obtained experimentally. With this, it can be concluded that
the criterion of Vesic is inaccurate in this regime. Furthermore, the injudicious use of this criterion jeopardizes the
safety of the foundations, since a prediction of generalized
failure when the soil is actually well-compressible may result in an overestimated ultimate load capacity (disregarding the necessary correction factor). The inadequacy of this
equation could be anticipated by the orientational analysis
of the proposed equation, which clearly raises doubts about
this expression.
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Table 1 - Experimental results (Vesic, 1963) and the analytical result (Vesic, 1975).
Test #

Experimental results [Vesic (1963)]

Rigidity Index criterion [Vesic (1975)]

B (m)

gd (kN/m )

f (°)

Failure

E (kN/m2)

(Ir)crit

Ir

Failure

0.05

15.37

43.15

General

1,821.75

359.58

3,463.46

General

21

14.90

41.09

Local

1,820.36

263.39

3,681.14

General

22

14.38

38.85

Local

1,820.43

192.85

3,934.37

General

23

13.23

34.10

Punching

1,811.57

107.58

4,581.91

General

15.50

43.72

General

2,476.09

393.74

2,506.39

General

41

15.02

41.61

Local

2,476.26

284.25

2,665.09

General

42

14.58

39.70

Local

2,479.70

216.41

2,815.84

General

43

13.34

34.54

Punching

2,464.05

113.11

3,317.25

General

15.41

43.33

General

3,057.14

369.95

2,053.11

General

62

14.89

41.04

Local

3,059.30

261.49

2,193.6

General

63

14.69

40.18

Local

3,059.14

231.33

2,250.15

General

64

15.22

42.49

Punching

3,058.21

324.55

2,103.16

General

15.41

43.33

General

3,530.08

369.95

1,778.05

General

81

15.25

42.62

General

3,531.21

331.10

1,814.55

General

82

15.25

42.62

General

3,531.21

331.10

1,814.55

General

83

14.09

37.63

Local

3,528.89

164.46

2,105.97

General

15.44

43.46

General

1,764.97

903.27

3,542.85

General

34

44

0.10

61

0.15

84

16
1

0.20

rectangular
0.051 x 0.30

3

14.99

41.48

Local

1,766.13

640.82

3,750.94

General

2

14.72

40.31

Local

1,766.21

529.55

3,882.37

General

3

13.45

34.98

Punching

1,759.65

244.54

4,586.13

General

In Civil Engineering problems, the power of orientational analysis, unlike dimensional analysis, is not yet well
explored and can lead to important advances. The mathematical structure of the laws of elasticity and plasticity allows their broad application and can guide efforts in determining appropriate empirical equations for quantities of
interest.
The elastic modulus E was not provided in Vesic
(1963), but an expression is reported in Vesic (1973) associating this modulus to the mean normal stress
2
2
E = E1 s m / s1 , with E1 = 39,180.65 kN/m (364 ton/ft )
being the modulus at mean normal stress of s1 =
2
2
104.64 kN/m (1 ton/ft ).
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Experimental Study of the Group Effect on the Bearing
Capacity of Bored Piles in Sandy Soil
J. Melchior Filho, V.H.F. Bonan, A.S. Moura
Abstract. A foundation design must meet at least the following basic requirements: a) acceptable deformations under the
working conditions; b) adequate safety against soil failure; and c) adequate safety against failure of structural elements. For
the pile design, depending upon the spacing adopted among them, a pile may affect the other’s behavior. This occurs both
in terms of bearing capacity and settlement. Researches on the group effect of bored piles in typical soils of Fortaleza
(Northeast Brazil) is scarce, which justifies and motivates studies on the subject. The aim of the research reported here was
to evaluate the group effect of bored piles in sandy soil, typical condition of the city of Fortaleza. An experimental
campaign with 26 piles was performed on a site inside the campus of the Federal University of Ceará (Experimental Field
of Geotechnics and Foundations of the Federal University of Ceará). The results of tests on single piles and groups were
compared with estimations based on methods presented in the literature. The tested piles were observed to behave only by
side friction, and group effect was noticed for all spacings investigated.
Keywords: bearing capacity, bored pile, group effect, pile group.

1. Introduction
The execution process of bored piles can cause changes in geostatic stresses due to decompression of ground
during excavation. In cohesive soils and above the water table, decompression is expected since no casing is used. On
the other hand, in non-cohesive soils, metallic casing is
placed with the advance of excavation, which may reduce
soil expansion and, consequently, stress relief. Between
these two extremes, there is the possibility of execution
with the use of stabilizing fluid.
During the execution of bored piles, a portion of loose
soil remains at the pile toe, which cannot be removed by the
drilling tool (piling auger). This effect will cause a reduction in the pile bearing capacity (Scallet, 2011). Pérez
(2014) studied the behavior of these piles via slow-type
static load tests. Three diameters of instrumented bored
piles were evaluated. The author shows that the load transfer occurred to a large extent by side resistance, and a larger
displacement would be necessary to mobilize the base resistance because of the loose soil at the pile toe.
The load-displacement response of piles is different if
executed alone or in groups. When executed in groups, interactions occur among several piles during the load transfer to the soil mass. This interaction creates a stress superposition, which affects the load-displacement response of
the pile group. In order to quantify this group effect, several
authors use mainly the spacing among piles of the same

group or neighboring caps and the soil characteristics (Vesic 1969).
The geotechnical literature provides several methods
for the estimation of bearing capacity and displacement of
single piles. However, pile groups are often adopted in
foundation design. When piles are executed close to each
other, the load-displacement response of the group can
change according to the spacing between piles, when compared to a single pile.
According to NBR 6122 (ABNT, 2010) the group effect on piles is the interaction of various elements that constitute a foundation when transferring loads to the ground.
This interaction involves a superposition of stresses, usually causing different displacement of isolated elements,
which changes the individual behavior of each pile of the
group. The Canadian Foundation Engineering Manual,
CGE (1992), recommends that the group effect can be disregarded if the space between two piles is larger than 8 diameters (D).
The soil-structure analysis of a pile group represents a
complex problem because the group effect can be influenced by: the pile installation method; the type of load
transfer (floating pile or end bearing pile); the nature of the
foundation soil mass; the three-dimensional geometry of
the group; the presence of the pile cap; the pile cap relative
stiffness. (Chan, 2006).
According to Poulos (1993), there are several uncertainties in the applicability of the different methods for pre-
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dicting the behavior of pile groups, regarding bearing capacity and displacement, mainly due to the scarcity of
documented cases, particularly for bored piles.
The efficiency of a pile group can usually vary with
the influence of soil excavation, the type of soil and its
compactness, and the spacing between the piles. Silva &
Cintra (1996) performed 6 static load tests, two of them on
single piles with cap, and the others on pile groups with cap.
The pile groups were: one 2-pile group (1 x 2); two 3-pile
groups, one in line pile group (1 x 3) and the other in triangular shape pile group (3D); and one 4-pile group arranged
in square shape (2 x 2). The authors also analyzed the influence of the cap on the bearing capacity of the pile groups.
The efficiencies found with and without contribution of the
cap, respectively, are: 1.15 and 0.90 (1 x 2); 1.17 and 0.92
(1 x 3); 1.20 and 1.09 (3D); 1.07 and 0.97 (2 x 2). All the
piles were manually drilled type piles with 0.25 m diameter
(D), 6 m length, and 3D pile spacing.
Sales (2000) found efficiency of 100 % for piled footings with 4 bored piles with 0.15 m diameter, 5 m in length
and 5D pile spacing (s). On the other hand, Garcia (2015)
found efficiencies of 79.1 % (2 piles), 69 % (3 piles) and
76.1 % (4 piles). Garcia (2015) carried out static load tests
on piled rafts composed of mechanically excavated piles of
0.25 m in diameter and 5 m in length. The piled rafts comprised two, three and four piles, spaced 5D.
For piles embedded in loose sandy soils, the literature
reports that the efficiency would be maximum for a spacing
of 2D due to the effect of compaction caused by the vibration of the process (Kézdi, 1957; Stuart et al., 1960). The
efficiency returns to about 100 % for a pile spacing of 6D.
Meyerhof (1976) suggests adopting efficiency of 2/3 for a
pile spacing (s) from 2 to 4D for groups of bored piles in
sand.

Vesic (1969) conducted a study in which a series of
experiments in a reduced scale model was performed in the
field with groups of 4 and 9 instrumented piles in sand. The
author compared the bearing capacity of pile groups with
the bearing capacity of single piles. The piles had 10 cm in
diameter and 150 cm in length, and were driven into the
ground using a pile driver, with spacing between axes from
2 to 6 diameters. The groups were tested in two scenarios:
in medium dense homogeneous deposit (Dr = 65 %); the
second one is composed of two layers, a top layer of loose
sand (Dr = 20 %) and a bottom layer of dense sand
(Dr = 80 %)
Few studies are observed in the literature related to
the group effect of bored piles in sandy soils, and still less in
tropical soils typical of those that occur in Fortaleza. Within
this context, this work aims to contribute to better understanding of the group effect on bored piles in sandy soils.
The objective of this research is to evaluate, experimentally, through static load tests performed on groups of excavated piles, the group effect on sandy soil profiles in terms
of the bearing capacity of the piles.

2. Materials and Methods
2.1. Experimental site
The present study was carried out in the Experimental
Field of Geotechnics and Foundations of the Federal University of Ceará (-3.752297 S, -38.572821 W), located according to Fig. 1.
2.2. Characterization tests
The sieve analysis was performed on soil samples obtained at depths of 1.0 to 2.0 m, because it is the length of
the piles. The particle-size distribution of the soil samples
obtained are shown in Fig 2.

Figure 1 - Location of the experimental site.
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Figure 2 - Granulometric curve of the soil layer in depths of (a) 1.0 m and (b) 1.5 m.

According to the particle-size distribution, the soil is
predominantly sandy, and its composition is approximately
78 % sand in the most superficial portion and 73 % sand in
the soil present between the depths of 1.5 to 2.0 m, which
was classified according to NBR 6502 (ABNT, 1995). In
the curves, the portions of fine sand, medium sand and
coarse sand are highlighted, respectively, by red, blue and
green lines. The values of specific gravity of grains in
depths of 1.0 and 2.0 m varied between 2.62 and 2.64, respectively.
2.3. Standard penetration test
The soil sampling carried out together with the Standard Penetration Test indicated a predominantly sandy-silt
soil profile up to 7.45 m depth. The water level was found at
the depth of 7.36 m. The NSPT values varied from 12 to 18
blows/30 cm at 4.45 m depth and, from there, decreased to
4 blows/30 cm at 7 m depth.
Using the method proposed by Odebrecht (2003), the
efficiency of percussion drilling was estimated at 72 %. The
value of 72 % is nearly coincident with the standard adopted in Brazil. To evaluate whether the semi-empirical methods used in this research, which do not specify reference
efficiency could lead to more consistent Qult predictions, the
NSPT values used in this research were also corrected to the
reference efficiency of 60 % (Table 1), which is the stan-
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dard adopted in the United States (Odebrecht, 2003;
Skempton, 1986).
2.4. Execution of isolated and group piles
The pile work load was defined according to the Brazilian Standard for Design and Construction of Foundations NBR 6122 (ABNT, 2010). Groups of 2 and 4 piles
were constructed varying the spacing between the piles, in
addition to two other isolated piles. Table 2 presents some
geometric information of the pile groups.
Table 1 - Corrected values of NSPT for 60 % efficiency.
Depth (m)

NSPT

Corrected values of NSPT
Odebrecht
st
(1 case)

Odebrecht
nd
(2 case)

Average
values

0.4

15

20

18

19

1.0

12

16

14

15

2.0

15

20

18

19

3.0

18

24

22

23

4.0

18

24

22

23

5.0

6

8

7

8

6.0

3

4

4

4

7.0

4

5

5

5

13

14

10
150
5
5
50
210
50
80
80
4
10

4

10

10
150

150
5

5
5

5
40

35
195

200
40

35
65

70
70

65

4
9

3

4
8

2.5

10
150
5
5
30
190
30
60
60
4
7

2

10

10
150

150
5

5
5

5
35

30
190

195
35

30
30

30
70

60

2
6

4

2
5

3

10
150
5
5
25
185
25
30
55
2
4

2.5

10

10
150

150
5

5
5

5
20

20
180

180
20

20
30

30
50

30

2
3

1
2

2

10
150
5
5
20
180
20
30
1

-

30

Cap height (cm) Lean conc. (cm) Excavation (cm)

Pile length
(cm)
Reductions

Length
(cm)

Width
(cm)

Height
(cm)

Total length
(cm)

Piles
Pile caps
s/D

Number of
piles

1

The Static Load Tests (SLT) were performed with the
load applied in quick stages based on the recommendations
of the Brazilian Standard NBR 12131 (ABNT, 2006). Ho-

Group

2.5. Static load tests

Table 2 - Summary of geometric information of piles and caps.

The construction of the piles happened within two
consecutive days, being constructed 13 piles per day. The
groups of 4 piles had two piles constructed per day, in diagonal arrangement and the groups of 2 piles had one pile
constructed per day. The excavation was performed with a
shell-type driller. At the beginning of the procedure, a certain amount of water was added to the hole to facilitate the
excavation. The following procedure was used for pile
grouting: placement of the steel cage; concrete mixing into
a 400 L concrete mixer, then measuring the slump of the
mixture through the Slump test and releasing for launch.
The concrete was poured with buckets of 18 L in order to
estimate the volume released. Finally, the concrete was
densified manually using a metal rod. The slump adopted
was between 22 and 24 cm, and the characteristic compressive strength (fck) was 20 MPa.
The piles caps were executed later with no contact
with the ground and, therefore, there was no contribution of
the caps for group capacity. For caps with 2 and 4 piles, the
spacing between piles was adopted as 2D, 2.5D, 3D and
4D, in which D is the pile diameter. In addition, two caps
for single piles were executed, which gives 26 piles distributed in 10 caps. To avoid the group effect between nearby
caps, a minimum distance of 8D between caps was adopted,
as suggested by the literature (CGE, 1992). In order to evaluate the load distribution on the pile, two separate piles
were executed, one of them with Styrofoam at the toe, thus
the toe bearing capacity is assumed to be null.
Regarding the application of the methods for designing larger piles than those in this study, Nasr (2014) stated
that the factors that must be considered in the usage of
small-scale models are the soil particle size, construction
techniques and boundary conditions. According to Franke
& Muth (1985), scale error is not relevant for a ratio of the
pile diameter to the mean grain size (D50) greater than 30.
Since in this study the pile diameter is 10 cm, and D50 is approximately 0.3 mm, such condition is fulfilled. Regarding
the remaining factors, the tests presented in this research
are supposed to represent the behavior of full-scale bored
piles installed in a similar type of soil as the models. Therefore, the small-scale tests performed are considered as representative of full-scale foundations.
As previously reported, a similar study was performed by Vesic (1969) in which a series of experiments in
a reduced scale model was performed in field with groups
of 4 and 9 instrumented piles. The piles had 10 cm in diameter and 150 cm in length but were driven into the ground
using a pile driver, with spacing between axes from 2 to 6
diameters. The groups were installed in sand profiles of different relative density.

Pile diameter
(cm)
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wever, during the tests, 7 to 9 loading stages and 3 unloading stages were performed. The number of load stages was
defined aiming to adjust the duration of the tests to the time
available for the research. For this reason, only 3 stages
were adopted for the unloading stages. In addition, situations occurred in which, before reaching the maximum expected load stage, failure happened, which led to the end of
the loading stage.
The displacements were monitored with 4 dial gages,
in 0, 1, 2, 5 and 10 min. The arrangement of the dial gages
in diametrically opposite positions allows for the evaluation whether, throughout the tests, the applied load remains
centered over the cap. In cases where displacement stabilization was observed before 10 min, the next stage was performed. The limiting factor for the execution of these tests
was the reaction system.
The reaction system was composed of a loaded truck
and a metallic I-beam, whose axis was positioned over the
pile cap (transversely). The load tests assembly is shown in
Fig. 3.
Initially, slow load tests (SLT) were performed on 2
isolated piles. The first test was performed by subjecting
the pile to the predicted compressive capacity taking into
account both shaft and toe bearing capacities. The second
load test was performed on an identical pile to the previous
one, including, however, a Styrofoam disc at the pile toe in
order to eliminate the toe bearing contribution to the pile
bearing capacity.
Subsequently the load tests were performed in groups
of 2 and 4 piles varying the spacing between piles (2D,
2.5D, 3D and 4D).

In order to predict the bearing capacity of the groups
of piles, methods commonly found in the literature were
used to estimate the efficiency (Feld’s Rule (Feld, 1943)
and a rule of uncertain origin - both found in Poulos & Davis (1980), Converse-Labarre (Bolin, 1941), Los Angeles
Group Action equation - in Das (1998), and Sayed &
Bakeer, 1992).

2.6. Bearing capacity predictions

3.2. Bearing capacity predictions

The semi-empirical methods of Aoki & Velloso
(1975), Décourt & Quaresma (1978) with contributions by
Décourt (1996), and Teixeira (1996) were used to estimate
the bearing capacity of the isolated piles.

Table 3 shows the estimated bearing capacity, Qult, of
the isolated piles, as well as the portion due to the shaft friction, Q1, and to the toe resistance, Qp, respectively, considering the two groups of NSPT values considered.

3. Analysis and Discussion of Results
3.1. Results and analysis of load tests
Figure 4 shows the results of the slow load tests performed on the isolated pile, with and without the toe bearing capacity. Both tests were performed with the application of 8 loading stages and 3 unloading stages. Figure 4
shows practically coincident curves, which implies that in
the piles’ bearing capacity there is no contribution from the
toe.
It is worth mentioning that the maximum displacement of the pile without Styrofoam at its toe was 7.12 mm
and its residual displacement was 6.83 mm. And for the pile
with Styrofoam at its toe the maximum displacement was
9.59 mm and the residual displacement was also 9.59 mm.
Figure 5 shows the load-displacement responses obtained from the tests performed on the groups with 2 piles
and Fig. 6 shows the results of the tests performed on the
groups of 4 piles.
The pile group with 4D spacing exhibited failure at
th
the 4 loading stage, corresponding to 68.7 kN. Subsequently, an integrity problem in one of the piles of the
group was confirmed by means of excavation around the
pile, which prevented the test to be continued.

Figure 3 - Illustration of SLT performed: (a) perspective; (b) top view.
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Figure 4 - Load-displacement curves of the isolated piles with and without toe bearing contribution.

Figure 5 - Load-displacement curves of the groups with 2 piles.

Figure 6 - Load-displacement curves of the groups with 4 piles.

The method of Teixeira (1996) presents the highest estimated values of Qult, followed by Aoki & Velloso (1975)
and Décourt & Quaresma (1996) methods. By comparing
the estimates made from corrected and uncorrected values of
NSPT, the correction of the efficiency to 60 % increased, in all
methods used, the Qult estimates by about 25 % above those
made using NSPT values without efficiency correction.
Table 4 shows a comparison of the estimated Qult of
the isolated pile, obtained from corrected and uncorrected

16

NSPT values as a function of the efficiency, with the
reference value, 68.6 kN, which was obtained through the
results of the SLT. The mentioned table presents the values
of Factor of Safety (FS) obtained for each method when the
values presented in Figure 7 are divided by 2 and taken as
the pile work load. The Qult predictions using semi-empirical methods are lower than the reference value, with values up to 4.4 times lower, even when the corrected NSPT
values are used. The closest estimate was obtained with the
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Table 3 - Summary of Qult, Ql, and Qp estimated of isolated piles.

Corrected e = 60 %

47.1

19.8

27.4

increased with the pile spacing increase. The highest values
were obtained for the rule of uncertain origin (Poulos & Davis, 1980). The values of efficiency below unit obtained in
the current study are in agreement with the indications for
bored piles in sand by Meyerhof (1976), it suggests that an
efficiency of 2/3 for pile spacing from 2 to 4 diameters.

Décourt &
Field
Quaresma (1996) Corrected e = 60 %

33.1

17.2

15.9

3.3. Bearing capacity determination

40.9

20.8

20.0

Teixeira (1996)

Field

50.5

26.0

24.5

Corrected e = 60 %

63.6

32.8

30.8

Method

NSPT

Qult
(kN)

Ql
(kN)

Qp
(kN)

Aoki & Velloso
(1975)

Field

37.3

15.7

21.6

Table 4 - Comparison of the estimated Qult of the isolated pile, obtained from corrected and uncorrected NSPT values and values of
Factor of Safety (FS) obtained for each method.
Method

NSPT

Aoki & Velloso
(1975)

Field

Qult

FS

37.3

3.7

Corrected e = 60 %

47.1

2.9

Décourt & Quaresma Field
(1996)
Corrected e = 60 %

33.1

4.1

40.9

3.4

Teixeira (1996)

50.5

2.7

63.6

2.2

68.6

-

Field
Corrected e = 60 %

Slow load test

method of Teixeira (1996) and using the corrected NSPT values. However, even in this case, the estimated value was 2.6
times lower than the reference value.
Tables 5 presents estimated values of efficiency for
groups of 2 and 4 piles, respectively. And Table 6 presents
the predicted bearing capacity for the groups of piles as a
function of spacing (s/D), which were determined by multiplying the number of piles in the group by the estimated efficiency and by the ultimate capacity of a single pile
(68.6 kN), obtained via load test on the isolated pile.
For almost all methods, except for the Feld’s Rule
that provides a constant value, the efficiency of the group

The bearing capacity of the isolated piles and the
groups of piles were determined from the results of each
slow load tests.
Figures 7 and 8 show the graphs for the determination
of the ultimate load (Qult) using the Van der Veen (1953)
method and the Décourt (1996) method, which is based on
the stiffness of the foundation.
The load value corresponding to the failure obtained
visually in the load-displacement curve for the single pile,
was compared with values obtained by Van der Veen
(1953) and Décourt (1996). Figures 7 and 8 present similar
values obtained by Van der Veen (1953) and Décourt
(1996). Van der Veen (1953) estimated the ultimate load at
68.6 kN and by Décourt (1996) the estimated value was
slightly higher, 74.2 kN. So the value adopted for the ultimate load (Qult) from the SLT’s is 68.6 kN. The adoption of
this value is due to the fact that Van der Veen’s (1953)
method provides the physical ultimate load, in the same
way as the semi-empirical methods used in the present research, and the results are compared below.
Table 7 shows the Qult values obtained by the Van der
Veen (1953) method for single pile and pile groups. The efficiency (h) of the pile groups is also shown in Table 7, obtained by dividing Qult of the group by the number of piles in
the group, times Qult of the single pile (68.6 kN). According
to these results, the group efficiency was lower than one.
For groups with larger spacing, the efficiency reduced or
remained almost constant. Finally, groups with s/D greater
than or equal to 3 showed that the efficiency remained
lower than one, and it indicates that there was group effect
at all spacings investigated.

Table 5 - Efficiencies of the groups with 2 and 4 piles.
Methods

Efficiencies
Feld’s Rule

Groups
with 2
piles

Groups
with 4
piles

s/D

s/D

2

Rule of uncertain origin Converse-Labarre

0.94

0.94

0.84

Los Angeles Sayed & Bakeer (1992)
0.92

0.76

2.5

0.94

0.95

0.87

0.94

0.79

3

0.94

0.96

0.89

0.95

0.80

4

0.94

0.97

0.92

0.96

0.83

2

0.81

0.83

0.68

0.78

0.61

2.5

0.81

0.86

0.75

0.83

0.67

3

0.81

0.89

0.79

0.86

0.71

4

0.81

0.92

0.84

0.89

0.76
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Table 6 - Estimates of capacity for the groups with 2 and 4 piles corrected with efficiency.
Methods

Bearing capacity (kN)
Feld’s Rule

Groups
with 2
piles

Groups
with 4
piles

s/D

s/D

Rule of uncertain origin Converse-Labarre Los Angeles Sayed & Bakeer (1992)

2

128.6

128.6

115.4

126.3

103.8

2.5

128.6

130.3

119.7

128.5

107.8

3

128.6

131.5

122.6

129.9

110.4

4

128.6

132.9

126.3

131.7

113.7

2

223.0

228.0

187.0

215.3

168.3

2.5

223.0

237.3

204.5

227.1

184.1

3

223.0

243.4

216.2

235.0

194.5

4

223.0

251.2

230.7

244.8

207.7

Figure 7 - Determination of Qult for the isolated pile using the Van
der Veen (1953) method.

Figure 8 - Determination of Qult for the single pile using the
Décourt (1996) method.

Afterwards, a comparison between the estimated ultimate load of the groups of 2 and 4 piles was carried out, for
all the spacings investigated, and the respective reference
values, obtained experimentally from the load tests.
For the 2-pile group and s/D = 2, the method that presented the closest estimate to the reference value was Converse-Labarre method, being 2.4 % higher. The other
methods presented values ranging from 7.9 % lower to
21.8 % higher than the reference value. In the same way, for
the 2-pile group and s/D = 2.5, it is noted that the closest estimate to the reference value was Converse-Labarre, being
0.5 % lower. The other values obtained presented variations from 10.4 % lower to 14.1 % higher in relation to the
reference value.

On the other hand, for the 2-pile group and s/D = 3,
the method that provided the closest estimate to the reference value was Sayed & Bakeer (1992) method, however
with a value higher than the one obtained in SLT. Again it is
observed that, for the 2-pile group and s/D = 4, the prediction closest to the reference value was given by the Sayed &
Bakeer (1992) method, however, with a value higher than
the one obtained in SLT. And all the other estimates were
higher than the reference value.
For the 4-pile group and s/D = 2 and 2.5, the predictions closest to the reference value were the ones proposed
by the Sayed & Bakeer (1992) method, however, with a
value higher than the reference value. The predictions made
with the other methods were higher than the reference
value, obtained through the SLT. Comparing the values of
Qult with the reference value for the 4-pile group and
s/D = 3, the estimates provided by all methods were higher
than the reference value, with the Sayed & Bakeer (1992)
method showing the most concordant result with the reference value.
Figures 9 and 10 compare the bearing capacity obtained by the SLTs for the groups with 2 and 4 piles. In
these same figures are also indicated the Qult that the groups
would have if there was no group effect (without GE), and

Table 7 - Qult values estimated for the single pile and pile groups.
s/D

Qult (kN)

h

Isolated

-

68.6

-

2

2

114.0

0.82

2

2.5

121.7

0.88

2

3

99.0

0.71

2

4

95.5

0.69

Number of Piles
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For 2-pile groups, the larger the pile spacing the lower
the group efficiency is. This trend was not observed in tests
with pile spacing between 2D and 2.5D. Similarly, for
4-pile groups, no reduction of h is observed with the increase of pile spacing.

4. Conclusion
Figure 9 - Comparison of the Qult values obtained by SLT for the
groups of 2 piles with s/D = 2, 2.5, 3 and 4.

Figure 10 - Comparison of Qult values obtained via SLT for the
4-pile groups with s/D = 2, 2.5 and 3.

which were determined by the Qult product of the isolated
pile obtained experimentally by the number of piles in each
group.
According to Figs. 9 and 10, the group effect can be
noticed in all the groups and all the spacings, because the
bearing capacity of the groups was lower than the product
of single pile Qult by the number of piles in the group. For
the 4-pile group, this effect was more intense, reaching a
value 2.4 times lower than when compared to the hypothesis of disregarding the group effect. It is worth mentioning
that, if disregarding the group effect, the designer can lead
the structure to failure, since the FS normally adopted is 2.
Finally, a graph of the efficiency vs. the spacing is presented in Fig. 11.
Figure 11 shows that the group efficiency was, in all
cases, less than 1.0. For the groups of 2 piles, an average
value of h = 0.78 is observed and, for groups of 4 piles, the
average efficiency was 0.44. Values of h lower than 1.0 are
in agreement with the literature for bored piles in sand
(Meyerhof, 1976 and O’Neil, 1983).

The accomplishment of this research allowed us to
conclude that:
• Comparing the results of the SLTs performed in isolated
piles, with and without Styrofoam disc at the toe, it was
observed that the excavated piles bore all the applied
load only by its lateral friction;
• The estimates of bearing capacity of isolated piles calculated by the semi-empirical methods proposed by Aoki
& Velloso (1975), Décourt & Quaresma (1978) and
Teixeira (1996) were in disagreement with the experimentally obtained values. Among the methods used,
Teixeira’s method (1996) provided the closest estimates
to the values obtained from the load tests performed;
• For isolated piles, the use of NSPT values corrected for
60 % efficiency led to closer Qult predictions than experimentally obtained values;
• Regarding the pile groups, the methods of ConverseLabarre and Sayed & Bakeer (1992) initially presented
convergent estimates (2 piles and s/D equal to 2 and 2.5).
On the other hand, for the other configurations, the estimated values were higher than those measured in the
static load tests performed. The methods of Feld’s rule,
uncertain origin rule and Los Angeles equation presented estimates higher than the values obtained in the
load tests performed in all situations;
• In all groups of piles (with 2 and 4 piles and s/D equal to
2, 2.5, 3 and 4) the group effect was verified;
• Lower efficiency values (h) were obtained in the 4-pile
groups than in the 2-pile groups, indicating that for the
investigated spacings, the group effect was more intense
in the groups with the highest number of piles. This was
due to the larger volume of soil contained between the
piles of these groups. In this research, the group effect
was even more intense because the piles worked exclusively by lateral friction.
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Swelling Research of Expansive Soil
Under Drying-Wetting Cycles: A NMR Method
G.F. Wei, J.G. Dong
Abstract.The main purpose of this study is to examine the influence of drying-wetting cycles on the swelling of disturbed
expansive soil at the micro-scale. Swelling curve - the relationship between swelling displacement and water-absorbing
time - is measured based on specimens that experienced 0-4 drying-wetting cycles. Assisted by Nuclear Magnetic
Resonance (NMR), the stage characteristic and mechanism influencing swelling curve are analyzed from a pore-change
perspective. Specimens that experienced 1-4 cycles show a higher swelling rate when compared with the specimens
without drying-wetting cycles; the swelling rates of each swelling curve are found to decrease with an increasing
water-absorbing time. These swelling curves are divided into rapid-swelling stage, slow-swelling stage, and slow-stable
stage, where three straight lines are used to fit these stages to each curve. The swelling displacement of the specimen
increases after the first cycle, whereas it decreases gradually during the following cycles. Changes of pore structure at each
stage are considered to be the main factor affecting the swelling rate during the saturating process. Some fine particles and
water-soluble cements are lost after multiple cycles, and some smaller pores are converted into larger pores, resulting in an
increase in volume and a decrease of swelling displacement. Moreover, the increase of larger pores and the suction
difference after various cycles are important factors leading to the difference of the swelling curve and the swelling
displacement.
Keywords: drying-wetting cycles, expansive soil, NMR test, pore change, suction.

1. Introduction
Expansive soil, a special clay with high expansibility,
fissures, and overconsolidation, is found in more than 40
countries such as China, the United States, and Canada
(Laureano & John, 2017). Because of its constitutive hydrophilic minerals, for example, montmorillonite, illite,
and kaolinite, expansive soil undergoes volumetric swelling or shrinkage with adsorption or desorption of water;
moreover, these displacement changes based on water content have a certain repeatability (Osman, 2018). Swelling
displacement is considered to be a main expansive soil disaster causing the most serious damage (Khazaei & Moayedi, 2019). The swelling ratio is approximately predicted by
the initial water content, the plastic index, and the initial dry
density, as these factors are considered to be important factors affecting the swelling characteristics in previous studies (Villar & Lloret, 2008; Signes et al., 2016; Elbadry,
2017). Furthermore, factors such as mineral composition
(Lin & Cerato, 2012), matric suction (Fredlund, 1983),
and pH value have also been proved to have a good linear
relationship with the swelling ratio; however, the displacement of expansive soil cannot be accurately calculated by
the general unsaturated soil model due to its change of
stress state and softening characteristics (Qi & Vanapalli,
2016). In addition, different stages of the swelling curve

have their own particularity rather than a linear relationship
between swelling displacement and water-absorbing time
(Xiao et al., 2005), whose mechanism is not clear yet.
On the other hand, expansive soil in shallow layers inevitably experiences drying-wetting cycles because of rainfall and evaporation. After repeated drying-wetting, the
attenuation of modulus (Li et al., 2013), penetration resistance (Wang et al., 2016), and shear strength (Raja &
Thyagaraj, 2019) are observed, which seriously threatens
the buildings founded on it (Jablonowski et al., 2012).
Jablonowski et al. (2012) suggested that the drying-wetting
cycle promotes the enrichment of inorganic materials in the
soil, forming cementation with certain cohesion whose
dilatancy is one of the factors affecting the expansive potential of soil (Mehta & Sachan, 2017). After the repeated
action of “in and out” of rainwater, how the swelling characteristic of expansive soil changes is also a problem to be
considered in preventing engineering disasters. Similar to
the drying-wetting cycle, the change of pore structure is another important factor related to the difference of swelling
characteristics (Tahasildar & Rao, 2016). Mercury intrusion porosimetry, a traditional method for pore structure
testing, causes error when operated at a high pressure (Aldaood et al., 2014). By being non-destructive, convenient,
and keeping the pore intact, NMR is becoming more and
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more important in the study of geotechnical works (Kleinberg et al., 2003).
This study focuses on exploring the intrinsic relationship between swelling displacement and changes of pore
structure. Based on the previous researches, the swelling
characteristics of disturbed expansive soil under various
drying-wetting cycles are investigated in this study; NMR
technology is then used to discuss the changes of pore
structure of expansive soil with the variation of water content and the accumulating cycles. The swelling rate of each
stage and the total swelling displacement are tested. Moreover, the soil-water characteristic curve (SWCC) after various drying-wetting cycles is also discussed because of its
influence on the swelling characteristics.

2. Material and Methods
2.1. Basic properties of the soil used
Expansive soil used in this study is from depths between 2.0 m and 4.0 m under the subsurface of Nanning
City, China. The soil was typical gray expansive soil with
fissures, plasticity, strong stickiness, high water content, a
small quantity of unweathered rock, and iron-manganese
concretions. This soil, whose basic parameters and minerals are listed in Table 1, was classified as weak expansive
soil according to relevant standards (GB 50112, 2013; ISO
17892-4, 2016; ISO 17892-12, 2018).
2.2. Specimen preparation
Compared with undisturbed soil, disturbed soil is
without natural composition and cementation, which causes greater swelling displacement that threatens the buildings when meeting water (Frías-Guzmán & HernándezMarín, 2019). Therefore, disturbed soil was used in this
study. To achieve an equalized water content, wet soil with
a water content of 12.0 % was firstly prepared and maintained in a sealed bag for more than 48 h before performing
the tests. To eliminate the impact of iron on the magnetic
field, a polytetrafluoroethylene-cutting sample ring
(F 40 mm ´ 60 mm) was used instead of a conventional
steel one. Subsequently, using the static pressure method,
specimens with a diameter of 40.0 mm and a height of
40.0 mm were compacted at optimum moisture content
(OMC), as the soil of subgrade and foundation engineering
is usually compacted at OMC. Finally, three specimens

3

with a density difference less than 0.02 g/cm were divided
into one group for the swelling test.
2.3. Swelling test
The swelling test was performed by a lever-consolidometer, where the swelling displacement was recorded by
a dial indicator (range: 10.0 mm, accuracy: 0.01 mm). To
avoid the specimen going beyond the top of the cutting
sample ring during the swelling process, the selected specimen was removed into a cutting sample ring specially designed with a diameter of 40.0 mm and a height of 60.0 mm.
The specimen together with the polytetrafluoroethylene
cutting sample ring were placed into the consolidometer by
using the testing method recommended by standards (JTG
E40, 2007; ISO 17892-7, 2017), and the reading of the dial
indicator was then recorded. Subsequently, distilled water
was added to cover the bottom surface of the specimen to
provide a free water-absorbing process. During the first
20 min, the reading of the dial indicator was recorded every
5 min while it was recorded every 10 min in the rest of the
first 2 h, and then the recording time was changed according to the swelling rate of the specimen. When the value
difference between the two readings in 2 h was less than
0.01 mm, the swelling displacement was considered to be
stable. If the reading difference of them was less than
0.1 mm, the average value of three specimens was recorded
as the vertical swelling displacement; otherwise, additional
parallel tests were needed. Following the swelling process,
the saturated specimen was dehydrated to a scheduled
weight in a humidity-controlled chamber (range: from
-20 to +120 °C, accuracy: ± 0.05 °C) at a temperature of
40 °C (here, the water content was approximately 5 %). At
this point, a drying-wetting cycle was completed. The follow-up process of swelling and drying-wetting cycle is
similar, where the repetition is unwanted.
2.4. NMR testing instrument and procedure
The testing instrument used in this work is a
MiniMR-60 made in China. The magnetic field intensity of
the instrument is 0.52 T, the temperature of the magnet is
maintained at 32 ± 0.01 °C, and the effective testing area of
the testing tube is F 60 mm ´ 60 mm. The testing procedure
of this study is as follows: (1) Preparing soil specimens
(F 40 mm ´ 40 mm); (2) Different drying-wetting cycles
were completed in the polytetrafluoroethylene cutting sam-

Table 1 - Selected geotechnical properties of the soil obtained by testing.
wL (%)

45.30

wP (%)

22.10

IP (%)

23.20

def (%)
57.00

Gs

2.72

Pe (kPa)

169.00

Mineral composition (%)
Gibbsite

Kaolinite

Illite

Quartz

6.44

23.1

25.46

45.00

Note: wL is liquid limit; wP is plastic limit; IP is plastic index; def is free swelling ratio; Gs is specific gravity of soil particle; Pe is swelling
force.
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ple rings, except for the specimen of cycle 0; (3) All specimens were saturated with distilled water for 48 h; (4)
Performing NMR relaxation measurement on saturated
specimens experienced various cycles; (5) Collection and
analysis of testing data.

3 Result Analysis and Discussion
3.1. Swelling curves under different cycles
To better discuss the influence of drying-wetting cycles on swelling characteristics, swelling curves of samples
subjected to between 0 to 4 drying-wetting cycles are listed
in Fig. 1, where the X axis is water absorbing time and the Y
axis is vertical-swelling displacement. As the focus of this
study is the swelling characteristic of soil affected by various drying-wetting cycles, the values observed within the
th
N cycle disregarded the displacements of the previous cycle. Vertical displacements of the Nth cycle start from the
same initial condition, since these displacemens are net displacements based on a dried specimen that experienced
(N - 1)th cycles.
3.2. Trend analysis of swelling curves
Cumulative vertical displacement, in this study, is
equal to the volume swelling of the specimen since the lateral swelling is restricted by the cutting sample ring. Having similar trend, swelling curves under various cycles
rapidly grow with the increase of water-absorbing time, and
then slow down and achieve a stable state (Fig. 1). Before
cycling, a lowest swelling rate is observed, in which
230 min are consumed to finish ninety percent of the swelling displacement. From the 1st to the 4th cycle, however,
only 100 min are consumed to achieve the same quantity of
swelling displacement, cutting off about 130 min. This phenomenon can be explained by the changes of pore structure.
During the absorbing process of cycle 0, the specimen is
compacted with a low water content, the diameter and distribution of pores are approximately uniform, where water

Figure 1 - Relationship between vertical displacement and time
under different cycles.

Soils and Rocks, São Paulo, 43(1): 21-30, January-March, 2020.

is forced to rise evenly and slowly by capillarity. After the
larger pores are filled with water and are swelled, water is
allowed to enter smaller pores to complete the remaining
10 % of the swelling displacement. A dehydration process
is experienced during the drying-wetting cycle, causing a
smaller contact angle between water and particles than that
caused in the wetting process (Kholodov et al., 2015).
These changes reduce the distance between particles and
shrink the pores. Moreover, some fine particles are moved
by the water to a smaller pore and stopped to form a pore
throat. Therefore, when the specimen encounters water
again, the water rises rapidly along the finer holes, completing more than 90 % of the expansion in two hours because
of the larger suction caused by smaller capillart cross section.
As shown in Fig. 1, the relationship between the
swelling displacement and water-absorbing time cannot be
accurately fitted by one curve alone because of its differences between stages, where the hyperbola (Xiao et al.,
2005), a combination of curve, and straight line are used to
fit these relationships. Considering the water absorbing
characteristics of each swelling stage, the example data of
cycle 3 are divided into 3 stages, namely, 0-30 min, 3090 min, and beyond 90 min, and then three straight lines are
used to approximate each stage. Figure 2 shows the fitting
curve with a good conformance and high correlation coefficients (all above 0.9); the maximum error between observed displacement and the fitted displacement is about
0.1 mm; the swelling rate, the angular coefficient in the
equation of the fitted lines, decreases in turn along the three
stages.
3.3. Swelling rate analysis of each stage
Noticed from Fig. 2, a significant difference in the
swelling rate is observed among the three stages, namely
the rapid-swelling stage (0-30 min), slow-swelling stage
(30-90 min), and slow-stable stage (beyond 90 min). For a
clearer understanding of the influence of drying-wetting

Figure 2 - Comparison between the fitted and observed data.
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cycles on swelling rate, these swelling rates experienced in
different cycles are listed in Fig. 3, where the X axis represents the swelling stage and the Y axis is the gradient of the
fitting line (Fig. 2) at each swelling stage.
Figure 3 shows that the swelling rates of the second
and the third stage are close to each other, while a large gap
(about 300 %) among first stages is observed. For the specimens that experienced no drying-wetting cycles, the difference of swelling rate at each stage is not so eye-catching
(about 60 %). For the specimens that experienced 1-4 cycles, a significant difference (about 290 %-370 %) of swelling rate at each stage is revealed, where the largest swelling
rate at stage one is about 4 times that of stage two. The relationship between swelling rate and water absorbing stage
under 1-4 cycles can be approximated by a logarithm curve
(Eq. 1), where k is the swelling rate, x represents the water
absorbing stage (value 1, 2, 3).
k = -0.05581 ln( x) + 0.0584

(1)

The authors believe that the water absorption and
swelling is a process where pores are gradually filled with
water, which is also a process of gradual transition from the
unsaturated state to saturated state. Therefore, an unsaturated part always remains before the entire saturation is
reached because of the gradual spreading of water from the
bottom to the top of the specimen. Based on the difference
of saturating process, the unsaturated soil is acceptably divided into three stages, i.e., the water sealing stage, the both
opening stage, and the gas sealing stage (Yu & Chen,
1965). In the first swelling stage with a low degree of saturation, the gas in pores is connected only, and the water is
separated by gas and soil particles. At this point, a water
film is formed due to the migration of capillary water,
swelling rapidly the particles (Gonen et al., 2015). The gas
in pores is compressed and driven out of the specimen as
the pore is contracted, so that water rapidly flows into the
inner part of the specimen and the outside water quickly enters the pores. At this stage, the specimen has a higher

Figure 3 - Swelling rate at each stage under different cycles.
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swelling rate corresponding to the first stage of the swelling
curve (Fig. 2). With the gradual increase of the saturation
degree, the both opening stage it reached, in which both water and gas are connected and with their own channels to
soil particles. Here, the swelling displacement of the soil
particles contacting with water is basically completed, reducing the gas in pores, blocking some local pores, and
causing a need of larger pressure to expel gas out. Accordingly, the reduced swelling rate at this stage shows a similar
characteristic to the second stage in Fig. 2. After the swelling curve grows to the third stage, the gas sealing stage is
reached via increasing the water in the specimen, gas in
pores are surrounded and divided into bubbles. The water in
the pores, in this case, is connected although few remaining
bubbles are not, and the stability of swelling is coming.
3.4. Swelling under different drying-wetting cycles
After different cycles of drying and wetting, the total
swelling displacement (vertical displacement) shown in
Fig. 4 is obviously different. The swelling displacement of
the specimen increases by about 20 % after the first cycle,
and it then decreases with the accumulating of cycle number. The radial shrinkage of the specimen is found to be
greater than the vertical shrinkage during the drying process due to the larger radial size of the specimen, which
causes vertical compression of the soil particles. Therefore,
after a drying process, the height of the specimen is greater
than 20.0 mm (initial height), and the radial size of the specimen is less than 61.8 mm. Based on previous studies, the
authors think that during the process of drying, pores are
contracted after the water is discharged, and contraction
stress on the pore is applied because of the surface tension
of water, which intensifies the shrinkage of the pore (Dadashev & Dzhambulatov, 2015). Moreover, since some
non-recoverable displacement is destined to occur in the
drying process, the vertical swelling capacity of the specimen is greater than that of the radial after the first cycle

Figure 4 - Swelling displacement under various drying-wetting
cycles.
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(Komine & Ogata, 1994; Steiner, 1993). After the 2-4 cycles, however, the swelling displacement decreases with
the accumulating of drying-wetting cycles, because the cycles all carried out on a same basis of dehydration and contraction, and because of the gradual accumulation of nonrecoverable displacement.
The fissure in the specimen is believed to also be a
reason for the differential swelling displacement. The SEM
image of the specimen after one cycle is shown in Fig. 5a,
while a similar image after four cycles is displayed in
Fig. 5b. Soil particles after cycle 1 are closely contacted as
th
the specimen is in a shrinking state (Fig. 5a). After the 4
cycle, nevertheless, obvious fissures are observed, and
most of them are developed along the vertical direction
(Fig. 5b). The force hindering the lateral displacement is
decreased because of the loss of strength between particles
on the fissure surface. Consequently, the specimen is further broken with the increasing number of drying and wetting cycles, weakening the swelling ability gradually.

4. Nuclear Magnetic Resonance Test
The NMR refers to the resonant transition nucleus between energy levels under an external magnetic field. Under such a field, the number of protons and the duration (T2)
of the spin axis of protons restored to initial equilibrium after being deflected are obtained (Schaumann, 2011; Conte
et al., 2017). This quantity can be represented as an area
distribution of the T2 curve, from which the pore size and
the ratios of different sizes in the soil can be calculated, allowing calculation of the water content. When a pore is
spherical, the duration (T2) is related to the pore radius by
Eq. 2, where r2 is the surface duration strength determined
by the physical and chemical properties of the particle surface (Coates et al., 1999), R represents the pore radius, and
(S/V)pore is the ratio of the pore surface area to the volume of
fluid inside. As a fast, nondestructive testing technique, the
NMR technique is widely used in the fields of medicine,
well water exploration, and oil exploration, for example
(Malz & Jancke, 2005; Pauli et al., 2012). In this study, the

proton was used to explore the effect of the water content
and drying-wetting cycles on the pores.
1
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4.1. Analysis of T2 curves with different water content
Specimens (F 40 mm ´ 40 mm) in this section were
free to swell vertically. After a quantity of distilled water
was dropped into, the specimens were maintained in a
sealed bag for more than 48 h to obtain a uniform water
content. Experiments on 7 specimens with water contents
of 10 %-28 % were completed using the method in section
2.4, and the T2 curves were compared and analyzed, as
shown in Fig. 6.
The NMR relaxation time related to the pore distribution is proportional to the pore radius of the specimens. Figure 6a shows that only one peak is observed in the T2 curves
with different water contents (from 10 % to 28 %), and
these peaks are concentrated between 0.75 ms-2.3 ms. A
uniform pore size was obtained by the static pressure
method because the pore size of the specimen is mainly distributed between 0.10 ms-11.02 ms, and micropores
(0.01 ms-0.1 ms) and macropores (³ 11.02 ms) are seldom
found. The movement of the T2 peaks to the right proved
that some smaller pores gradually transform into larger
pores to increase the proportion of larger pores in the specimen.
The integral area of the T2 curve represents the total
quantity of pores in the specimen (Fig. 6a), and a non-negligible difference among these areas was observed for
multiple water content values (Chukov et al., 2015). When
the water content increases from 19 % to 22 %, the volume
of water in the pore increases greatly. However, only a
small increase in the water volume is observed when the
moisture content is within 10 %-19 % and within 22 %28 %. This can be explained by the local expansion in the
soil swelling process. After the entry of water, the crystal
layer as well as the soil particle swells, the pores are

Figure 5 - SEM images after (a) cycle 1, (b) 4 cycles.
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Figure 6 - T2 curves affected by water content in saturating process: (a) T2 curves with water content from 10 % to 28 %, (b) Areas of the
T2 curves under different water content.

squeezed, and larger suction and expansion rate are observed. For continuous water entry, the maximum water
film on the particle surface is achieved, and the swelling of
the soil tends to stability.
The integral area of the T2 curve relative to the X axis
is listed in Fig. 6b, which shows the variation in the integral
area of the T2 curve with varying water absorption. The integral area of the T2 curve and the water content can be represented by a linear function (y = 364.51x - 2921.3), and the
correlation coefficient is R2 = 0.9787. The integral area of
the T2 curve is very sensitive to the change in the water content because it increases by approximately 11.6 times for a
small change (18 %) in water content, and the water absorption is also directly related to the swelling characteristics of
expansive soil. Therefore, the NMR can be used as an important method to study the displacement characteristics of
expansive soil.
4.2. Analysis of T2 curves under different cycles
The T2 curves that experienced various cycles have
two peaks (Fig. 7a). These former peaks are larger but indicate a shorter relaxation time, and the peak value of the latter peaks having a larger relaxation time is smaller. The

relaxation time is proportional to the pore radius of the
specimen, and the quantity of voids of a size less than this
radius is represented by the size of the peak (Conte et al.,
2017). The integral area of the T2 curve represents the total
quantity of pores in the specimen. The smaller pores are
represented by the integral area of the first peak, whereas
the larger pores are characterized by the integral area of the
second peak.
Figure 7a shows that the peaks of the T2 curves do not
change significantly with accumulating drying-wetting cycles, but the T2 curves tend to increase as the cycle number
increases, particularly the later peaks. In conclusion, the
larger pores (5 ms-100 ms) are significantly affected by
drying-wetting cycles, whereas smaller pores (0.01 ms5 ms) are insensitive to the change in cycles. This may be
due to the difference in pore structure caused by specimen
particle composition, which results in the distinction of
“S/V” inside the specimen, and ultimately leads to diverse
relaxation time. The relaxation is weakened with larger aperture, and the amplitude of the T2 curve is smaller (Jaeger
et al., 2006). On the contrary, the smaller aperture enhanced the relaxation, and a larger amplitude of the T2 curve
is observed. Each integral area is shown in Fig. 7b, where A

Figure 7 - T2 curves under different number of drying-wetting cycle: (a) T2 curves under 0-4 cycles, (b) Integral areas of T2 curves, where
A represents the total quantity of pores, B is the integral area of larger pores, and C is the integral area of smaller pores.
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represents the total quantity of pores, B is the integral area
of larger pores (the later peaks), and C is the integral area of
smaller pores (the former peaks). Both the total integral
area and the integral area of larger pores are found to increase with the accumulation of drying-wetting cycles. A
slight fluctuation (about 5.3 %) of the integral area of
smaller pores is discovered after the 4th cycle; whereas, the
integral area of the larger pores increased by about 35 %,
which is close to the increase of the total integral area. In
short, the total volume and the average radius of the pores
are significantly increased with the growing of cycle numbers. These results can be explained by the structural effect
caused by the drying-wetting cycles. Water quickly enters
the specimens along the formed fissures, an expansive
force is produced on the fissures. Therefore, some small
pores swell into larger pores and new small pores are
formed at the same time. As indicated by curve B in Fig. 7b,
the increasing quantity of larger pores is associated with additional cycles. The change between the integral area of
larger pores and the cycle number is expressed by Eq. 3,
where S is the integral area of larger pores and N represents
the number of cycles; the correlation coefficient is
R2 = 0.9464.
S = 245.41N + 2712.7

(3)

Generally, there are two reasons for the change in
pore structure of soil, one is the change of the position and
the contact state between soil particles (Shein et al., 2017),
and the dissolving of the cementation formed by watersoluble salt is the other factor. During the drying-wetting
cycles, the physical and chemical effects of the soil-water
system accelerate the dissolving of cementation, smoothing
or expanding the pores. Accordingly, the pore structure of
the soil is changed. A specimen without drying-wetting cycles has smaller pore volume, and the proportion of smaller
pores and larger pores is relatively close (Fig. 7b). At this
point, the water holding capacity of unsaturated soil is limited with a uniform pore radius, and a relatively gentle
swelling rate is observed (Fig. 1). After various cycles,
however, the small pore that provides higher water holding
capacity is almost unchanged while the larger pore increases, which increases the contact area between the specimen and water. Ther.efore, the swelling rate of the specimen obviously increases after experiencing drying-wetting
cycles (Fig. 1). When it comes to the change law of swelling displacement, the authors think that a greater electrostatic force is found on the surface of the fractured soil divided by fissures in the cycling process, increasing the total
swelling displacement of the specimen (Rojvoranun et al.,
2012). After some cementation and fine particles being
taken away by the repeated streaming of water, the swelling
capacity of the specimen is reduced.

Soils and Rocks, São Paulo, 43(1): 21-30, January-March, 2020.

4.3. Microstructure analysis in drying-wetting cycle
During the drying-wetting cycles, the pores of expansive soil can be divided into two types: the pores between
agglomerates and the pores inside agglomerates (Pulat et
al., 2014). After the first cycle, smaller solid particles form
a larger particle (agglomerate) because of flocculation. The
pores between such agglomerates are larger than those inside the agglomerates, achieving a skeleton-gap structure
as indicated in the right part of Fig. 8. Weaker polymers are
observed between such agglomerates, where smaller particles are easier to be taken away by water. Figure 8 shows
the process how water flows into and out during the drying-wetting cycle, gradually taking away smaller particles
and water-soluble cementation in soil. Subsequently, pores
between particles increase, the ratio of macropores increases, and the total swelling displacement decreases.
4.4. Suction effect on swelling
The matric suction, an important factor forcing the
water migration, changes a lot after different drying-wetting cycles (Espitia et al., 2019). To further explore the relationship between cycle number and the swelling characteristic, soil water characteristic curves (SWCC) under
different cycles were tested via the saturated salt solution
method where the specimens that experienced different cycles were dehydrated in a humidity-controlled chamber.
These SWCCs at high pressure were then determined following the drying path. The saturated salt solution and the
corresponding suction value used in this test are shown in
Table 2. The water content of the specimen is changed because of the difference of pressure produced by various solutions. The Young-Laplace formula and Kelvin formula
(Gane et al., 2009) were used to deduce the measured data
of water content vs. matric suction, as shown in Fig. 9.
The water content gradually decreases with an accumulating suction, and the influence of drying-wetting cycles on suction mainly occurs at the higher water content
(above 3 %). A weak influence is observed when the water
content is lower than 3 %; subsequently, the SWCCs tend
to be stable and to be close to each other (Zhang et al.,
2014). A lower water content provides a larger suction
causing a greater swelling rate of specimen. Then the suction attenuates with the increase of water content, and a
lower swelling rate is observed (Fig. 2). In conclusion, as a
result of the suction caused by the drying and wetting cy-

Figure 8 - Microstructure of expansive soil in drying-wetting cycle.
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Table 2 - Saturated salt solution and corresponding suction
(25 °C).
Saturated salt solution

HR (%)

Matric suction (MPa)

LiBr

6.37

371.79

LiClH2O

11.30

294.40

CH3COOK

22.51

201.35

MgCL26H2O

32.78

150.60

K2CO3

43.16

113.45

NaBr

57.57

74.55

KI

68.86

50.38

NaCL

75.29

38.32

KCL

84.34

22.99

K2SO4

97.60

3.28

a short time, is sensitive to water, and the swelling rate
(swelling speed) slows down with the increase of water-absorbing time.
2) The swelling rate of each stage is significantly different,
which is roughly divided into the rapid-swelling stage,
slow-swelling stage, and slow-stable stage. Fitted by
three straight lines, the swelling curves under different
cycles show a reasonable fitting error (less than
0.1 mm).
3) Based on NMR tests, a good linear relationship between
pore volume and water content is observed. The change of pore structure during the drying-wetting process
is believed to be the key inducer leading to the difference of the swelling rate. The drying-wetting cycle
mainly increases the volume of larger pores, while
showing a less influence on the smaller. Some smaller
pores are converted into larger pores because of the
loss of fine particles and water-soluble cement.
4) The three-stage difference of unsaturated soil, namely,
the water sealing, both opening, and gas sealing is a
key reason related to the difference of the swelling
rate. In addition, fragmentation and the suction performance after experiencing multiple cycles are also associated with the swelling characteristic.
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Figure 9 - Soil water characteristic curves by saturated salt solution method.

cles, especially at the higher water content, the divergence
of swelling rate and the swelling displacement is smaller at
the first swelling stage, while it is larger at the second and
the third stages (Fig. 2).

5. Conclusion
This study characterized the influence of drying and
wetting cycles on the swelling characteristics and the swelling displacement of expansive soil. Drawing support from
the T2 curves measured by the NMR technique, changes of
pore structure under different water content and under various drying-wetting cycles were analyzed. Moreover,
affecting the swelling characteristic, the SWCCs after different cycles were also discussed. The following conclusions can be drawn.
1) A similar trend of swelling characteristics and swelling
displacement are found among specimens that experienced different cycles. The studied expansive soil,
completing 90 % of the total swelling displacement in
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Residual Shear Strength of a Residual Soil of Granulite
M. Heidemann, L.A. Bressani, J.A. Flores
Abstract. This paper discusses the residual shear strength of a granulite residual soil that was involved in a large landslide
in Brazil. The residual strength was investigated because of the great mobility achieved by the soil after failure. The
experimental program comprised physical and mineralogical characterization and residual shear strength measurements.
Direct shear tests show a progressive breakage of soil structure. In the tests the soil showed brittleness under the higher
normal stresses. The residual friction angle measured in direct shear test is about 12.0°, remarkably smaller than 25.0°
measured in peak. For ring shear tests a linear failure envelope indicates a friction angle of 7.7°. The mobilization of the
residual condition imposes a severe fall in shear strength and may explain the mobility presented by the soil during the
reported landslide. Particle size analysis indicated that the material becomes finer after more energetic sample preparation,
but the shearing did not cause significant particle disintegration. Most of the published correlations between the residual
friction angle and clay fraction or plasticity index do not apply to this material.
Keywords: direct shear, residual strength, residual soil, ring shear, structured soil.

1. Introduction
Residual shear strength is important in understanding
the stability of old landslides, in the assessment of the engineering properties of soil deposits which contain preexisting shear surfaces and for risk assessment of progressive failure in new and existing slopes (Lupini et al., 1981;
Skempton & Petley, 1967; Skempton, 1985). It is also important for the design of remedial measures (Stark & Eid,
1994) and for the understanding the role of residual
strength in first time failures (Mesri & Shahien, 2003).
In problems associated with mobility of soil mass after instabilities due to liquefaction, some researchers use
the term residual shear strength to describe the fully softened strength of soil (Norris et al., 1997; Wang et al., 2007;
Dewoolkar et al., 2015). In such cases, the concept of residual shear strength is taken as the drop of shear strength by
changes in porosity and excess of pore pressure in an undrained failure rather than by the processes described in the
former papers (e.g.: Skempton & Petley, 1967; Skempton,
1985).
In 2008, hundreds of landslides were reported in
Southern Brazil after heavy rainfalls, many of them involving residual soils of granulite. In a specific case, the failure
was triggered 14 days after the main rains ceased. The mobilized soil mass, detached from a 50 m high elevation, presented a high mobility and travelled about 500 m as a
mudflow along a flat area until deposition.
One hypothesis is that after the landslide triggering
the shear strength had dropped to residual values along the
failure surface and inside the unstable soil mass, causing
the acceleration and fluidization (with undrained condi-

tions) of the soil. When the shear strains cause a decrease in
the soil friction angle to values lower than the fully softened
(critical value) and undrained conditions are created, the
displacements necessary to reach equilibrium will be very
large.
Considering this case, a study about residual shear
strength of the soil involved in these landslides was conducted in order to investigate the validity of this hypothesis
and to contribute to the understanding of the residual
strength of tropical soils. This study was conducted in terms
of drained residual shear strength and aimed to measure the
shear strength parameters and assess the effects of the
shearing process to the integrity of soil particles. Some observations concerning the influence of test type on the
strength parameters measured, the form of sample preparation and the validity of correlations between residual friction angle and soil physical properties have been made.
Drainage conditions during the movement of the unstable
mass are not further discussed here.
Both direct shear device and ring shear device can be
used to measure residual friction angle (f’r) as both allow
unidirectional shearing of a soil specimen, but the second is
considered the most reliable. But only the ring shear apparatus can apply large shear strains (or large displacements)
without reversing the direction of the shearing process
(Bishop et al., 1971; Bromhead, 1979; Tika, 1999; Suzuki
et al., 2007; Skempton, 1985; Stark & Eid, 1994; Watry &
Lade, 2000). Although ring shear apparatus are not commonly found, and many designers and researchers use direct shear tests results, Vithana et al. (2011) have shown
that measurements of f’r from direct shear are almost 2
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times higher than those obtained from ring shear in tuffaceous clay and mudstone samples; circa of 1.02 to 1.3 in
loess, siltstone and alluvial loess samples. Chen & Liu
(2013), on the other hand, measured similar values of f’r
using both techniques.
Most studies related to residual shear strength are focused on sedimentary and artificial soils (Skempton &
Petley, 1967; La Gatta, 1970; Bishop et al., 1971; Townsend & Gilbert, 1973; Kenney, 1977; Lupini et al., 1981;
Skempton, 1985; Skempton & Vaughan; 1993; Stark &
Eid, 1994; Tiwari & Marui, 2005; Wang et al., 2007; Toyota et al., 2009; Eid et al., 2016). There is much less residual shear strength data from residual soils formed through
rock alteration under tropical and sub-tropical environments (Tanaka, 1976; Wesley, 1977; Boyce, 1985; Simões,
1991; Lacerda & Silveira, 1992; Rigo et al., 2006).
Since mineralogy can control residual shear strength,
as suggested by Hawkins & Privett (1985), Skempton
(1985), Stark & Eid (1994), Chattopadhyay (1972), Vaughan et al. (1978), Meehan et al. (2010) and Collotta et al.
(1989), much of the knowledge about residual shear
strength of sedimentary and laboratory mixed soils does not
necessarily apply to tropical residual soils (Boyce, 1985).
In addition, Rigo et al. (2006) showed that measured values
of f’r in tropical soils from Southern Brazil are affected not
only by soil mineralogy, effective normal stress and particle size distribution but also by particle weathering, parent
rock and pedogenetic processes. That may be the reason
why many authors have reported that largely used correlations between residual friction angle and simple physical
indices, developed for sedimentary soils, do not apply to residual soils (Hayden et al., 2018; Stark & Hussain, 2013;
Wesley, 2003; Stark & Eid, 1994; Boyce, 1985).
Since the works of Charles & Soares (1984), Hawkins
& Privett (1985) and Skempton (1985), many other researchers have shown that the shear strength envelopes of
clayey and plastic soils are nonlinear, especially at a low effective normal stress (Stark & Hussain, 2013; Stark & Eid,
1994; Mesri & Shahien, 2003).
Particles of some residual soils can suffer disintegration by manipulation during the sample preparation or during the tests, as shown by Collins (1985), Silveira (1991)
and Rigo (2005). Soils with partly altered minerals are
prone to be crumbled. Thus, it is not simple to define precisely/definitely the amount of clayey or silty particles on
these soils in order to predict the residual friction angle
through a correlation and if the failure envelope will be linear or nonlinear.
Hoyos et al. (2014), Infante Sedano et al. (2007) and
Merchán et al. (2011) showed the effects of suction on the
residual strength of soils. Such results are important on
soils that occur in unsaturated state and this condition is important in large areas of the world. For soils in tropical and
humid areas and for failures preceded by rainy periods, the
suction role does not seem significant considering that be-
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cause of the high saturation degree the suction level tends to
be low (but should be evaluated in each case).

2. Soil Description
The soil studied occurs in Vale do Itajaí, Santa Catarina state, South Brazil. The coordinates of the studied area
are UTM 696995E and 7024013S. The elevation is around
58 m above the sea level. The material was mobilized in a
landslide that occurred in 2008, 14 days after a main event
of heavy rainfalls (more than 700 mm/4 days). Such heavy
rainfalls occurred after a period of more than 60 rainy days.
The landslide scar and the deposited soil are shown in
Fig. 1, as well as the 500 m path followed by the soil after
the failure.
The soil is a residual soil from granulite that regionally occurs in soil profiles of thickness larger than 50 m
without lateritic features even at small depth. A careful
field inspection confirmed that relict structures were absent
in the scar. Its main soil physical properties are presented in
Table 1.

Figure 1 - Aerial view of studied area (a) and the mobilized soil
after the landslide (b and c).
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Table 1 - Summary of physical properties.
(1)

47

(1)

31

wL

wP

(1)

16

(2)

2.65

PI
G
gd

11.9 kN/m

e

3

1.21

wnat
(3)

Sr

(3)

40.7 %
87 %

(1)

(2)

According to D4318/2010 (ASTM); According to
D854/2010 (ASTM); (3)Measured 8 months after the event.

The soil water characteristic curve (SWCC), previously determined in accordance with the recommendations
of D5298/2010 (ASTM), revealed that for the range of saturation degree in which this soil was sampled the suction
levels were lower than ~50 kPa. Considering the very wet
period that preceded the landslide, the expected suction values should have been even lower. So, it is unlikely that suction had any significant role in the failure process and it was
not taken into account.
In its natural state, the soil is composed mainly by silt
as shown in the particle size curve (Fig. 2) obtained with the
use of dispersive solution, according to procedures described in D422-63/2007 (ASTM). Before sieving, the
crumbs of the soil were broken up using a mortar and rubber covered pestle. Care was taken to prevent disintegration
or reduction of individual particles, using enough force as
necessary to break up the aggregations without destroying
the individual particles. The results revealed about 20 % of
clays and the soil is classified as a silt of low plasticity (ML)
by the Unified Soil Classification System - USCS (ASTM
D2487/2011). Tests without the dispersive solution were

also carried out and the difference between them is shown
in Table 2 with the clay fraction being the most affected.
The differences observed in Fig. 2 may be in part explained through the analysis with Scanning Electron Microscope (SEM). The images reproduced in Fig. 3 were
made from crumbles carefully extracted from the inner part
of an undisturbed sample. The crumbles had about 5 mm diameter and before the analysis they were air dried for 96 h
and then oven dried for 24 h. Metallization of these samples
was made by a first layer of carbon and a second layer of
gold. SEM analysis was carried out in a SEM model JEOL
JSM5800.
As shown in Fig. 3a some of the clay particles are
grouped together forming clusters of silt and sand size.
Other particles are adhered to larger particles (Fig. 3b).
Feldspar crystals appear very altered and sometimes the
cleavage planes are opened being susceptible to disintegration under mechanic actions (Fig. 3c).
In mineralogical terms, the soil is formed mainly by
quartz, feldspars and kaolinite. Small amounts of illite and
smectite were also found in X-ray diffractometry. These
analyses were carried out in soil samples composed by particles smaller than 2 mm. With these fraction 4 pastilles
were prepared: the first was analyzed in natural condition
without orientation (powder), the second was analyzed in
natural condition with orientation, the third was previously
saturated with ethylene glycol (to find expansive minerals)
and the last was previously heated at 550 °C for 2 h (for a
better detection of kaolinite). The analyses were made using a diffractometer Siemens Bruker AXS, model D5000
with a goniometer q - q. The results were assessed with basis in the reference spectra of the JCPDS database.

3. Experimental Program
The soil was sampled in 15 cm edge blocks, in accordance with Brazilian Standard NBR 9604/1986 (ABNT).
The blocks were extracted from the same location, in the
middle of the landslide scar, which would represent around
6 m depth on the original profile. There was no visible heterogeneity in the exposed soil profile, except for the upper
layer of organic topsoil.
Table 2 - Percentages of fractions obtained in the tests.
Fraction(1)

Figure 2 - Particle size curves of studied soil.
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With dispersive
solution

Without dispersive
solution

Gravel

0

0

Coarse sand

0

0

Medium sand

1.92

1.73

Fine sand

18.75

19.81

Silt

63.87

78.09

Clay

15.46

0.37

(1)

According to NBR 6502/1995 (ABNT).
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Figure 3 - Scanning electron microscopy images: (a) Detail in the
box: silty size clusters formed by clays and fine silts; (b) Detail in
the box: clays adhered to large quartz particle; (c) Cleavage of an
altered feldspar crystal.

The position and orientation of the block samples
were registered before moving them to the laboratory. Undisturbed specimens were trimmed from these blocks in order to guarantee that the shearing would occur in the same
direction as the field failure. This was considered important
as the original rock is metamorphic and the soil structure
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may preserve an anisotropic behavior. Direct shear tests
have been carried on these undisturbed specimens according to general recommendations of D3080/2004 (ASTM).
The tests were carried out in saturated condition under effective normal stress of 50, 100, 200 and 380 kPa.
Drained tests were chosen as they seem to represent the soil
condition up to the onset of larger mass displacements. After the landslide triggering, the shear conditions probably
changed to undrained conditions due to the dramatic rate
increase (there is no field monitoring to support this assumption).
Computation of the shear rate based on values of t90
(t = 11.6.t90) pointed out to a shear time of about 100 min.
Considering the soil classification (ML) the authors decided to use a value 2 times larger than the 200 min suggested by the D3080/2004 (ASTM) for this kind of soil.
The shear rate chosen was 0.016 mm/min that corresponds
to ~400 min for a displacement of 7.5 mm. Each specimen
was sheared 4 times: 3 reversal tests were carried out after
the first one. To execute the reversals, normal stresses were
reduced to 50 kPa and, after repositioning the specimen in
the starting point, the required normal stress was applied
again, and the new shearing stage started.
Ring shear tests were carried out following the
D6467/2006 (ASTM) instructions in an equipment originally described by Bromhead (1979). This apparatus requires remolded specimens, which were prepared with the
soil fraction passing in the #40 sieve. Before sieving, the
crumbs of the soil were broken up using a mortar and rubber covered pestle. Care was taken to avoid disintegration
or reduction of individual particles, using enough force as
necessary to break up the aggregations without destroying
the individual particles (as recommended in D6913/2009
(ASTM)). This procedure aimed to keep the microstructural features of the soil. Moisture content was corrected in
order to reach the plastic limit (wP = 31 %) as suggested by
Stark & Vettel (1992) and Bromhead (1986). Distilled water was added to a soil sample of known dry mass and manually mixed and homogenized. The sample was kept
hermetically closed in a bag for 48 h in order to obtain homogenization. The ring shear cell was filled manually,
pressing the soil with a spatula until filling up the shear cell.
The tests were performed with effective normal stress ranging from 25 to 600 kPa adopting a single stage technique
(i.e. for each stress level one specimen was tested). Prior to
the measuring test, a pre-shearing step was carried out to
rapidly reach the residual strength condition (Anayi et al.,
1988; Stark & Vettel, 1992). The rate used during the tests
was 0.12°/min (0.089 mm/min), which is considered slow
enough to prevent the occurrence of excesses of pore pressure. The drainage occurs through the top and the bottom of
the specimen where there are porous rings.
The granulometry of the soil used in one ring shear
test (s’ = 200 kPa) was determined before the test after
specimen assembling and after the test with the soil sample
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being taken from the region along the shear surface. As the
amount of soil available was small, sieving and sedimentation procedures could not be used. Laser scanning was employed instead, using a CILAS 1180 apparatus without the
use of dispersive agents. The analyses were made in a powder sample through the consideration of their light-scattering properties based on ISO 13320-1/2009 recommendations.

4. Results and Discussions
The initial physical characteristics of soil specimens
used in direct shear tests are shown in Table 3. All the specimens presented almost the same unit weight, porosity and
saturation degree with the exception of the specimen used
in the test under effective normal stress of 380 kPa, which
had lower void ratio and higher dry unit weight.
Figure 4 shows the direct shear results (stress-displacement curves) including the magnitude of shear
strength parameters in (a) peak, (b) after the first shearing
Table 3 - Physical properties of specimens used in direct shear
tests.
50 kPa

100 kPa

200 kPa

380 kPa

40.3

40.0

42.0

39.0

g (kN/m )

16.3

16.2

16.4

16.6

gd (kN/m )

11.6

11.5

11.5

11.9

e

1.24

1.25

1.25

1.18

Sr (%)

86.3

84.7

89.7

87.6

w (%)
3

3

stage and (c) at large strain condition (end of test). Although a reduction of mobilized shear stress can be observed under all the normal stresses tested, this reduction is
much clearer under 200 kPa and 380 kPa as a more brittle
behavior can be observed. So, besides the shear displacement, the importance of higher normal stress is quite remarkable in the mobilization of residual strength.
At the beginning of each shear reversal stage, the mobilized shear stress is higher than measured at the end of the
previous stage. This is probably due to the partial disarrangement of the particle alignment caused by the reversal
process itself, a common criticism of this technique (see
Stark & Eid, 1994; Skempton & Petley, 1967; Skempton,
1985; Stark & Vettel, 1992; Hawkins & Privett, 1985), but
the shearing stress dropped very quickly with the straining.
Except for the tests under s’ = 50 kPa, the behavior is
typically contractive in all tests. The contraction in the first
shear stage of the test under s’ = 50 kPa is probably due to
voids reduction, which does not occur during consolidation
with higher normal stresses. Unfortunately, due to limitations of the direct shear apparatus, such data cannot be examined quantitatively.
The peak shear strength parameters were derived
from the highest shear stress measured in each test. The
failure envelope for post peak shear strength was defined
from a stable value of shear stress or from that for a displacement of 10 %. The failure criterion for residual conditions was defined from the final stable value of shear stress
at the 4th stage.
Although large displacements are required for the
mobilization of the (minimum) residual shear strength,
considering the final mobilized shear stress of the 4th stages (4 tests), a linear failure envelope was obtained resulting in a residual friction angle (f’r = 13°) and cohesive
intercept (c’r ~ 12 kPa), which represent a remarkable drop
from the peak strength.
The initial physical properties of the remolded specimens used on ring shear tests are presented in Table 4.
These specimens were molded with higher density than undisturbed specimens to prevent that after the consolidation
step the specimens become too thin.
The stress-displacement curves obtained from ring
shear tests on remolded samples are shown in Fig. 5. The
mobilized shear stress becomes stable when displacements
exceeded about 20-30 mm. The tests with normal stresses
Table 4 - Physical properties of specimens used on ring shear
tests.
w (%)

31.0

g (kN/m )

16.7

gd (kN/m )

12.8

e

1.03

Sr (%)

79.4

3

3

Figure 4 - Results of direct shear tests.
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of 400 and 600 kPa showed small shear strength peaks even
after the pre-shear procedure (as reported by Lupini et al.,
1981).
Figure 6 shows the effective normal stress plotted
against stress ratio (tr/s’) and friction angle derived for the
end of the tests. The data indicate that the residual friction
angle is affected by effective normal stress and the failure
envelope is not linear. This is typical of soils in which sliding is the mechanism that controls the mobilization of residual strength, as high stress and/or displacement converts
edge-to-face to face-to-face particle interactions, according
to Stark & Eid (1994). In this soil, this is probably due to the
high proportion of flatty particles, including some silts (as

suggested by Anderson & Hammoud, 1988; Hawkins &
Privett, 1985). Other authors such as Stark & Eid (1994)
and Skempton (1985) report such non-normalization as
caused by large amount of clay particles, which is not the
case in this soil. The non-linearity of the failure envelope
becomes clearer for effective normal stresses higher than
400 kPa (Fig. 7).
Shear strength parameters derived from these ring
shear and direct shear tests are summarized in Table 5. The
failure criterion adopted was the stabilization of mobilized
shear stress at the test end.
The value of the residual friction angle (f’r ~ 7.7°)
also indicates the occurrence of a sliding failure (Lupini et

Figure 5 - Shear stress-displacement curves from ring shear tests.

Figure 6 - Stress ratio and friction angle vs. effective normal stress.
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Figure 7 - Shear strength envelopes.

Table 5 - Summary of measured residual shear strength parameters.
Condition
Ring shear (s’n = 25-600 kPa)

f’r (°)

c’r (kPa)

r

7.7

6.9

0.984

2

Ring shear (s’n = 25-600 kPa), c’ = 0

8.6

0

0.957

Ring shear (s’n = 25-400 kPa), bilinear

9.0

4.3

0.999

Ring shear (s’n = 400-600 kPa), bilinear

4.7

34.0

1.000

Direct shear with reversals

13.3

12.0

0.988

Direct shear with reversals, c’ = 0

15.7

0

0.939

al., 1981). On the other hand, according to the correlation
developed by Mitchell (1993), the purely clayey fraction of
this soil (computed from the test with dispersive solution)
would lead to a turbulent shearing, without a smooth and
well-defined shearing surface.
According to Kenney (1977), the sliding-like residual
strength is strongly linked to the lamellar particle mineralogy. Lupini et al. (1981) associate low residual friction angles with the domain of montmorillonite clay minerals,
while high residual friction angles would be linked to the
presence of kaolinites and illites. And, although X-ray diffraction analyses indicate the predominance of kaolinite in
the soil, it presented a low residual friction angle, contrary
to the tendency presented by pure kaolinites studied by
Tiwari & Marui (2005) and Lupini et al. (1981).
Adjusting linear envelopes to direct shear experimental data gives a f’r that is 1.7 times higher than that obtained
from ring shear tests considering c’r > 0 and 1.8 times if
c’ = 0. As residual friction angles are typically low, even
small differences generate large percentage differences that
reflects on the calculated stability safety factors.
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Skempton (1985), Stark & Eid (1994) and Watry &
Lade (2000) had already reported differences in this sense.
Considering the more recent results presented by Vithana et
al. (2011), the values measured in this work are consistent
and fall between the observed by those authors in sedimentary clayey and sandy soils.
The process of sample preparation for ring shear test
seems to cause some soil disaggregation, albeit small. Figure 8 shows particle size distribution curves of natural soil
and of soil subjected to ring shear tests, obtained following
D422-63/2007 (ASTM) recommendations. It is important
to remember that particles larger than 0.42 mm had been removed from the specimens for the ring shear testing
(< 2 %).
The soil manipulation during preparation of ring
shear test specimens caused some soil aggregate disintegration mainly in the range between 0.04 and 0.3 mm. Probably such disintegration reaches sandy and silty clusters and
partially altered feldspars. But the grading did not change
significantly due to the shearing itself (see soil curves before and after testing - Figure 8). The testing did increase
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Figure 8 - Curves for the soils used in ring shear tests and reference grading curve.

the clay content (particles < 0.002 mm) by about 2.5 %.
Consequently, the low residual shear strength of this soil
seems to be associated to alignment of the particles parallel
to the shear surface and some disintegration of soil clusters
rather than individual soil particles breakage. On the other
hand, the soil clustering may explain the large difference
between peak and residual friction angle in direct shear
tests.
None of the correlations between f’r (ring shear linear
envelope with c’ > 0 or c’ = 0) and clay fraction or plasticity
index, as proposed by Lupini et al. (1981), were able to successfully predict the behavior of this soil as shown in Fig. 9.
In contrast, the chart presented by Rigo et al. (2006),
which shows the relationship between f’r and PI found for
quite a number of different soils, including various tropical
soils, seems consistent with the results obtained here
(Fig. 10). The soil studied here presents a similar behavior
to soils tested by Rigo et al. (2006) with partially weathered
minerals, also having a low friction angle and low PI. According to those authors, such behavior is due to the disintegration of some minerals promoted by large displacements
and subsequent particle reorientation. The same explanation appears to apply to the studied soil.
It is important to emphasize that this chart was not
proposed by those authors to correlate the residual friction
angle to PI, but rather to state that, in some soils that are not
sedimentary, this property can have a large variation compared to the observed results described by the classical
work of Skempton and co-authors. Although volcanic ash
soils have a large PI and a much higher than expected value
of f’r, the tropical soils with partly weathered minerals
(most with clay particles inside them) have a low PI and a
very low value of f’r. So, Fig. 10 shows the importance of
understanding that the expected behavior of soils is largely
dependent on which group the soil belongs to (sedimentary
clays and sands, lateritic soils, volcanic ash, residual soils
with degradable minerals or micaceous).
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Figure 9 - Residual strength correlations with clay fraction (a) and
plasticity index (b) (modified from Lupini et al., 1981).

5. Conclusions
Ring shear tests on specimens of granulite residual
soil resulted in an average residual friction angle of 7.7° associated to a sliding mode of failure, despite the small
amount of clay minerals in its composition. Compared to
data of sedimentary soils this value is quite low considering
the small clay fraction in its composition. Reversal direct
shear test results gave a higher ‘residual’ friction angle
(12°) as the reversals cause particle misalignment. The obtained failure envelope was linear.
Specimen preparation for ring shear tests caused some disintegration of clusters of silt and fine sand size and
increased the amount of free fine particles. In the laboratory
tests, the shearing process does not seem to cause further
disintegration as there are small differences between the
pre and post-test particle size distribution curves (the clay
fraction increased by 2.5 %).
The chart presented by Rigo et al. (2006) showed that
the correlation between f’r and PI is dependent on soil origin and composition. The soil tested presented a relation-
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Figure 10 - Tropical soils grouped according to observed residual shear strength and PI (modified from Rigo et al., 2006).

ship between f’r and PI that is in accordance with that found
by those authors for soils with partly weathered minerals,
and which has a very different behavior with PI than that
found previously by Skempton and co-workers.
This much lower than expected f’r found here seems
to be associated with particle disintegration and its subsequent orientation by shearing. This disaggregation can be
observed in the laboratory during manual specimen preparation. But the particle size distribution curves obtained before and after the shearing tests are very similar, thus
implying that most of the soil clusters have been degraded
during the test sample preparation. Ring shear tests have
shown that effective normal stresses have some importance
in the particle alignment mechanism: the residual friction
angle reduces at larger normal effective stresses.
This data suggests that, as shearing displacements approach failure in the field, there will be soil aggregate disintegration and reduction of internal friction angle, as observed in reversal direct shear tests. There will be a strength
reduction from peak to the fully mobilized residual shear
strength (to values similar to ring shear test results). Accordingly, such behavior can explain the very fast landslide
failure, as described by eyewitnesses, associated to a remarkably quick shear strength reduction from peak to fully
mobilized residual strength (associated to cluster destruction and particle alignment).
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Triaxial Compression Test on Consolidated Undrained Shear
Strength Characteristics of Fiber Reinforced Soil
T.S. Hou, J.L. Liu, Y.S. Luo, Y.X. Cui
Abstract. This study aims to experimentally analyze the effect of fiber length and fiber content on shear strength and
deformation properties of fiber reinforced soil by consolidated-undrained triaxial shear tests. The best mechanical
properties are presented by the samples with 1.0 % fiber content and 3.09 cm fiber length. The stress-strain relationship of
fiber reinforced soil is strain hardening. The change laws of pore water pressure with the increasing of axial strain are
affected by both confining pressure and the void ratio. The effective stress paths of fiber reinforced soil move to the left of
the p’- q surface with the increase of fiber content, and the fiber length has no significant effect on effective stress paths.
Reinforcement effect mainly improves the cohesion of soil samples, and three distribution patterns of flexible fibers in soil
are proposed. The failure mode of saturated cotton fiber reinforced soil is bulging failure, radial deformation of soil is
obviously restrained by fiber reinforcement.
Keywords: consolidated undrained shear characteristics, fiber content, fiber length, reinforced soil, stress-strain characteristics,
shear strength.

1. Introduction
A composite geotextile made from a random and uniform mix of fiber materials into soil is called fiber reinforced soil. As for the technology of soil improvement,
lime soil, cement soil, EPS (expanded polystyrene) particles light weight soil (Hou & Xu, 2009; Hou & Xu, 2010)
and so on can be regarded as artificial composite soil. However, as the global community is turning to a more sustainable way of development, it encourages the stabilization
technology that can replace or minimize the use of traditional cement and other curing agents. In this respect, the
use of fibers has been favored by many scholars. In the rural
areas of Northwest China, it is still possible to see the courtyard walls and houses built from the loess with straw and
other natural fiber materials in it. It can be seen that fiber reinforced soil has already been used in production practice,
but the theoretical research of fiber reinforced soil is far behind the practice. The problems such as reinforcement
mechanism, reinforcement effect, strength parameters and
so on remain to be studied.
The fiber materials used in the study are mainly composed of natural fibers such as wheat straw (Wei et al.,
2012), grass root (Wang et al., 2015), sisal (Prabakar &
Sridhar, 2002), cotton (Zhang et al., 2005) and synthetic fiber such as polypropylene (Shao et al., 2014), nylon (Estabragh et al., 2011), polyester fiber (Chaduvul et al., 2017)

and so on. The study found that the fiber properties such as
content, length, toughness, fineness and vertical and horizontal ratio, and soil properties such as water content, dry
density, particle size distribution have an important influence on the strength of fiber reinforced soil (Chai & Shi,
2012; Krishna Rao & Nasr, 2012; Diambra & Ibraim, 2015;
Tang et al., 2016a; Tang et al., 2016b). The effect of fiber
content and fiber length on mechanical properties of fiber
reinforced fine sand is studied through the California soil
bearing ratio tests and direct shear tests by Krishna Rao &
Nasr (2012). The test results show that the mechanical
properties of fiber reinforced soil are optimal when the percentage of fiber mass to dry sand mass is 0.75 %. The tensile strength of polypropylene fiber reinforced soil is researched by Tang et al. (2016b), and the results show that
the fiber reinforcement can significantly increase the peak
strength of the soil, and the tensile strength increases with
the increasing of fiber content and dry density, and decreases with the increasing of water content. Through the
drying tests, it is found that the reinforcement of the fibers
significantly reduces the cracking of the soil. Using the improved shear lag theory, the stress transfer mechanism between local fibers and soil particles is studied by Diambra
& Ibraim (2015), and the effects of geometry of the fibers
and particle size of the soil on the stress distribution along
the fiber direction are clarified. Fiber reinforcement can not
only effectively enhance the compressive strength, shear
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strength, tensile strength, plasticity and toughness of the
soil (Anagnostopoulos et al., 2013; Correia et al., 2015;
Diab et al., 2016), but also improve the characteristics of
special soils, such as expansive soil (Soltani et al., 2018),
frozen soil (Zaimoglu, 2010) and so on. In the action mechanism of reinforced soil, it is found that the enhancement
effect of the fiber reinforced soil depends on the interfacial
force between the fibers and the soil through single fiber
pull-out tests and scanning electron microscope tests by
Tang et al. (2009). For the modeling analysis of fiber reinforced soil, the function of fiber distribution in reinforced
sand with random fiber distribution is given by Ibraim et al.
(2012). The kinematic method of limit analysis is proposed
by Michalowski (2008). The constitutive model of fiber reinforced sand based on triaxial tests is established by Diambra et al. (2013).
Most of the studies are based on sand, the research on
cohesive soil is still less, and theoretical research of reinforced soil is still not systematic and mature. For the saturated clay ground, the soil is fully consolidated in the
existing stress system. Due to the construction needs, the
undrained condition is formed by the rapid loading on the
ground. The ground stability and bearing capacity should
be analyzed with the consolidated-undrained strength parameters under the condition above. The pore water pressure and effective stress parameters which are for ground
stability analysis can be accurately measured by consolidated-undrained triaxial tests (CU), and consolidated-undrained tests can solve the problem of long drainage test
time. With cotton fibers as reinforcing material and loess as
raw material, the saturated cotton fiber reinforced soil with
different fiber content and fiber length is tested by consolidated-undrained tests, and the consolidated undrained
shear strength, deformation and pore pressure characteristics of the soil are studied. The research achievements can
propose a new understanding for the consolidated undrained strength and deformation characteristics of reinforced
soil, and it can also provide theoretical support for the application of fiber reinforcement technology, such as in
ground improvement, slope treatment in the loess region,
and so on.

2. Experimental Materials and Methods
2.1. Experimental materials
The fibers used in the tests are made of pure cotton.
The basic physical and mechanical properties are given in
Table 1.
The soil used in the tests is the loess of Yangling area
in Shaanxi province of China, whose grain size distribution
curve is shown in Fig. 1. The optimum water content of the
3
soil is 19.4 % and the maximum dry density is 1.68 g/cm .
The loess is a type of low liquid limit clay according to the
plasticity chart. The other physical properties are shown in
Table 2.
2.2. Sample preparation
The Yangling loess is air-dried and crushed into small
particles, and then is passed through a 2 mm sieve to remove the debris and gravels. Some water is sprayed into the
soil until the water content reaches the optimum water content 19.4 %. Then the wet soil is put into freshness protection packages for 24 h. After that, the target fiber mass is
weighed, and then water is sprayed on the fibers. By keeping the mass of water and the mass of fibers the same, we
make the water content of the fibers wf = 100 %. Based on a
lot of experimental results, when wf > 100 %, fibers and soil
are difficult to mix evenly, fibers are floating on mixed soil;
when wf < 100 %, bleeding phenomenon occurs during the
compaction process of the fiber and soil mixture; only

Figure 1 - Grain size distribution curve.

Table 1 - Physical and mechanical parameters of cotton fiber.
Density, r (gcm )
-3

Diameter, D (mm)

Elongation (%)

Tensile strength (MPa)

Elasticity modulus (MPa)

0.8

37.0

8.2

40.0

1.54

Table 2 - Physical properties of Yangling loess in Shaanxi area.
Natural density, r (gcm-3)
1.69
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Specific
gravity, Gs
2.72

Natural water Plastic limit, wp
(%)
content, w (%)
19.1

20.6

Liquid
limit, wL (%)

Plasticity
index, Ip

Liquidity
index, IL

Void ratio, e

34.2

13.6

-0.11

0.92
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when wf = 100 %, the compaction effect of fiber reinforced
soil is the best. After a while, the fibers are fully stirred with
the cured soil, so that the fibers are distributed in the soil
randomly and evenly. After mixing evenly, the samples are
prepared for light compaction tests. The size of soil samples
is 61.8 mm in diameter and 125 mm in height. The compac3
tion work is 592.2 kJ/m , the mass of hammer in the tests is
884.92 g, and the height of drop distance is 275 mm. The
compaction of samples is divided into three layers, and the
average compaction blows for each soil layer is 31 (Hou,
2012; Hou, 2014; Hou & Xu, 2011). In this way, the reinforced soil samples are prepared. In addition, the water content of unreinforced soil is the optimum water content
(19.4 %), and the unreinforced soil samples are prepared
using the same preparation methods as reinforced soil samples. After compaction, the wet density of unreinforced soil
sample rwet is 1.875 g/cm3, dry density rd is 1.57 g/cm3, degree of compaction Dc is 93.47 %. Then the samples are saturated by the vacuum saturation method, the air-pumping
time is not less than 1 h, and the soaking time is not less than
10 h. It is found through unconfined compression tests that
the strength is optimum when the fiber content of the cotton
fiber reinforced soil is 1.0 % and the fiber length is D/2 (D
is the diameter of the sample) (Liu et al., 2018). Thus, the
sample preparation scheme of fiber reinforced soil samples
and the wet density of fiber reinforced soil samples in the
tests are shown in Table 3.
2.3. Experimental methods
The consolidated undrained triaxial test (CU) is used
in the tests. The confining pressures are respectively
100 kPa, 200 kPa, 300 kPa and 400 kPa, and the shear rate
is 0.1660 mm/min (shear strain rate is 0.13 % /min). The
tests should be ended with shear failure or 20 % axial strain.
The pore water pressure can be measured by sensors during
the tests. The peak shear strength is chosen as the strength
value. The shear strength of 15 % axial strain is chosen as
the strength value when there is no peak shear strength.

3. Experimental results
3.1. Stress - strain - pore water pressure relation
(1) As can be seen in Fig. 2(a) to (j), the deviator stress
of fiber reinforced soil increases rapidly at the initial stage of
strain, and then slowly increases until the end of the tests.
The stress-strain relationship of the reinforced soil is strain
hardening. The stress-strain relationship curve of fiber rein-

forced soil is nonlinear, and the failure mode of the samples
is bulging failure. Unreinforced soil also has the same
change laws. (2) In Fig. 2(b) to (g), under the condition of
3.09 cm fiber length, when the confining pressure is the
same, the deviator stress (when shear failure or 15 % axial
strain) increases first and then decreases with the increasing
of the fiber content. The deviator stress is maximum when
the fiber content is 1.0 %. For example, under the condition
of 200 kPa confining pressure and 3.09 cm fiber length,
when the fiber content increases from 0 to 1.0 %, the deviator
stress increases 6.6 %, from 334 kPa to 356 kPa. When the fiber content increases from 1.0 % to 3.0 %, and the deviator
stress decreases 14.3 %, from 356 kPa to 305 kPa. (3) In
Fig. 2(c) and (h) to (j), under the condition of 1.0 % fiber
content, when the confining pressure is the same, the deviator stress (when shear failure or 15 % axial strain) increases
first and then decreases with the increasing of fiber length.
3.09 cm is the optimal fiber length. For example, under the
condition of 200 kPa confining pressure and 1.0 % fiber content, when the fiber length increases from 0 to 3.09 cm, the
deviator stress increases 6.6 %, from 334 kPa to 356 kPa.
When the fiber length increases from 3.09 cm to 6.18 cm, the
deviator stress decreases 4.8 %, from 356 kPa to 339 kPa. (4)
The improvement effect of fiber in soil is better at high confining pressure. Under the optimal reinforcement conditions
(1.0 % fiber content and 3.09 cm fiber length), the deviator
stress (when shear failure or 15 % axial strain) under the confining pressure of 100 kPa, 200 kPa, 300 kPa and 400 kPa increases by 3.1 %, 6.6 %, 17.1 % and 19.5 % respectively
compared with the unreinforced soil. (5) In Fig. 2(a), the
pore water pressure of unreinforced soil increases first and
then decreases with the increasing of axial strain. In
Fig. 2(b), (c) and (h), when the confining pressure is lower
and the fiber content is smaller, the properties of reinforced
soil are the same as those of unreinforced soil. (6) In Fig. 2(d)
to (g), under higher confining pressure and bigger fiber content, the pore water pressure increases gradually with the increasing of axial strain, then tends to be stable.
To sum up, the optimal fiber content of fiber reinforced
soil is 1.0 %, and the optimal fiber length is 3.09 cm. The
stress-strain relationship of the reinforced soil is strain hardening. The stress-strain relationship curves of fiber reinforced soil are nonlinear, and the failure mode of the samples
is bulging failure. Under lower confining pressure and lower
void ratio, the mechanical properties of reinforced soil during the loading process are similar to those of unreinforced
soil, and the pore water pressure increases first and then de-

Table 3 - Sample preparation scheme of reinforced soil samples.
Fiber length, L (cm)
3.09

Fiber content (mass ratio of dry fiber to dry soil),
af (%)

Wet density of reinforced soil samples,
-3
rwet (gcm )

0.5; 1.0; 1.5; 2.0; 2.5; 3.0

1.858; 1.840; 1.826; 1.810; 1.787; 1.760

1.0

1.840

1.55; 3.09; 4.64; 6.18
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creases with increasing axial strain, which means that the interaction between fiber and soil is not obvious. Under higher
confining pressure and higher void ratio, the interaction between fiber and soil is enhanced, the pore water pressure increases gradually with increasing axial strain, and then tends
to be stable. The main cause of the stress-strain-pore water

pressure relationship characteristics of fiber reinforced soil is
shearing dilatancy or shearing shrinkage of the soil samples.
In the drained tests of saturated soil, the water in the pore has
sufficient time to squeeze out or breathe in, the shear
dilatancy can be characterized using the macroscopic volume change. In the undrained tests of saturated soil, the wa-

Figure 2 - Stress - strain - pore water pressure relation curves.
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Figure 2 (cont.) - Stress - strain - pore water pressure relation curves.

ter in the pore cannot be squeezed out or breathe in, and the
volume of saturated soil is constant during the shearing process, but the shear dilatancy still exists. Meanwhile, it is
characterized as “body changing potential energy”, which
means the change of pore water pressure in the soil samples.
When the samples have shear dilatancy tendency but the vol-
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ume change is restricted, the pore water pressure decreases
and the effective stress on the soil particles and fibers increases. However, the pore water pressure increases and the
effective stress on the soil particles and fibers decreases
when the samples have shear shrinkage tendency but the volume change is restricted.
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Figure 2 (cont.) - Stress - strain - pore water pressure relation curves.

3.2. Effective stress path
The effective stress of the fiber reinforced soil is assumed to be the stress shared by both the soil particles and
the fibers under the external load, and is solved by the
Terzaghi principle of effective stress. The effective stress
paths of the fiber reinforced soil in the p’ - q surface are
shown in Fig. 3; the meanings of physical symbols in Fig. 3
are as follows: p’ = p - u = (s1 + s3)/2 - u; q = (s1 - s3)/2. s1 is
maximum principal stress; s3 is minimum principal stress;
K’f line is effective stress failure principal stress line. The
effective stress path of the reinforced soil is a shape changing curve: it is a straight line when the strain is at the initial
period, and then the curve begins to bend to the left. When
the sample is near failure, the curve bends to the right and
then develops along the failure principal stress line. With
the increasing of fiber content, the stress path curve gradually moves to the left. When the fiber content is not more
than 1.0 %, the effective stress path of the fiber reinforced
soil is on the right side of that of the unreinforced soil. The
stress path of the reinforced soil is on the left side of that of
the unreinforced soil when the fiber content is more than
1.0 %. The main reason is that the space occupied by soil
particles is replaced by fibers with the increasing of fiber
content. Because the cotton fiber has loose structure, it increases the pore volume in the soil sample, resulting in the
increasing of the void ratio. At the initial stage of strain, the
average effective principal stress increases, the deviator
stress increases, and the effect of the fiber content on the effective stress path is not obvious. With the increasing of
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strain, the average effective principal stress decreases significantly, and the deviator stress continues to increase. The
greater the fiber content is, the more severe is the decrease
of the average effective principal stress. With the further increase of strain, the average effective principal stress
reaches a turning point and begins to increase, and the deviator stress increases along the failure principal stress line.
The fiber length has no obvious effect on the effective
stress path of fiber reinforced soil.
3.3. Pore water pressure coefficient
The relationship between the pore water pressure and
the deviator stress (s1 - s3) of saturated fiber reinforced soil
is shown in Fig. 4. (1) The pore water pressure increases
with the increase of the deviator stress, and then eventually
tends to a stable value. (2) The relationship between pore
water pressure and deviator stress is nonlinear, and the
curve is shown as “concave” first and then “convex”.
The British scholar A.W. Skempton pointed out that
the pore water pressure caused by the deviator stress is
Du1 = AB(Ds1 - Ds3). The pore water pressure coefficient B
is the coefficient related to saturation, and B is approximately equal to 1 for saturated soil. The pore water pressure
coefficient A reflects shear dilatancy of the soil, it is not a
constant but a function of the stress level in the experimental process. The pore water pressure coefficient
A = Du1/(Ds1 - Ds3) can be solved through the relationship
curve between the pore water pressure and the deviator
stress (s1 - s3). As is shown in Fig. 5, in that curve, there are
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Figure 3 - Effective stress paths for unreinforced soil and fiber reinforced soil.
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Figure 4 - Pore water pressure - deviator stress relation curves.

Figure 5 - A typical illustration of pore water pressure - deviator stress (s1 - s3) relation curves.
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three obvious stages, which are defined as initial stage,
change stage and stable stage. The average pore water pressure coefficient Aa can be solved by the secant slope of the
curve during the change of stage. The average pore water
pressure coefficients of the saturated compacted clay under
100 kPa, 200 kPa, 300 kPa, and 400 kPa confining pressure
are 0.27, 0.33, 0.59 and 0.80, respectively. The average
pore water pressure coefficients of the fiber reinforced soil
with 1.0 % fiber content and 3.09 cm fiber length under
100 kPa, 200 kPa, 300 kPa, and 400 kPa confining pressure
are 0.35, 0.43, 0.45 and 0.46, respectively. By calculating
all the fiber reinforced soil samples’ parameters, the value
range of pore water pressure coefficient A of the compacted
cotton fiber reinforced soil with 0.5 %~3.0 % fiber content
and 1.55 cm~6.18 cm fiber length is 0.32~0.69. This demonstrates that the engineering properties of compacted cotton fiber reinforced soil are similar to those of slightly
overconsolidated clay.
3.4. Shear strength parameters
The Mohr circles and shear strength envelopes of total stress and effective stress of saturated cotton fiber reinforced soil are shown in Fig. 6. (1) The total stress strength

envelopes and effective stress strength envelopes of the fiber reinforced soil and the unreinforced soil are both a
straight line approximately. The total stress strength envelopes are crossed with the effective stress strength envelopes, the effective cohesion is less than cohesion and the
effective internal friction angle is larger than the internal
friction angle. (2) The total stress strength envelopes of fiber reinforced soil and unreinforced soil with different reinforcement conditions are approximately parallel, and the
effective stress strength envelopes are approximately parallel.
As is shown in Fig. 7, (1) The cohesion of fiber reinforced soil increases first and then decreases with the increase of fiber content, and the cohesion is the largest with
1.0 % fiber content. When the fiber length of the reinforced
soil is 3.09 cm, the fiber content increases from 0.5 % to
1.0 %, and the cohesion increases 10.1 %, from 36.06 kPa
to 39.71 kPa. The fiber content increases from 1.0 % to
3.0 %, and the cohesion decreases 63.5 %, from 39.71 kPa
to 14.49 kPa. (2) The cohesion of fiber reinforced soil increases first and then decreases with the increase of fiber
length, and the critical length or optimum length is 3.09 cm.
When the fiber length reaches the critical length, the cohe-

Figure 6 - Mohr circle and shear strength envelope of unreinforced soil and fiber reinforced soil.
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Figure 6 (cont.) - Mohr circle and shear strength envelope of unreinforced soil and fiber reinforced soil.

sion decreases with the increase of the fiber length, but the
effect is not obvious. As for 1.0 % fiber content of fiber reinforced soil, the fiber length increases from 1.55 cm to
3.09 cm, and the cohesion increases 12.9 %, from 35.17 kPa
to 39.71 kPa. The fiber length increases from 3.09 cm to
6.18 cm, and the cohesion decreases 0.9 %, from 39.71 kPa
to 39.37 kPa. (3) The cohesion and effective cohesion of fiber reinforced soil with 3.09 cm fiber length and 1.0 % fiber
content increase by 48.4 % and 112.3 %, respectively, compared with unreinforced soil.
As is shown in Fig. 8, the internal friction angle and
the effective internal friction angle of the unreinforced soil
are 20.96° and 31.53° respectively, the internal friction angle range of the reinforced soil with 3.09 cm fiber length
and 0.5 %~3.0 % fiber content is 21.10°~22.24°, and the effective internal friction angle range is 31.16°~34.54°. The
internal friction angle range of the reinforced soil with

1.0 % fiber content and 1.55 cm~6.18 cm fiber length is
20.31°~22.51°, and the effective internal friction angle
range is 30.38°~35.16°. The internal friction angle of the fiber reinforced soil is basically the same as that of the
unreinforced soil, and the reinforcement condition has no
significant effect on the internal friction angle of the fiber
reinforced soil.
The optimal fiber content is 1.0 %, and the optimum
fiber length is 3.09 cm based on the analysis of the test results. According to the random distribution patterns of fibers in the samples by observation, summing up the
existence form of flexible fibers in samples, the interaction
modes between fibers and soil consists of three kinds: (1)
Contact. The contact action between the fibers and soil particles provides the interfacial shear stress between the fibers and soil particles. (2) Bending. The fibers are bent in
the soil, the soil particles are wrapped by fibers at the bend,

Figure 7 - Cohesion - fiber content, fiber length relation curves of fiber reinforced soil.
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Figure 8 - Internal friction angle - fiber content, fiber length relation curves of fiber reinforced soil.

and tensile stress appears in the fibers because of the movement or movement tendency of soil particles under external
load. (3) Interweaving. The fibers are a kind of network
structure in the soil, and the three-dimensional network of
the fibers can effectively restrict the movement of the soil
particles. The movement difficulty of soil particles during
the loading process of saturated soil has an important influence on the strength of soil. The results of the interaction
between the fibers and soil particles can effectively restrict
the movement of soil particles, thus the strength of the soil
can be improved. The effect of the fiber content and the fiber length on fiber reinforced soil can be well explained by
the interaction between the fibers and the soil particles (Liu
et al., 2018; Oliveira et al., 2019; Xie et al., 2019).

were conducted, and the strength is the best with 1.0 % fiber
content and 2.5 cm fiber length. The unconsolidated undrained triaxial tests (UU) of the cotton fiber reinforced soil
with 125 mm height and 61.8 mm diameter were carried
out, and the strength is best with 1.0 % fiber content and
3.09 cm fiber length. It can be seen that the results of unconfined compression tests, UU tests and CU tests are completely consistent, which means the optimum fiber length
measured in the laboratory is D/2 (D is the specimen diameter). Therefore, the optimal fiber content and the optimum
fiber length determined through the laboratory tests were
1.0 % and D/2, respectively.

As to fiber content, the total contact area between the
fibers and soil particles is limited when the fiber content is
too low, and the fibers cannot be interwoven into the net,
thus the increase of soil strength is limited. When the fiber
content is too high, the fibers are stacked, thus the fibers
and the soil particles cannot be in full contact. If the fibers
are still in the “floating” state, the fibers are not anchored
by the soil, or the anchorage is not enough, and the tensile
property of the fibers cannot be fully used. As to fiber
length, the contact area between the fibers and soil is small
when the fibers are too short. The fibers are easily pulled
out under load, the fibers cannot be effectively bent in the
soil, and the fibers cannot be interwoven into a threedimensional network. On one hand, when the fibers are too
long, the fibers will be entangled with each other and they
are not in full contact with the soil skeleton. On the other
hand, the fiber length is too large, and a certain strain
should be used to “wake up” the fibers in the soil. The strain
of the specimens is not enough to induce the contribution of
the fibers, which is one of the reasons for the decrease of the
reinforcement effect.

The failure mode of the samples under different reinforcement conditions is shown in Fig. 9. (1) The failure
mode of saturated cotton fiber reinforced soil is bulging
failure. (2) The failure mode of the unreinforced soil samples is drum shaped, which is small at both ends, large in the
middle, and the end effect is obvious. The radial deformation difference between the end and the middle of the fiber
reinforced soil samples is reduced, and the end effect is
weakened. The fiber reinforcement can restrain the movement of soil particles. The failure mode of the samples
show that the fiber reinforcement can effectively restrain
the radial deformation of the samples and improve the
strength of the soil.

In the laboratory tests, the influence of fiber length on
the strength of the samples is related to the size of the samples. The unconfined compression tests of the cotton fiber
reinforced soil with 100 mm height and 50 mm diameter

(2) The fiber length has no obvious effect on the effective
stress path of fiber reinforced soil. With the increase of
fiber content, the effective stress path in p’ - q surface
of the reinforced soil gradually moves to the left side
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3.5. Analysis of failure mode

4. Conclusions
(1) The stress-strain relationship of the saturated cotton fiber reinforced soil is strain hardening. The change
laws of the pore water pressure with the increasing of
the axial strain are affected by confining pressure and
void ratio.
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Figure 9 - Failure mode of fiber reinforced soil samples.

from the right side of that of unreinforced soil. The
critical value of fiber content is 1.0 %.
(3) The relationship between pore water pressure and deviator stress is nonlinear, and it consists of three evident
stages: initial stage, change stage and stable stage. The
engineering properties of compacted cotton fiber reinforced soil are similar to those of slightly overconsolidated clay.
(4) There is an optimal fiber content and an optimum fiber
length which are 1.0 % and 3.09 cm, respectively. Under the optimal fiber reinforced conditions, the effective cohesion of the fiber reinforced soil increases by
112.3 % compared with unreinforced soil. The internal friction angle of fiber reinforced soil is basically
the same as that of the unreinforced soil, and the reinforcement condition has no significant effect on the internal friction angle of fiber reinforced soil.
(5) There are three fiber existing forms in fiber reinforced
soil: contact, bending and interweaving. The failure
mode of saturated cotton fiber reinforced soil is bulging failure. The reinforcement effect can effectively
restrain the radial deformation of the samples.
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Mapping of Geological-Geotechnical Risk of Mass Movement
in an Urban Area in Rio Piracicaba, MG, Brazil
L.E. Assis, E.A.G. Marques, C.A. Lima, S.J.M.C. Menezes, L.A. Roque
Abstract. The objective of this study is to create a geological-geotechnical risk map of mass movement for an urban
perimeter of Rio Piracicaba city, state of Minas Gerais, MG, Brazil, by applying the methodology proposed by the
Brazilian Ministry of Cities. Four neighborhoods were evaluated through works conducted in the field and with the aid of a
GIS fed with aerial images obtained from an Unmanned Aerial Vehicle (UAV). In these neighborhoods, 29 points were
categorized as risk-points, and 14 risk areas were delimited and hierarchized. Despite being considered a subjective
evaluation, the methodology used is a simple and efficient qualitative method, which can contribute significantly to the
preliminary identification of areas under risk of mass movements, indicating the nature of the predisposing factors. The
areas classified as high-risk present significant physical and environmental problems, mainly due to non-compliance with
current legislation regarding urban planning and land use. The outcomes of these surveys are valuable tools that will
facilitate the planning and management of land use and occupation in the municipality.
Keywords: geotechnical cartography, geological-geotechnical risk, gis, mass movements, risk hierarchizing, UAV.

1. Introduction
Gravitational mass movements are important surface
terrestrial phenomena and constitute a natural evolution of
the slopes (Wolle, 1988). This type of events are related to
the loss of shear strength of soils and/or rocks along a failure plane, intensified by the interference of other factors
such as water, ice and air presence and slope (Bigarella &
Passos, 2003). However, this phenomenon is no longer
considered as only “natural”, due to the numerous processes of anthropic intervention by the absence of planning
and by degradation of the environment.
Disasters are considered inevitable and are directly
related to the probability, intensity, danger and susceptibility of the factors involved, and which are related to environmental, social and economic conditions. However, they can
be minimized through preventive actions, with the purpose
of safeguarding communities at risk, based on monitoring
and territorial planning (UNISRD, 2004). The International
Decade for Natural Disaster Reduction (IDNDR) considers
risk as the combination of the probability of a given event to
occur and its likely negative consequences (UNISRD,
2009).
According to Tominaga (2007), the term “area of
risk” is increasingly incorporated into the vocabulary of the
Brazilian population, since accidents involving mass
movements and floods during the rainy season have intensified and affected many communities that occupy slopes
and urban areas with deficient infrastructure.

Vieira (2000) differentiates risk points from risk areas, by considering that risk points are imminent situations,
which must be linked to a specific building or locality. Risk
areas comprise situations that cover a larger proportion of
space, with irregular shapes and sizes and encompass risk
points that can, eventually, have different risk class.
The human actions that most interfere in the triggering of mass movements on slopes are related to deforestation, lack of drainage direction, inefficient natural drainages, cuts and landfill performed without technical
support, poorly implemented engineering works, excavations and waste dump (Araújo, 2004).
Due to the numerous episodes of natural disasters recorded in recent years, mainly related to urban occupation
of places susceptible to geological risks, Brazilian authorities were encouraged to take risk management measures.
Based on interventionist practices and policies, these measures were established with the aim of contributing to the
monitoring and a more ordered growth of the urban perimeter.
The Brazilian National Policy on Protection and Civil
Defense - PNPDEC, created by Federal Law 12.608 / 2012
addresses, in its priority concepts, the necessity of mapping
and preventive actions for the reduction of disasters. The
purpose of this law is to enable municipalities susceptible
to these types of events to produce a preventive and orderly
land use plan (Diniz, 2012).
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Among the changes in the regulatory framework proposed by PNPDEC, the Cities Statute designated by Federal Law 10.257 / 2001, which deals with urban policy
guidelines, has undergone various alterations. These new
obligations demand that all municipalities must present
their susceptibilities to natural disasters through geotechnical charts and/or maps and identify and monitor major
risk areas (occupied or not) (IPT, 2015).
Based on risk management works carried out by the
Technological Research Institute of São Paulo (IPT), the
Ministry of Cities has been supporting initiatives related to
the monitoring and prevention of risks in precarious settlements in municipalities, by conducting direct actions and
providing training through federal agencies (Brazil, 2007).
According to Marques et al. (2011), this methodology is
currently considered one of the most used for risk assessment in Brazil.
As observed by Marchiori-Faria et al. (2005), risk
mapping performed to serve as a base for Civil Defense is
considered one of the main forms of technical support provided to municipalities for their management and contingency planning. The identification and qualification of
risks, based on field assessments, enables a rapid implementation of mitigating actions in areas considered susceptible to instabilities.
In recent years, along with several mapping methods,
the use of tools such as remote sensing, aerial photogrammetry and other geotechnologies are considered fundamental instruments for mass movement risk management. The
evaluation of risk scenarios based on the use of geotechnologies to acquire cartographic data has become a fundamental tool for the understanding of threats, for promoting
an integrated management of contingency plans and for
supporting management of disaster forecasting.
According to studies by Akgun (2012), Saito et al.
(2015) and Shahabi & Hashim (2015), GIS is a necessary
but still little explored technology in the recording of vulnerable communities and informal settlements for risk
mapping. GIS is considered a satisfactory technique because it allows, through coordinates measured by GPS
(Global Positioning System), to record points and to correlate them with images in GIS environments, acting as an aid
in the estimation of monitoring and alert.
In this context, the present study aims to identify the
processes responsible for the geological-geotechnical risk
of mass movement in an urban perimeter composed by 4
neighborhoods in the city of Rio Piracicaba, MG, Brazil, by
applying the methodology proposed by the Ministry of
Cities, Brazil (2007). The focus was to identify points and
areas based on field surveys, supported by a qualitative approach and field mapping. The identification was performed by using orthorectified aerial images obtained
through the use of an UAV.
Risk assessment is a fundamental process for the prevention and monitoring of the study areas as they show an
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urban expansion involving irregular constructions, in a
steep terrain and under unfavorable geological and geotechnical conditions. Even with these unfavorable characteristics, the majority of these risk areas do not have any
registry in the municipal civil defense, as it will be demonstrated.

2. Materials and Methods
2.1. Characteristics of the study area
According to data from IBGE (2010) the municipality
of Rio Piracicaba, located in the central part of the Minas
Gerais State, has a total area of 373.4 km2 and an estimated
population of 14,149 inhabitants (Fig. 1).
Being part of the region known as Iron Quadrangle,
the municipality is located mostly in a granite-gneiss domain and presents an extensive lithostratigraphic registry,
and a northeast structural direction.
More recent surveys carried out by CPRM (2014)
have shown that the main lithotypes found in Rio Piracicaba area are amphibolites, orthogneisses, shale and banded iron formations, presenting materials varying from
very weathered to sound rock. Some other factors stimulate
the occurrence of mass movements, such as: slope, thick
weathering mantle, clay-silt rich soils, detrital cover (“canga” deposits) and presence of transition areas with soil-rock
contacts and talus deposits at the foot of the slope. Climate
is also a controlling factor, as there is a rainfall concentration, mainly between the months of November and January.
According to Köppen classification, climate of Rio Piracicaba can be classified as Cwa, mesothermic climate with
hot and rainy summers and dry winters, and average precipitation of 1462 mm (CPRM, 2010).
According to CETEC (1983) there are two predominant geomorphological units in the municipality, the Iron
Quadrangle and the Dissected Plateaus, the Piracicaba river
being the topographic divider between these units.
2.2. Modeling of the land of the municipality of Rio
Piracicaba, MG, based on images generated by an UAV
A Sensefly Swinglet CAM Unmanned Aerial Vehicle
(UAV) was used to survey the study area (Fig. 2). The UAV
features a calibrated 12 MP Canon IXUS220HS RGB onboard camera that allows 7 to 30 cm/pixel spatial resolution
(GSD) images. Its navigation system has sensors and GPS
receivers with flight autonomy of up to 30 min and it is able
to fly at a cruising speed of up to 36 km/h and resistance to
-1
winds of 5 m/s .
A Garmin 60CSx GPS, with positioning accuracy
£ 10.0 m, was used to collect the points. The takeoff area of
the UAV was set at Point 1, from where the flight plan was
executed (Fig. 3). The eMotion 2 software was used to control the UAV; it allows telemetry connection to the computer and transmits frequent correction signals, besides
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Figure 1 - Location Map of the Municipality of Rio Piracicaba, MG, Brazil.

Figure 2 - UAV - Swinglet Cam Sensefly (Santiago & Cintra, 2015).

providing improvements in the ground/air resolution, increasing the safety of taking aerial photos.
The flight was carried out in favorable weather conditions to obtain data, with winds within the tolerance
stated by UAV specifications and absence of precipitation
and cloudiness. The survey covered an area of 124.06 ha
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and allowed capture of overlapping images (overlay) of
400 m x 300 m, for later use and preparation of cartographic digital bases. The processing was carried out at
the Geotechnology Laboratory of Três Rios (GEO3R) Institute of Federal Rural University of Rio de Janeiro.
The computational programs used in the procedures were:
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performed using the Datum WGS84 UTM zone 23S system. Postflight Terra® 3D system and Pix4UAV® Desktop
softwares were used to process the images and acquire the
Orthomosaic and Digital Surface Model (DSM) (Fig. 4).
The data processed allowed to generate a GSD
(Ground Sampling Distance) with 14 to 18 cm/pixel spatial
resolution for the image-surveyed area. These data were essential for the production of the digital terrain model and
contributed for the assessment of a good representation of
the study area.
The presentation of the three-dimensional perspective (3D) (Fig. 5) was obtained by ArcGis® ESRI software
in the ArcScene 10.3.1 extension. This information was an
essential base for the modeling and for the understanding of
events in the area.
2.5. Application of the methodology of the Ministry of
Cities - Geological-geotechnical risk qualification
Figure 3 - Flight plan elaborated for the aerophotogrammetry of
the study area. (Geographic Coordinate: Latitude: 691744,632;
Longitude: 7796284,803).

To determine the study area, meetings were held with
the Civil Defense department of Rio Piracicaba Municipal-

Postflight Terra® 3D, Pix4UAV® Desktop and ArcGis®
ESRI.
2.3. Modeling of thematic maps
Modeling of the thematic maps was performed at the
Civil Engineering Department of the Federal University of
Viçosa. The software ArcGis® 10.3.1 ESRI (Environmental Systems Research Institute) was used for the production
of the following cartographic data:
• Terrain Modeling;
• Delimitation of study area and hydrography, complemented by identified drainage;
• Digital elevation model (DEM): made using Arctoolbox
software, Topo to Raster interpolator, with the curves
generated by the software Raster Surface - Contour as input data;
• Declivity: drawn from the Digital Elevation Model
(DEM) and the level curves (Topographical Map) by
way of geoprocessing in Slope software (3D analyst
tool). The gradient (slope) analysis was subdivided into
six classes, according to EMBRAPA (1979): 0-3 % (wavy), 8-20 % (gentle wavy), 20-45 % (wavy strong),
45-75 % (mountainous), > 75 % (steep)
• Interfaces with 3D thematic map, using ArcScene.
All the outcomes were organized from the orthomosaic obtained by the UAV survey, which contributed to
the geomorphological analysis and characterization of the
study area.
2.4. Processing and obtaining the database by the UAV
For the generation of the database collected from the
flight and the junction of the 41 aerial photos, georeferencing and association of the geographic coordinates were

60

Figure 4 - (a) Element of Pix4UAV® Desktop Software in the
study area after taking pictures (Geographic Coordinate: Latitude:
691744,632; Longitude: 7796284,803). (b) Component part of the
processed Orthophoto showing the flight paths (trajectory) of the
UAV over the studied area (Geographic Coordinate: Latitude:
691744,632; Longitude: 7796284,803).
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Figure 5 - Three-dimensional perspective (3D) of the study area
obtained with ArcScene®, version 10.3.1 (Geographic Coordinate: Minimum Latitude: 691341,000000, Maximum Latitude:
692625,813950; Minimum Longitude: 7795380,931400, Maximum Longitude: 7796856,871180) (Scale in 2D: XY Scale
1:7.000, Z Scale Elevation Factor: 1,5 ArcScene ®).

ity, and were supported by its historical collection on land
use and occupation, landslide occurrences and social aspects. Geological-geotechnical mapping involved the complete evaluation of four neighborhoods (Córrego São Miguel, Padre Levy Housing Complex, Bom Jesus, Nossa
Senhora da Conceição) in which the points and areas of

geological-geotechnical risk associated with physical environment information were registered and georeferenced.
Points were collected by means of field surveys
carried out in every street of the four evaluated neighborhoods using a GARMIN 60CSx GPS and photographic
records. In these surveys, two different risk situations
were identified and named: 1) current risk (situations of
geological risks present in the urban area), and 2) potential risk (susceptibility in unoccupied areas). In the identification and mapping stage, geological/geomorphological diagnostic and land uses identification were
performed, in which certain specific conditions were
considered (see Table 1), for the classification of current
and/or potential risk to mass movements within the study
area.
The delimitation of the areas of risk (zoning) was carried out in the field through sectorization on the local cartographic base and the information of the previously
identified risk points. The degree of risk for a given element
was evaluated individually, mainly considering the typologies of the constructions for each sector and/or demarcated
households, as well as its vulnerability to mass impact, in
addition to the other observations related to the geologi-

Table 1 - Aspects for the classification of current/potential risk of mass movements in the study area. Adapted from Souza (2015).
Geological/geomorphological diagnosis

Use and occupation diagnosis

-Local geology (main lithotypes, structures, orientation of minerals, elements of
discontinuity)

- Constructive standard of residences - Disposal of trash and debris material on the
(cracks etc.)
slope

- Terrain (altimetry, declivities and orientations of slopes), identification of main triggers related to hydrological-climatic
processes, natural changes in the inclination
of layers

- Inefficient/nonexistent drainage sys- - Identification of erosive features
tem

- Poorly located constructions

Identification of the main triggers

- Drainage; Leakage of tubing/ Releasing of
wastewater on the surface / Sanitary septic
tanks

- Withdrawal of protection surface

- Mass movement scars

- Removal of vegetation cover

- Cuts with inappropriate heights and inclinations; Released landfills; Execution of deficient landfills.

- Deforestation.
Table 2 - Risk hierarchy criteria (adapted from Brazil (2007) by Roque (2013).
Degree of probability

Description

(R0) No risk

1. The predisposing geological-geotechnical conditions (slope, type of terrain, etc.) and the level of intervention in the sector are of no potential for the development of landslides and undermining.
2. Sign/feature/evidence(s) of instability is/are not observed. There is no evidence of development of drainage-margin or slope instability.
3. If existing conditions are maintained, destructive events are not expected to occur in the period of a normal rainy season.

(R1) Low

1. The predisposing geological-geotechnical conditions (slope, type of terrain, etc.) and the level of intervention in the sector are of low potential for the development of landslides and undermining.
2. There are of some signs/features/evidence of instability (slopes and drainage margins), although incipient. Process of instability at an early stage of development.
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Table 2 - Cont.
3. If the existing conditions are maintained, there is a low possibility of destructive events occurring during
episodes of intense and prolonged rains in a rainy season.
(R2) Medium

1. The predisposing geological-geotechnical conditions (slope, type of terrain, etc.) and the level of intervention in the sector are of medium potential for the development of landslides and undermining.
2. There are significant signs/features/evidence of instability (cracks in the ground, denudational landforms
in slopes, etc.). The instability process is ongoing; however, it is still possible to monitor its evolution.
3. If the existing conditions are maintained, it is quite possible that destructive events occur during episodes
of intense and prolonged rains in the period elapsed by the rainy season.

(R3) High

1. The predisposing geological-geotechnical conditions (slope, type of terrain, etc.) and the level of intervention in the sector are of high potential for the development of landslides and undermining.
2. There are signs/features/evidence of instability (cracks in the ground, denudational landforms in
slopes, cracks in dwellings or retaining walls, tilted trees/poles, landslide scars, erosive features, proximity
of dwellings in relation to banks of streams, etc.) and they are expressive and observed in great number or
magnitude. Instability process at an advanced development stage.
3. If the existing conditions are maintained, it is very likely that destructive events will occur during episodes of intense and prolonged rains in the period elapsed by the rainy season.

cal-geotechnical conditions and evidence of instability, according to Brazil (2007).
The data sheet used for risk mapping, with the results
of the geological-geotechnical fieldwork evaluations, was
adapted by Roque (2013) from the methodology proposed
by the Ministry of Cities (Brazil, 2007) (see Table 2). Its
main benefit is to standardize the criteria used to define the
degree of risk of mass movements in the study area. The hi-

erarchy of the degree of risk was based on the judgment and
experience of the technical team (qualitatively), responsible for the survey. For zoning risk, a four-level probability
hierarchy was set, adapted from the Ministry of Cities classification: (R0) No risk, (R1) Low Risk, (R2) Medium Risk
and (R3) High Risk, being R3 considered as needing immediate intervention.

Figure 6 - Map of the study area in Rio Piracicaba, MG.
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The points and areas mapped and the delimitation of
risk sectors were plotted and organized in an RGB (3-2-1)
orthomosaic (Fig. 6) obtained from the aerial photogrammetric survey by the Unmanned Aerial Vehicle (UAV) and
processed with Postflight Terra® 3D and Pix4UAV®
Desktop systems. This image has enabled to build the cartographic base in the GIS environment. This cartographic
base, with scales varying from 1:7.000 to 1:800, aided the
verification of points and the creation of the polygons of the
georeferenced areas. The software used for the generation
of scenarios and sectorization of risk was the ArcGis®
10.3.1, developed by ESRI (Environmental Systems Research Institute).

3. Results and Discussion
The classification of the degree of risk of the areas
and points that were mapped in the four evaluated neighborhoods are shown in Table 3 and on the map presented in
Fig. 7. As stated, the hierarchy was classified based on the
type of use, pattern of settlement and other triggering aspects observed on the ground, in accordance with the methodology of the Ministry of Cities. Moreover, classification
also took into account the diagnosis of the physical characteristics integrated into the digital cartographic data of the
study area in GIS environment (digital terrain model, altimetry, slope, land use and occupation, and mass movement
scars).

Table 3 - Number of points and areas by neighborhoods.
Neighborhoods

Points of risk

Areas of current risk

Areas of potential risk

R1 Low R2 Medium R3 High

R1 Low R2 Medium R3 High

R1 Low R2 Medium R3 High

Córrego São Miguel

1

6

COAHB

1

2

Bom Jesus
Nossa Senhora da
Conceição

13
1
3

1

1

4

2

2

1

1
1
1
1

Figure 7 - Landslide risk map: areas of current risk, areas of potential risk (susceptibility) and points of risk - urban perimeter of Rio
Piracicaba, MG.
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To elucidate the situation of each neighborhood,
the results were subdivided into 4 maps in larger
scales, elaborated with the aim of a better representation of the urban and environmental diagnostic of the
risk areas.
3.1. Córrego São Miguel neighborhood
The anthropic action, as a main environment modifier, in addition to the geotechnical, geological and geomorphological characteristics unfavorable to occupation,
have allowed rating Córrego São Miguel neighborhood as
the one with the greatest number of identified risk points
(20), 8 areas of current risk and 2 of potential risk, which
are considered priorities for immediate intervention and restructuring. It is suggested to prevent new occupations and
reallocation of the population of the dwellings in the most
critical situations and areas (Fig. 8).
The areas classified as high risk (R3) are marked by
the presence of precarious and clandestine settlements, located at the top and at the base of cut slopes. There are a series of cuts and embankments carried out in a chaotic
manner without any technical supervision, which result in
the creation of zones of flow concentration and in large cutting heights and steep slopes. The neighborhood does not
even have a sewage collection system and the residual
effluents are launched in situ or directed to septic tanks; the
drainage systems are non-existent or insufficient, and can

Figure 9 - Delimitation of High-risk points and area in the Córrego São Miguel neighborhood, precarious settlements, absence
of rainfall drainage, erosive process in advanced stage and mass
movements scars.

increase soil saturation, especially during periods of concentrated and intense rainfall. There are many banana trees
whose roots promote water retention, along with dense vegetation on the slope, which may lead to vertical overload.
This combination of factors increases the risks of mass
movements (Fig. 9).
The predispositions observed in the medium-risk areas and points are related to the presence of exposed young
residual soil, with formation of grooves and ravines due to
concentrated surface runoff; cracks were also observed in
the dwellings. Corrective measures must be taken for these
situations, to prevent this degradation stage to progress.
Low-risk points and areas are situated on slopes varying from 3 to 45 %, in which the dwellings have better

Figure 8 - Landslide risk map of Córrego São Miguel neighborhood, Rio Piracicaba, MG.
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infrastructure conditions. However, damaged wastewater
pipes were observed, with the effluents being disposed directly on roads. Although triggeringfactors are incipient,
monitoring is necessary. For areas not yet occupied and categorized as with low potential risk, preliminary inspections
should be carried out to assess geological-geotechnical
characteristics and suitability for urbanization, in order to
avoid cluttered occupations and cuts with inappropriate
height and excessive slope
The area classified as potentially high-risk and the
specified high-risk points described in slope of more than
45 % are related to the exposing of soil and rock and
ferruginous soils compounds of strongly erodible lateritic
(“cangas”). These materials impose a natural predisposition to morphodynamic deflagrations. It was observed that
on erosive processes, the geometry of the slope favors the
convergence of flows. According to the Civil Defense, this
area has a history of mud runs in periods of heavy rainfall
that affects residences located below. The municipality has
already promoted some recovery attempts, but none has
showed satisfactory results and, currently, the area is protected by wire fences. Occupations should be avoided.
As can be seen in the declivity map with the neighborhood limit (Fig. 10), the diagnosed points of risk are mostly
located in the highly hilly terrains. On these points there are
shallow soils (mostly silty sand) and rock outcrops in the
base of the slopes, which present a natural predisposition

for the action of the weather and, consequently, potentiate
the risk of mass movements.
3.2. COAHB
The main risk-inducing factors on COAHB neighborhood are related to slopes with more than 30 % inclination,
presence of soil/rock contacts and wastewater being disposed directly on lands and roads. This constant water flow
in the soil causes increased saturation, decreases strength so
increasing the risk of mass movements. The points classified as low risk require monitoring of the dynamic processes identified, related to the exposed soil and the absence of a drainage system. Drainage works are necessary to
solve these problems; as well as planting, to restore the vegetation cover; and containment works, to prevent the degradation to progress (Fig. 11).
The area classified as medium potential risk is located
at the base of a slope with inclination higher than 45 %
(Fig. 12). The sparse vegetation still acts as a protective layer
against water erosion, but the presence of shallow soils can
control landslides during heavy rain periods. Thus, it is necessary to monitor the buildings that are located below this
slope in order to avoid human and economic losses.
3.3. Bom Jesus neighborhood
In Bom Jesus neighborhood, 3 high-risk points were
registered. The area demarcated as high potential risk
(Fig. 13) corresponds to the face of a mountainous relief

Figure 10 - Slope Map (inclination) (Córrego São Miguel Neighborhood, Rio Piracicaba, MG.
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Figure 11 - Mass-movement risk map (neighborhood) COAHB Padre Levy, Rio Piracicaba, MG.

Figure 12 - Slope (inclination) map of COAHB neighborhood, Rio Piracicaba, MG.
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slope, in which mass movement scars with recomposed
crawling vegetation were identified; however, the dwellings below this slope should be monitored.

High-risk points are associated with landslides and
presence of housing on the top. Unconsolidated materials
and volumes of debris were identified at the talus deposit

Figure 13 - Mass-movement risk map of Bom Jesus neighborhood, Rio Piracicaba, MG.

Figure 14 - Slope map (inclination) of Bom Jesus neighborhood, Rio Piracicaba, MG.
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located at the foot of the hillside. Also, features such as apparent mass movements, inefficient retaining wall and absence of drainage increase the risk observed on these
points.
These high-risk points must have a solution immediately, probably by a retaining wall. As can be seen in the declivity map (Fig. 14), this neighborhood is mostly located
in an area of flat to highly undulating relief and presents a
better constructive pattern. However, it should be monitored in order to avoid the emergence of risk-triggering
agents.
3.4. Nossa Senhora da Conceição neighborhood
The neighborhood of Nossa Senhora da Conceição
(Fig. 15) was the neighborhood that appeared to have better
conditions of urban planning, despite the insufficiency of
existing drainage systems. Only one medium-risk and one
low-risk point were identified as presenting predisposing
geological-geotechnical conditions. Erosive processes at
an early stage of development were observed, as well as old
mass-movement scars on a slope > 45 % with poor natural
drainage, classified as high potential risk. In the municipality’s master plan, these two listed sites are located in an environmental protection zone, which restricts their urban
occupation and use, in order to protect and maintain its natural aspect.
According to the declivity map (Fig. 16), the dwellings are mostly located in areas of flat to highly undulating
relief.

4. Conclusion
Mass movement risk assessment is an indispensable
tool for the planning and monitoring of the urban environment and should be incorporated into the instruments of all
Brazilian municipalities with the aim of minimizing the disasters caused by this type of event.
After the diagnosis made in the area of study in Rio
Piracicaba, MG, it was possible to perceive the inefficiency
of legislation and public policies related to the control of
land use and occupation within the study area, mainly in the
zones of social interest, such as Córrego São Miguel neighborhood.
After classification and integration of the results, it
was observed that the points and areas classified as high
risk are directly related to anthropic areas on slopes greater
than 30 %, combined with the presence of dwellings of low
constructive standard, with no engineering design, in which
population lives in precarious conditions. Furthermore, there is insufficient rainfall drainage system and the disposal
of sanitary sewage is absent and/or insufficient. All these
aspects, together, intensify the process of soil saturation. In
addition, there is a natural predisposition for geoenvironmental problems, such as a rugged topography and the presence of variable lithological units, earthy and rocky
substrates of low strength, which are subject to frequent instability processes, by the natural action of gravity and the
weather, mainly in periods of rainfall concentration. In this
context, in which the risk scenario is imminent in relation to

Figure 15 - Landslide risk map, Nossa Senhora da Conceição neighborhood, Rio Piracicaba, MG.
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Figure 16 - Slope map (inclination) Nossa Senhora da Conceição neighborhood, Rio Piracicaba, MG.

the integration of the natural environment and the built environment, immediate interventions must be made by the
Civil Defense, starting by withdrawing and relocating those
dwellers in the most precarious situations, carrying out stabilization works, and promoting sustainable actions and educational activities to raise awareness within the population
about the risks they are exposed to, so as to increase awareness and discipline to prevent future accidents.
The procedures used in this work through the application of the methodology of the Ministry of Cities have
shown that, despite being considered a subjective evaluation by several authors, it is a low-cost process, effective as
a preliminary identification of the main predisposing geological-geotechnical destabilization mechanisms. However, it is important to emphasize the importance of having
professionals with experience and technical capacity to perform interpretations in the field, in order to coherently rank
the risk level. It is worth stressing the need for these mappings to be updated annually, with the purpose of verifying
the evolution of the risk frameworks in the municipality.
The use of the post-processing orthorectified image
obtained from the survey of the Unmanned Aerial Vehicle-UAV, allowed the preparation of current maps with visual quality in detail scales, which ranged from 1:7.000 to
1:800, contributing to the integration of the data in the GIS
environment. It can, therefore, be considered an excellent
resource for obtaining, classifying, vectoring and plotting
the specific areas of interest, besides being a suitable and
agile support for geological-geotechnical mapping works.
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Thus, it may be of help for other projects involving environmental planning of the municipality.
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Landslide Susceptibility Mapping of Highway Slopes, Using
Stability Analyses and GIS Methods
A.M.L. Craig, O. Augusto Filho
Abstract. The study presented in this paper aims to map landslide susceptibility on highway slopes and adjacent areas, using an approach based on stability analysis with deterministic methods considering semi-regional and detail work scales.
The infinite slope method in a Geographic Information System (GIS) environment and a 1:10,000 scale topographic base
(elevation intervals of 5 m) were used in the stability analysis at the semi-regional scale. Geological-geotechnical sections
surveyed in the field with measuring tape and inclinometer (1:100 scale with 0.5 m vertical slope intervals) and the Bishop
Simplified method were used in the detail scale. The geological-geotechnical materials present in the studied area are residual soils (sandstones, basalt and diabase), alluvial deposits and landfills. The slopes and marginal areas of the highway
more susceptible to landslides were mapped based on quantitative models of analysis, reducing the subjectivity of the mapping. Limitations of the infinite slope method related to its physical-mathematical model were identified and analyzed. The
approach used was efficient even considering the limitations of the infinite slope analysis method and the representativeness of the geomechanical parameters used in the stability analyses.
Keywords: Bishop Simplified, geological-geotechnical sections, infinite slope, residual soils, safety factor, slope susceptibility.

1. Introduction
During the execution of linear works a diversity of
geological-geotechnical materials can be exposed, such as
rock units and associated soils, as well as surface and underground water dynamics, which in turn, respond in different manners to the demands imposed by the system. In
the case of highways, there are problems associated with
the stability of the slopes and embankments.
Several studies have addressed this theme given its
social, economic and environmental importance in highway management. Data from the Brazilian National Department of Transport Infrastructure shows that, only in
2011, about R$ 150 million were invested on the recovery
of federal highways affected by landslides and erosion processes (DNIT, 2014).
The most recent studies dealing with landslide susceptibility mapping have used the combination of deterministic stability analysis models, such as the infinite slope
method, with hydrological models in a Geographic Information System (GIS) environment. Following this research
line, stand out the models SHALSTAB - Shallow Slope
Stability Model (Montgomery & Dietrich, 1994); dSLAM Distributed Slope Stability Model (Wu & Sidle, 1995;
Dhakal & Sidle, 2003); SINMAP -Stability Index Mapping
(Pack et al., 1998; Pack et al., 2005) and TRIGRS -Transient Rainfall Infiltration and Grid-Based Regional SlopeStability Model (Savage et al., 2004; Baum et al., 2002;
Baum et al., 2008).

Some examples of the application of SHALSTAB
and TRIGRS models are the studies of Ramos et al. (2002),
Vieira (2007), Park et al. (2013), Rosniecek & Imai (2013)
and Gioia et al. (2014). Wu & Abdel-Latif (2000), Augusto
Filho (2006) and Silveira et al. (2012) used the infinite
slope method in the elaboration of landslide susceptibility
maps.
In this context, this paper proposes a landslide susceptibility mapping of the highway slopes and adjacent areas using an approach based on stability analyses with
deterministic methods and considering semi-regional and
detail work scales.
The infinite slope method in a GIS environment and a
1: 10,000 scale topographic base (elevation intervals of
5 m) were used in the stability analyses at the semi-regional
scale. The Bishop Simplified method (available in the Slope/W module of the GeoStudio software) and geological-geotechnical sections surveyed in the field (1:100 scale
with 0.5 m vertical slope intervals) were used in the detail
scale.
The use of two simultaneous scales of analysis can be
considered one of the differentials of the current study
when compared to previous studies of landslide susceptibility mapping based on quantitative models. Another relevant aspect regards the identification and discussion of the
limitations of the infinite slope method related to its physical-mathematical model. This method tends to produce
anomalous results with the increase of safety factor (SF)
rather than its reduction for failure surfaces with slopes
greater than 60° and depths less than 1 m.
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The infinite slope method, developed by Skempton &
DeLory (1957), assumes that the depth of failure is much
less than the total extent of the slope and that the balance
between the resistive and sliding forces on a single slope
slice is sufficient to represent the level of stability of the entire slope. This simplification makes the method quite malleable for its application in various situations and presents a
good compatibility with computer programs, especially
those involving GIS (Ahrendt, 2005). The calculation of
the SF in the infinite slope method is performed through the
Eq. 1 below as proposed by Massad (2003).
c ¢ + ( g nat ´ z cos 2 i - u) tan F¢
SF =
g nat ´ z sin i cos i

(1)

in which SF = safety factor; c’ = effective cohesion; gnat = natural unit weight; f’: effective friction angle; z = depth of
failure plane; i = slope angle; u = pore water pressure.
Bishop’s method of analysis is a modification of the
Fellenius method taking into account the balance of moments (resistant and acting) and the balance of forces acting
on each coverslip (Fiori & Carmignani, 2009; Gaioto,
1992). The Bishop Simplified method considers the balance of forces and moments, initially proposed by Bishop,
neglecting the lateral forces between the slices. In other
words, the Simplified Bishop Method admits a circular failure surface and considers that the forces on the sides of the
slices are horizontal, disregarding the tangential forces between them. This simplification results in a 1 % error on the
exact calculation (Abramson et al., 2002).

As it can be seen in Eqs. 2, 3 and 4 below, in the Simplified Bishop method the safety factor is obtained by an
interative process.
SF =

å [ b ´ c ¢ + ( W - u ´ b) tan F¢ ]´
å W sin a

1
M (a )

(2)

b = l cos a

(3)

æ tan F¢ tan a ö
M( a) = cos aç1 +
÷
SF
è
ø

(4)

in which SF = safety factor; b = slice thickness; W = slice
weight; c’ and f’ = effective cohesion and friction angle at
the base of the slice center; u = pore water pressure at the
base of the slice center; l = length of slice base.

2. Study Area
The study area covers a range of 500 m width on both
sides of Luís Augusto de Oliveira highway (SP-215), between kilometers 170 to 192.2 (geographic coordinates
Córrego Alegre datum: 48°17’29.657” W, 22°6’57.617” S;
48°4’33.742” W, 22°3’19.25” S). According to DER
(2015), in 2014 the Average Daily Volume (ADV) of traffic on this highway reached 3,259 vehicles per day.
The studied section of the SP-215 highway crosses
the municipalities of São Carlos, Ribeirão Bonito and Dourado, located in the center-west of the state of São Paulo,
Brazil. The 1: 10,000 digital cartographic base was assembled on seven A3 sheets for printing (Fig. 1).
These areas are geologically composed of aeolian and
fluvial sandstones (Botucatu and Adamantina formations,

Figure 1 - Study area.
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respectively), basalt and diabase rocks (Serra Geral Formation), and their respective residual soils, that together comprise the register of the Paraná Basin (Devonian-Cretaceous ages) in the State of São Paulo (IPT, 1981a).
Subordinately, detrital slope deposits (colluvium) and alluvial deposits can occur in larger drainages. Geomorphologically the area mostly comprises hills, basaltic plateaus
and escarpments (IPT, 1981b).
The rainy season runs from October to March, with
the rainiest quarter from December to February. The driest
period is from April to September, with the driest quarter
between June and August.
Although the studied region does not present the
same levels of natural susceptibility to the occurrence of
landslides as the crystalline mountainous regions, these
processes have occurred with a certain frequency, mainly in
the highway cuts (Fig. 2).

3. Materials and Methods
The main materials and software used in the study
were topographic maps at 1:10,000 scale, aerial images
from Google Earth Pro and field survey equipment (geological hammer, measuring tape, inclinometer and compass), Arcmap (2010), Geoslope (2012) and Office (2010).
Initially, the subject of the research was defined, a
bibliographic review was made and also the study area was

chosen. Then, the research was developed according to the
four major steps outlined below: Inventory; Landslide susceptibility mapping at 1:10,000 scale; Slope stability analyses at detail scale; and Synthesis.
3.1. Inventory
At this stage, the main geological and geotechnical
information of interest for the study were collected and organized, and the digital cartographic base, the Digital Terrain Model (DTM) and the thematic maps necessary for the
landslide susceptibility mapping of the surroundings and
slopes of the highway at 1: 10,000 scale were produced. All
maps produced in this step were elaborated using the GIS
Arcmap/Arcgis spatial analysis tools.
The digital cartographic base at 1:10,000 scale included the topographical information (elevations contours
every 5 m, elevation points, streams, highway cuts and
landfills) and a mosaic of aerial images from Google Earth
Pro. The thematic maps produced were: Shading, Hypsometric; Slope; and Geological Materials.
The DTM was produced with the top to raster command of the 3D Analyst Tools module. This tool performs a
hydrologically correct interpolation of a surface starting
from the input data related to the elevation contours, elevation points, streams, and boundaries of the digital cartographic base. A cell size of 2.5 m was defined as the

Figure 2 - Highway cut with shallow landslide in sandstone residual soil (Botucatu Formation).
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interpolation grid, which is 50 % lower than the maximum
permissible cartographic error at 1:10,000 scale (0.5 mm or
5 m).
The filter and the fill tools were applied to obtain the
final hydrologically correct interpolated raster surface. The
final DTM was qualitatively evaluated to ensure that it provided a realistic representation of the topographic surface.
The qualitative evaluation created contours from the new
surface with Contour tool and compared them to the input
contour data.
These procedures are important because the accuracy
of the shading, hypsometric and slope maps and of the landslide susceptibility mapping at 1:10,000 scale is largely associated with the quality of the DTM.
The map of geological materials was produced based
on preexisting mappings and field surveys along the studied section of the highway.
3.2. Landslide susceptibility mapping at scale 1:10,000
The whole set of information obtained in the inventory stage allowed the accomplishment of a preliminary
geological-geotechnical characterization of the study area
and to carry out the landslide susceptibility mapping at
1:10,000 scale using the infinite slope method. This approach enabled the definition of landslide susceptibility by
calculating the safety factor (SF) in all the cells of the terrain according to the characteristics of each one.

The safety factors (SF) were calculated using the infinite slope method (Eq. 1) and applying the raster calculator
tool of the GIS considering a 2.5 m grid (same as the DTM).
The operation was done using matrices with the data of the
soil geomechanical parameters, slope, groundwater conditions and the depth of the failure surface (Fig. 3).
Three main scenarios were simulated taking into account the groundwater conditions and the failure plane. The
objective of these simulations was to obtain the best fit between the model of landslide susceptibility mapping and
the data collected in the field surveys.
Additional simulations were performed aiming to understand some anomalous results obtained related to limitations of the infinite slope stability analysis method not
mentioned in previous studies. The conditions of SF vs.
slope angle and failure surface depth, effective cohesion,
friction angle and water level above the failure surface were
simulated, taking as an example the geomechanical parameters of Botucatu Formation.
Due to limitations, infinite slope and the topography
detail for 1:10,000 scale used for landslide susceptibility
mapping, a modeling for the highway cuts and landfills was
necessary to be performed separately.
In order to observe the most critical situation of analysis, the minimum values of cohesion and friction angle
and maximum values of unit weight were adopted based on
data found in the literature. The SF values obtained for each

Figure 3 - Flow chart for landslide susceptibility mapping in GIS environment.
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scenario simulated were classified into five classes of susceptibility considering the minimum safety increases of 15,
30, and 50 % for the low, medium, and high degrees of
safety according NBR 11682 (ABNT, 2006) for mathematical models based on limit equilibrium (Table 1).

4. Results and Analyses
4.1. Thematic maps and characterization of
the study area
The hypsometric map was sliced into six elevation intervals and the percentage areas of each class were calculated. The study area presents elevations ranging from 553
to 762 m. The elevations tend to increase from northeast to
southwest. About 90 % and 100 % of the study area presented elevations between 550 and 650 m and 650 and
750 m on sheets 1 and 7, respectively. The elevations above
750 m occur only on sheets 4 and 5, comprising 3.6 and
6.2 % of their total areas respectively (Table 2).
The slope map was produced at continuous intervals
of degrees and was subsequently reclassified into five classes expressed as percentages and related to erosion and
landslide susceptibility (Table 3). Table 4 presents the percentage areas of each of these five slope classes in the study
area.
The slope values varied from 0.1 to 180 % (0.006 to
60.9°), but there is a high predominance of slopes lower
than 12 % throughout the study area (about 70 % of the total
area in each of the seven sheets of the study area). Only the
sheets 1, 4 and 5 present almost 11 % of their total area with
slope between 20 % and 50 % (very high susceptibility to
erosion and medium susceptibility to landslides) and only
sheet 5 presents almost 5 % of its total area with slope over
50 % (very high susceptibility to erosion and high susceptibility to landslides, Tables 3 and 4).
Regarding the distribution of the geological formations in the study area (see Section 2), the presence of the

3.3. Slope stability analysis at detail scale
The detailed geological-geotechnical sections surveyed in the field were used for the slope stability analysis
in this step. The stability analysis used the Bishop Simplified method (Eq. 2) and the SLOPE/W module of the
GeoStudio software. The Bishop Simplified method was
chosen because it provides intermediate results between the
more and less conservative equilibrium methods of slope
stability analysis (Krahn, 2004). The grid and radius method was used to research the critical failure surface. Four
sections were selected to represent the most critical sectors
and the main geological-geotechnical materials present in
the highway slopes.
The geomechanical parameters used in these stability
analyses were obtained from bibliography adjusted by the
back analysis of landslides that occurred in the highway
cuts sustained by residual soils of the three main geological
formations present in the study area (Botucatu, Serra Geral
and Adamantina Formations).
3.4. Synthesis
The results obtained in the previous steps were aggregated and analyzed resulting in the final map of landslide
susceptibility in the slopes of the studied highway.

Table1 - Classes of safety factors (SF).
SF

Failure condition represented

Susceptibility

£1

Failure

1.01 to 1.3

1 % to 30 % over the failure condition

High

1.31 to 1.5

31 % to 50 % over the failure condition

Middle

1.51 to 2

51 % to 100 % over the failure condition

Low

>2

100 % over the failure condition

Very high

Very low

Table 2 - Percentage areas of hypsometric classes (source: hypsometric map).
Hypsometric classes (m)

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

534-550

8.7

0

0

0

0

0

0

550-600

43.4

7.5

5.5

3.8

0

0

0

600-650

44.9

53.3

41.2

45.1

6.2

1.9

0

650-700

3

39.2

53.2

25.9

22.2

15.8

21.8

700-750

0

0

0

21.6

65.4

82.3

78.2

750-762

0

0

0

3.6

6.2

0

0
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Table 3 - Slope classes (%) and erosion and landslide susceptibility.
Slope classes
(%)

Erosion and landslide susceptibility
(°)

0-6

0-3.4

Low to erosion and very low to landslides

6-12

3.4-6.8

Medium to erosion and very low to landslides

12-20

6.8-11.3 High to erosion and low to landslides

20-50

11.3-26.6 Very high to erosion and medium to landslides

> 50

ered rock expositions, which have the potential to trigger
rock falls and boulder rolling processes. Shallow landslides
scars were identified on the highway slopes with residual
soils of all geological formations present in the study area.
Typically, these scars affect the total height of the highway
cuts, presenting few meters width (2 to 5 m) and depths less
than 2 m (Fig. 2). Features of slope instability were not
identified on the highway landfills.

> 26.6

4.2. Landslides susceptibility mapping applying infinite
slope model
The following three main scenarios were simulated
based on the results of the thematic maps and geological-geotechnical characterization of the study area: 1 Unsatured condition and failure surface 1 m deep; 2 Unsatured condition and failure surface 2 m deep and 3 Water level 0.5 m above the failure surface 1 m deep.
The map of geological and geotechnical units guided
the bibliographic search for the geomechanical parameters
of the formations found in the region. Similar geomechanical parameters were used for the residual soils of the
diabase and basalt (Serra Geral Formation). The minimum
values for each formation of Table 7 were considered for
the simulations.
During the initial simulations for the calculation of
SF using the infinite slope method and considering the
boundary conditions described above, for slopes greater
than about 60°, the FS values began to increase rather than
decrease with increasing of slope value. Specific simulations were performed to understand these anomalous results related to limitations of the infinite slope stability
analysis method not mentioned in previous studies.

Very high to erosion and high to landslides

Adamantina Formation is noticed in a large percentage on
sheets 5, 6 and 7, and the presence of the Botucatu Formation in high percentages on sheets 2 and 3 (Table 5).
Considering the distribution of slopes by the different
geological formations present in the study area, only the
Serra Geral/Basic Intrusive formation has almost 15 % and
4 % of its total area with slopes between 20 to 50 % and
above 50 % respectively (Table 6).
The field surveys registered 33 control points. These
control points were characterized considering their geological-geotechnical material (rocks, residual and transported soils, landfill), features of slope instability (landslide scars and erosive processes, cracks, springs) and the
presence of drainage systems and other slope containment
structures.
Only a few highway cuts that expose basalts and
diabase of the Serra Geral Formation presented low weathTable 4 - Percentage areas of slope classes by (source: slope map).
Slope classes

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

(%)

(°)

0.1-6

0-3.4

15.4

27.1

67.0

24.9

41.5

41.3

51.3

6-12

3.4-6.8

51.5

49.5

25.9

44.8

31.9

41.7

38.0

12-20

6.8-11.3

20.5

20.1

6.0

15.6

10.7

11.4

8.6

20-50

11.3-26.6

11.8

3.4

1.0

11.7

11.1

4.5

2.1

50-180

26.6-60.9

0.7

0

0

3.0

4.8

1.2

0.1

Sheet 5

Sheet 6

Table 5 - Percentage areas of geological formations (source: geological units map).
Geological material

Sheet 1

Sheet 2

Sheet 3

Alluvial Deposit

3.4

1.8

0

0

0

0

0

Adamantina Fm.

0

0

0

11.4

46.3

72.8

96.1

71.0

45.5

0

0

0

0

0

Basic Intrusive
Serra Geral Fm.
Botucatu Fm.
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Sheet 4

Sheet 7

0

0

0

55.3

52.4

27.2

3.9

25.6

52.7

100

33.3

1.4

0

0
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Table 6 - Percentage areas of slope classes by geological formations (source: slope and geological units maps).
Slope classes

Geological formations

(%)

(°)

Botucatu

Serra Geral/Basic Intrusive

Adamantina

Alluvial Deposit

0.1-6

0-3.4

51.0

15.9

50.3

66.3

6-12

3.4-6.8

38.6

44.2

39.0

25.8

12-20

6.8-11.3

8.5

21.6

8.9

6.1

20-50

11.3-26.6

1.8

14.6

1.7

1.9

50-180

26.6-60.9

0

3.7

0.1

0

Table 7 - Geological and geotechnical materials and geomechanical parameters.
Materials

c’ (kPa)*

F’ (°)*

gnat (kN/m )

References

Landfill

0

33.8

17.5

Magnani (2006)

Alluvial deposit

5

30

13.7

2

28

15.32

8

32

15.32

5

30

15.32

13

31.5

14.9

35

20

17.9

19

29

16.4

20

38.1

18.25

Residual soils

Botucatu Fm.

Serra Geral Fm.

Adamantina Fm.

3

Augusto Filho &
Fernandes (2018)

Pinto et al. (1993)

Queiroz (1986)

(*) In terms of effective stress.

These simulations considered the variation of the
geomechanical parameters, the slopes, the failure surface
depth and the saturation conditions. Tables 8 and 9 exemplify the results of these simulations for the residual soils of
Botucatu Formation for unsaturated and saturated conditions respectively.
The results of Table 8 show that the shallower the
failure surface and the greater the cohesion value of the soil,
the smaller the maximum slope value that the infinite slope
method will present coherent results (FS decreasing with
increasing slope). The friction angle and water level height
seem not to influence the slope value from which the SF inversion occurs (Table 9).
By differentiating the infinite slope equation with respect to the slope angle, we can find the slope from which
SF inversion occurs for given values of cohesion, friction
angle and failure surface depth of rupture. Equation 5
shows this process for the given parameters of Botucatu
Formation c’ = 8 kpa, gnat (kN/m3) = 15,32 kN/m3, F’ = 32°,
as Fig. 4 plots the equation. Table 10 shows the results of
these analyses for each of the 3 main geological formations.
SF ¢ = -0.018227981744066105Csc[ ° x ] 2
+0.018227981744066105Sec[ ° x ]

2

-° Cs[ ° x ] tan[32° ]
2
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Figure 4 - Plot of Eq. 5.

After identifying the limitations of the infinite slope
stability analysis method described above, the simulations
were carried out to prepare the mapping of landslide susceptibility in the 1: 10,000 scale. Tables 11, 12 and 13 show
the percentage areas of susceptibility classes in the study
area considering the scenarios 1, 2 and 3.
The three simulated scenarios confirm that the section
of the highway studied is located in sites with predominantly low susceptibility to landslides, as indicated by the
data collected in the inventory step.
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Table 8 - SF vs. slope, depth of failure and effective cohesion (residual soils of Botucatu Fm.). Lines 3, 9 and 14 show the slopes from
which inversion of Safety Factor (SF) occurs.
ID

SF

Slope (°)

Depth of failure surface (m)*

SF

1

3.49

30

0.5

2

2.65

50

3

2.77

60

2.77

60

4

3.48

70

3.48

70

5

6.22

80

6.22

80

6

2.29

30

2.29

30

7

1.58

50

1.58

50

8

1.57

60

1.57

60

9

1.85

70

1.85

70

10

3.16

80

3.16

80

11

1.69

30

1.69

30

12

1.05

50

1.05

50

13

0.96

60

0.96

60

14

1.04

70

1.04

70

15

1.64

80

1.64

80

1

2

Slope (°)

c’ (kPa)*

3.49

30

8

2.65

50

4

2

(*) q’ = 32° was adopted for these simulations.
Table 9 - SF vs. slope, friction angle and water level (residual soils of Botucatu Fm.). Lines 3, 8 and 13 show the slopes from which inversion of Safety Factor (SF) occurs.
ID

SF

Slope (°)

Friction angle (°)

SF

Slope (°)

Water level (m)

1

3.49

30

32

1.84

30

0.5

2

2.65

50

1.31

50

3

2.77

60

1.32

60

4

3.48

70

1.60

70

5

6.22

80

2.78

80

6

3.22

30

1.65

30

7

2.51

50

1.20

50

8

2.68

60

1.22

60

9

3.42

70

1.49

70

10

6.19

80

2.62

80

11

2.72

30

1.48

30

12

2.27

50

1.09

50

13

2.51

60

1.13

60

14

3.31

70

1.40

70

15

6.14

80

2.47

80

25

10

0.75

1

(*) Cohesion = 8 KPa and depth of failure surface = 0.5 m were adopted for these simulations.

Table 10 - Results of the analyses of the derivative of the infinite slope equation.
Residual soil

Angle for safety factor
inversion (°)

Friction angle (°)

Botucatu

51.65

Serra Geral/Basic Intrusive

50.77

Adamantina

52.63

78

Cohesion (kPa)

Depth of failure surface
(m)

32

8

0.5

20

13

1

38.1

20

1
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The simulation of scenario 2 produced the highest
percentage areas of medium and high susceptibility, concentrated in sheets 4 and 5, where also the highest slopes
occur. Figure 5 illustrates the cartographic result for sheet
5. The increase of the failure surface depth (scenario 2)
causes a significant decrease in the SF values but this decrease is not so significant when the water level increases
(scenario 3).
Almost 100 % of the total area of Adamantina Formation, which occurs mainly in sheets 6 and 7 of the study
area, presented very low susceptibility to landslides for the
three scenarios simulated (Tables 14 to 16). These results
indicate that the geomechanical parameters adopted for this
formation are probably slightly above the actual values. A
small landslide in the highway cut was identified in this formation in the field surveys.
Considering the data collected in the inventory step
and especially in the field surveys, the landslides in the
studied area should occur mainly in unsaturated conditions
and be shallow (depths of 1 to 2 m), according to the boundary conditions simulated in scenarios 1 and 2.

4.3. Detail analysis of critical slopes
Stability analysis of the geological-geotechnical sections surveyed in the field were performed using the Bishop
Simplified method and the software GeoStudio®
(Slope/W) in order to detail the 1:10,000 mapping, especially the highway cuts and landfills. All these stability
analyses considered the unsaturated condition (without water level).
Four sections were selected to represent the most critical sectors and the main geological-geotechnical materials
present in the highway slopes, being three in cuts exposing
residual soils (Botucatu, Serra Geral and Adamantina formations) and one in landfill.
All sections selected in the highway cuts present
landslide scars, which made possible the accomplishment
of a back analysis, that was executed in the Adamantina and
Serra Geral Formations (Tables 17, 18 and Fig. 6). These
formations were chosen in order to obtain most coherent
geomechanical parameters, since the data used in the scenarios of semi-regional landslide susceptibility map were
considered high.

Table 11 - Percentage areas of the susceptibility classes for scenario 1
Susceptibility classes

SF

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

< 1.0

0

0

0

0

0

0

0

High

1.0 to 1.3

0

0

0

0

0

0

0

Medium

1.3 to 1.5

0

0

0

0

0

0

0

Low

1.5 to 2.0

0.1

0.2

0.1

0.2

0.6

0.2

0

> 2.0

99.9

99.8

99.9

99.8

99.4

99.8

100

Very high

Very low

Table 12 - Percentage areas of the susceptibility classes for scenario 2.
Susceptibility classes

SF

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

< 1.0

0

0

0

0

0

0

0

High

1.0 a 1.3

0.16

0.02

0.001

0.28

1.08

0.33

0

Medium

1.3 a 1.5

0.29

0.05

0.012

1.56

2.02

0.50

0.005

Low

1.5 a 2.0

1.51

0.25

0.17

4.09

5.00

1.01

0.05

> 2.0

98.05

99.7

99.8

94.08

91.9

98.2

99.9

Very high

Very low

Table 13 - Percentage areas of the susceptibility classes for scenario 3.
Susceptibility classes

SF

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

< 1.0

0

0

0

0.005

0

0

0

High

1.0 to 1.3

0.005

0.08

0.02

0.05

0.01

0

0

Medium

1.3 to 1.5

0.02

0.11

0.07

0.04

0.01

0

0

Low

1.5 to 2.0

0.33

0.53

0.3

0.7

1.66

0.5

0

> 2.0

99.6

99.3

99.6

99.2

98.3

99.5

100

Very high

Very low
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Tables 17 and 18 show the cohesion/friction angle
pair chosen in each back analysis. As might be expected,

various combinations of cohesion and friction angle have
FS close to 1.0. The Adamantina Formation residual soils,

Figure 5 - Susceptibility mapping of sheet 5 considering scenario 2.
Table 14 - Percentage areas of geological materials per susceptibility classes of scenario 1.
Susceptibility classes

SF

Botucatu

Serra Geral/Basic Intrusive

Alluvial deposit

Adamantina

< 1.0

0

0

0

0

High

1.0 to 1.3

0.001

0

0

0

Medium

1.3 to 1.5

0.02

0

0

0

Low

1.5 to 2.0

0.18

0.38

0

0

> 2.0

99.8

99.6

100

100

Very high

Very low

Table 15 - Percentage areas of geological materials per susceptibility classes of scenario 2.
Susceptibility classes

SF

Botucatu

Serra Geral/Basic Intrusive

Alluvial deposit

Adamantina

< 1.0

0

0

0

0

High

1.0 to 1.3

0.02

0.70

0

0

Medium

1.3 to 1.5

0.05

1.66

0

0

Low

1.5 to 2.0

0.28

4.38

0.06

0.01

> 2.0

99.7

93.3

99.94

99.99

Very high

Very low
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Table 16 - Percentage areas of geological materials per susceptibility classes of scenario 3.
Susceptibility classes

SF

Botucatu

Serra Geral/Basic Intrusive

Alluvial deposit

Adamantina

< 1.0

0.002

0

0

0

High

1.0 to 1.3

0.08

0

0

0

Medium

1.3 to 1.5

0.12

0

0

0

Low

1.5 to 2.0

0.59

1.05

0.1

0

> 2.0

99.2

98.95

99.9

100

Very high

Very low

although sandy, have significant percentages of fines
(around 30 % at least) and Serra Geral Formation soils are
clayey. Thus, it was used the pair with the highest cohesion
and friction value that back analysis of the landslides affecting the residual soils of these formations resulted in FS
close to 1.0.
The results clearly show that for the residual soils of
Adamantina and Serra Geral Formations the values of effective friction angle and cohesion used in the semi-regional landslide susceptibility map are quite high for the reality of the site as shown by the back analysis (Tables 7, 17
and 18).
The stability analysis for the slope of Botucatu Formation using the parameters of semi-regional landslide susceptibility resulted in a SF value of 1.078 (Table 7 and
Fig. 7a). The better fit for the strength parameters obtained
from the bibliography for Botucatu Formation residual
soils is due to the fact that, in this case, the parameters were
obtained from shear strength (consolidated-drained triaxial
compression test under saturated and unsaturated condi-

Table 17 - Back analysis of Adamantina Formation. The values
used in the new modelling are: c’ (kPa) = 4, F’ (°) = 24.1 and SF =
1.077.
F’ (°)

SF

0

36.1

1.074

0

34.1

0.997

1

32.1

1.028

0

32.1

0.924

2

30.1

1.061

3

28.1

1.097

3

26.1

1.032

4

24.1

1.077

4

22.1

1.017

5

20.1

1.068

5

18.1

1.013

5

16.1

0.959

6

16.1

1.07

6

14.1

1.019

c’ (kPa)
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Table 18 - Back analysis of Serra Geral Formation. The values
used in the new modelling are: c’ (kPa) = 5, F’ (°) = 14 and SF =
0.959.
F’ (°)

SF

12

20

2.044

11

20

1.907

10

20

1.770

10

19

1.748

c’ (kPa)

10

18

1.727

9

18

1.590

8

17

1.432

7

15

1.253

6

15

1.116

6

14

1.096

5

14

0.959

4

15

0.842

tions) tests performed by Augusto Filho & Fernandes
(2018) using soils of the same study area.
The modeling for the landfill section resulted in a SF
value of 1.065 (Fig. 7b). This value indicates that the parameters used for this material were slightly low, mainly related to the value of effective cohesion, since there were no
signs of instability in the highway landfills in the studied
section.
The results obtained in the stability analyses in the detailed geological-geotechnical sections were considered in
the elaboration of the final landslide susceptibility map of
the study area.
Finally, the results of the back analysis of the Adamantina and Serra Geral formations were used to calibrate
the geotechnical parameters used previously in the susceptibility mapping of scenario 1 (Tables 17 and 18).
The results of the scenario 1 mapping using the calibrated parameters are described in Table 19. As expected,
although areas of very low susceptibility (SF > 2) still predominate, there is a significant increase in areas of medium,
high and very high susceptibility in the zones in which
these two formations are present.
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Figure 6 - Back analysis of the highway cut exposing residual soils of Adamantina (a) and slope stability analysis of Serra Geral (b) formations.

In sheet 3, no change occurs because there is no material from Serra Geral formation / diabase. In sheet 2 only a
small increase occurs in the class of low susceptibility because, despite having the basic intrusive formation, soft
slopes predominate in this area (Tables 11 and 19). The results are similar for scenario 2.

5. Conclusions
Stability simulations using the infinite slope method
performed on the semi-detail scale (1: 10,000) allowed the
identification of limitations not previously described associated with the physical-mathematical model of this

method. These limitations can be overcome by calculating
the angle from which SF inversion occurs, obtained by
means of the derivative of the equation with respect to the
slope angle.
The slope stability simulations using Bishop’s simplified method in detailed geological-geotechnical sections
produced in the field surveys allowed the adaption of the
geomechanical parameters used in the semi-regional simulations, which made the mapping of susceptibility in the
study area more realistic.
The approach used was efficient even considering the
limitations of the infinite slope analysis method and the

Table 19 - Percentage area of the susceptibility classes for scenario 1 with adjusted geomechanical parameters.
Susceptibility classes

SF

Sheet 1

Sheet 2

Sheet 3

Sheet 4

Sheet 5

Sheet 6

Sheet 7

< 1.0

0.2

0

0

0.6

1.7

0.5

0

High

1.0 to 1.3

0.9

0

0

3.6

4.6

1.0

0.1

Medium

1.3 to 1.5

1

0

0

2.1

2.4

0.5

0.1

Low

1.5 to 2.0

3.4

0.4

0.1

4.2

3.7

1.3

0.4

> 2.0

94.5

99.6

99.9

89.5

87.6

96.7

99.4

Very high

Very low
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Figure 7 - a) Slope stability analysis in highway cut exposing residual soil of Botucatu Formation; b) Slope stability analysis in highway
landfill (see Table 7 for geomechanical parameters used).

representativeness of the geomechanical parameters used
in the stability analyses.
The slopes and marginal areas of the highway more
susceptible to landslides were mapped based on quantitative models of analysis, reducing the subjectivity of the
mapping. The use of deterministic stability analysis models
in GIS environment and in geological-geotechnical sections results in great versatility and different scenarios can
be simulated, adapting them to each situation analyzed.
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Pullout Testing of Soil Nails in Gneissic Residual Soil
A.C.N.B. Arêdes, E.A.G. Marques, A.H.C. Oliveira
Abstract. Soil nailing has proved to be an efficient and cost-effective stabilization technique, consisting in installing passive reinforcement in the soil that provides the material with tensile and shear strengths. The fundamental parameter in analyzing the mechanical behavior of this type of structure is the frictional resistance of the soil-nail interface, denominated qs.
This paper presents the results of pullout tests performed on a slope located on the campus of the Federal University of
Viçosa, in Viçosa-MG, Brazil. Drilling boreholes enabled the identification of four different types of soil with predominant
composition of fine sand and silt, all characterized as a gneissic residual soil. Different lengths and methodologies were
studied in the pullout tests with the aim of assessing the impact these factors have on shear strength. The values of qs obtained in the tests were similar to the ones reported by other authors. Even when running tests with low pressures, the results showed that the first grouting reinjection stage was able to provide a significant gain in the pullout resistance of the
nails. Another point of observation was that, even though there are reasonable estimated values of qs in the literature, the
conduction of pullout tests is essential for the confirmation of the values to be used in each situation.
Keywords: gneissic residual soil, nail types, pullout test, reinjection grouting, shear resistance of the soil-nail interface, soil
nailing.

1. Introduction
1.1. Principles of soil nailing
Among the techniques of soil stabilization, soil nailing is one that has been widely used for its efficiency, competitive cost-effectiveness, flexibility, and easy production.
This method consists in inserting passive inclusions into
the soil that provide it with additional tensile and shear
strengths.
In the study of the mechanical behavior of soil nailing, it is assumed that the reinforced massif can be divided
into an active zone, bounded by a failure surface, and a passive zone that is considered the resistant zone, where the
nails are anchored.
The main mechanism of interaction between the nails
and soil is associated with the mobilization of the frictional
resistance of the soil-reinforcement interface, denominated
qs. Therefore, the pullout resistance is a fundamental parameter for the design of soil nail walls.
According to Ortigão (1997) and Hong et al. (2013),
some factors can affect the value of qs, such as ground conditions, effective overburden stresses of the soil nails
(depth and overload), drilling method and hole cleaning,
grout injection method and grout characteristics, as well as
environmental factors, such as temperature and humidity.
The friction between the nail surface and surrounding
soil can be determined through the application of empirical
and theoretical methods, the elaboration of empirical corre-

lations with results obtained in field trials, as well as
through the conduction of field pullout tests.
Pullout testing is considered to be the most appropriate method to study soil-nail interaction, being widely employed for quality control in construction and performance
evaluation of soil nail walls (Babu & Singh, 2010a and
2010b). The test consists in using a hydraulic jack to apply
tensile loads to the nail anchored in the ground, then recording the displacement of the nail head for each applied load.
The maximum axial tensile load exerted on the soil nail is
obtained from the load-displacement curve.
There is no Brazilian standard that regulates the conduction of pullout tests, but several authors - such as Ortigão (1997), Ortigão & Sayão (2000), Zirlis et al. (2003),
Springer (2006), Feijó (2007), and Beloni (2011) - have already presented recommendations for the procedure and
how it should be controlled in soil nailing constructions.
The mobilization of shear strength upon the contact
between the soil and the nail is not uniform. However, as a
simplification, the value is assumed to be constant along the
length of the reinforcement, resulting in a constant value of
pullout resistance (qs) that is calculated using Eq. 1. For
nails larger than 10 m, the value of (qs) varies in a non-linear
manner along its length.
qs =

Fmax
pD × L anchored

(1)

where Fmax: maximum axial tensile load on the nail; D: drilling diameter; and Lanchored: anchored length of the nail.

Ana Carolina Nascimento de Barros Arêdes, M.Sc., Departamento de Engenharia Civil, Universidade Federal de Viçosa, Viçosa, MG, Brazil. e-mail: ana.aredes@ufv.br.
Eduardo Antonio Gomes Marques, D.Sc., Full Professor, Departamento de Engenharia Civil, Universidade Federal de Viçosa, Viçosa, MG, Brazil. e-mail: emarques@ufv.br.
Angelo Henrique Cruz Oliveira, M.Sc. Student, Departamento de Engenharia Civil, Universidade Federal de Viçosa, Viçosa, MG, Brazil. e-mail:
angelo.cruz.oliveira@hotmail.com.
Submitted on April 10, 2019; Final Acceptance on October 1, 2019; Discussion open until August 31, 2020.
DOI: 10.28927/SR.431085

Soils and Rocks, São Paulo, 43(1): 85-96, January-March, 2020.

85

Arêdes et al.

In this context, this paper presents results of pullout
tests performed on a gneissic residual soil with the aim of
determining the value of qs. The objective of this study is to
analyze the results of the tests, comparing them with values
found in the literature, and to evaluate the variations in the
nail’s shear strength that result from the use of different
nailing characteristics.
1.2. Values of qs
Many studies present field pullout tests of soil nails
conducted in Brazil and worldwide. Springer (2006) performed 25 pullout tests on a gneissic residual soil in Niterói
- RJ, Brazil, obtaining results of qs that ranged from 94 kPa
to 240 kPa for nails without reinjection, and varied between
159 and 231 kPa for nails with 1 reinjection stage.
Beloni et al. (2017) conducted pullout tests with 12
nails without reinjection in a mature gneissic residual soil
composed of sandy clay, located in Viçosa - MG (Brazil),
obtaining values between 47 kPa and 82 kPa.
Seo et al. (2017) performed field pullout tests to analytically determine the shear behavior between the soils and
grout, especially the soil-dilation effect that occurs during
shearing. For this study, three experimental fields with different soil types were selected: colluvial soil, weathered
granite soil, and fill soil. Two different construction methods were also analyzed: gravity grouting and pressure
grouting. In the weathered granite soil, three different anchored lengths (2.0 m, 3.0 m, and 4.0 m) were used to verify
the effect of the nail’s length. All types of soil nails were installed in the vertical direction. After the pullout tests, the
diameters of the soil nails were measured, being in around
13 cm with gravity grouting and 16 cm with pressure grouting. In this study, increased diameters were adopted to calculate the value of qs.
According to Seo et al. (2017), the results for the colluvial soil (classified by the Unified Soil Classification
System - USCS - as ML) showed values of qs that varied
from 96 to 120 kPa. In the weathered granite soil (USCS SM), the pullout resistance observed ranged from 128 to
160 kPa, and, for the fill soil (USCS - SC), the average
value of qs was approximately 72 kPa.
Oliveira et al. (2017) presented a study of an area located in Ipatinga - MG, Brazil. In order to carry out this
study, pullout tests were performed on 7 soil nails (1 without reinjection grouting, 3 with 1 stage of reinjection grouting, and 3 with 2 stages of reinjection grouting). All nails
had 5 m of anchored length in a silty fine sand soil. The authors obtained mean qs values of 53.36 kPa for nails without
reinjection, 62.17 kPa for nails with 1 reinjection stage, and
79.77 kPa for nails with 2 reinjection stages.
Ghadimi et al. (2017) investigated the effects of overburden, injection pressure, and soil strength parameters on
the bond strength of nails in situ. For this research, five different sites in Tehran, Iran, were studied, with a total number of 20 pullout tests of soil nails. The soils on all sites had
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a percentage of fine-grained soil < 10 %, a predominant
composition of sand, gravel content > 37 %, and reached qs
values up to 600 kPa.
Hong et al. (2017) presented an analysis of the influence of a few parameters (overburden pressure, grouting
pressure, and degree of saturation) on the pullout resistance
of soil nails installed in a typical fully-decomposed granite
or sand. Eight pullout tests of soil nails were conducted in
situ. The authors presented the results obtained from laboratory and field tests, with a qs value around 85 kPa.
Other researchers (França, 2007; Bhuiyan et al.,
2019) presented the results obtained from pullout tests carried out with a soil nail wall prototype built in a laboratory,
which enabled the verification of conditions not often
found in situ. França (2007) obtained values of pullout resistance of 145 kPa for medium-plasticity clayey-sand
(USCS - SC). Bhuiyan et al. (2019), in turn, used Stockton
Beach sand (silica sand) under varying conditions of overpressure and injection pressure, finding a maximum axial
tensile load on the nail that ranged from 4.5 kN to 25 kN,
with no specification of the exact diameter of the nails.
Silva (2018) used statistical analysis correlation to estimate the pullout resistance (qs) in cohesive soils, based on
results of percussion drilling (standard penetration test) and
pullout tests. The research was carried out with 20 soil nails
located in São Paulo - SP, Brazil, in 5 layers of different
soils with lengths of 10 m, from which 7 m formed its free
length and 3 m corresponded to the anchored length. The
author proposed a correlation between NSPT and qs according
to Eq. 2.
q s = 65.80 + 168
. N SPT

(2)

Noor & Jamain (2019) based themselves on a case
study to highlight the pullout and creep behavior of soil
nailing. The soil nails were installed in three different construction sites, each consisting of a different type of soil
(medium-stiff clayey silt, silty sand fill, and sandy silt set in
rock). The selected nails underwent testing up to the point
where the pre-determined working load reached 1.5 times
its original value. According to the results, the silty sand fill
generated a lower value of pullout resistance that ranged
from 8.75 to 26.00 kPa. The medium-stiff clayey silt displayed values of pullout resistance of 50.40 kPa, while the
soil nails installed in the sandy silt with rock yielded the
highest value of pullout resistance, ranging from
127.32 kPa to 305.60 kPa.

2. Materials and Methods
2.1. Description of the location
This study was conducted in a cut slope in a gneissic
residual soil, and was performed during the expansion of P.
H. Rolfs avenue, located on the campus of the Federal University of Viçosa, in Viçosa, Minas Gerais, Brazil (Figs. 1
and 2). This research was brought about by the collapse of
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Figure 1 - Location of study area. Source: Google Earth.

Figure 2 - Front view of failure occurred in the studied area.

this slope that occurred during the dry season of 2015, between July 4th and 6th. At the time when the slope movement occurred, there were no drainage devices installed on
the slope. A back analysis of this slope failure was presented by Arêdes et al. (2017).
The topography of the site was determined using a
Terrestrial Laser Scanner (RIEGL VZ 400), a GNSS receiver (JAVAD) and a digital camera (Nikon 600D). Eight
boreholes, with a maximum depth of 10 m, were drilled using a mechanical auger to identify the types of soil present
in the geological-geotechnical cross-section that was built

Soils and Rocks, São Paulo, 43(1): 85-96, January-March, 2020.

to perform slope stability analysis and to allow characterization of the site. Disturbed soil samples were collected at
every 25 cm of drilling, and a visual-tactile examination
was performed. The plan and cross-section were processed
using Topograph (2012) and AutoCAD (2016) software.
2.2. Laboratory tests
Using PVC tubes (40 cm in height x 35 cm in diameter), four undisturbed samples were collected from the
slope for laboratory tests. Following these tests, geotechnical characterization of the soils was performed to deter-
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mine particle size distribution (ABNT, 2016d), particle unit
weight (ABNT, 2016c), liquid limit (ABNT, 2016b), and
plastic limit (ABNT 2016a).
The shear strength parameters of the soils were obtained from direct shear testing with natural water content,
following the recommendations from ASTM (2011).
2.3. Pullout tests
The twelve holes drilled to install the nails were arranged in a single line with an average horizontal spacing of
1.5 m (Fig. 3). Among the twelve holes, six were drilled
with 6 m length and an average diameter of 100 mm (nails 1
to 6 - Fig. 3), while the other six were drilled with 4 m
length and the same average diameter (nails 7 to 12 Fig. 3). Drilling of nails 2, 3, and 4 was done with a hydraulic drilling rig, while all other nails were drilled with a mechanical auger. After the drilling process, a PVC pipe was
used to wash the holes until clean water came back through
the orifices. The soil nails were installed at a 15° downward
horizontal inclination.
To produce the nails, seven-meter-long CA-50 steel
bars with 20 mm diameter were used in the holes that were
6 m in length, whereas five-meter-long bars were used for
the ones with lengths of 4 m. Centralizers made of polyvinyl chloride (PVC) were installed along the length of each
nail bar (spaced 1.5 m apart) to ensure that the nail bar was
positioned in the center of the hole and that a minimum
thickness of grout covered it completely.
In order to study the effect of the grout injection
method on the shear resistance of the soil-nail interface,
three types of nail were examined: without reinjection
grouting (sleeve grout) and with 1 or 2 stages of reinjection
grouting. The reinjection grouting was achieved with a
tube-à-manchette attached to each steel bar. The tube-àmanchette used in this study consisted of a grout pipe that

had 20 mm diameter and was perforated with small holes
(grout injection points) at intervals of 1 m, which were enclosed by a sleeve of adhesive tape.
After the nail was prepared (Fig. 4a), it was inserted
into the hole, leaving a gap of 1 m from the surface for the
purposes of the pullout test. To prevent the cement grout
from filling the first meter of the hole, the bar was wrapped
with foam along this length.
The grout (cement CP-32 II-E), with a water/cement
ratio of approximately 0.7, was released upwards at low
pressure to perform the sleeve grout using the same PVC
pipe used for washing the hole. The first stage of reinjection
grouting was performed 24 h after the execution of the
sleeve grout, and, during this step, the pressure grouting
had a value of approximately 235 kPa. In this phase, a volume of grout corresponding to 4 bags of cement was injected
for 5 min into the soil nails with 3 and 5 m of anchored
length, respectively.
The first reinjection stage of the nails in which two
reinjection stages would be carried out was not performed
satisfactorily. During the course of the pressure grouting, in
addition to the injection valves having ruptured and caused
the valves that would be used in the second stage to break,
too, part of the grout also came back through the hole. Thus,
the applied pressure was relieved and the expected grout
bulb was not formed. The test results for these nails (1, 4, 7,
and 12) were considered incomplete reinjections and were
disregarded in this study.
Table 1 summarizes the information related to each
soil nail.
The setup (Figure 4b) of the pullout test was composed by the following equipment: pieces of wood (I),
welded steel plate (II), hydraulic jack cast with a capacity of
50 tons (III), set for locking the steel bar (IV), steel plate for
supporting extensometers (V), mechanical strain gauges

Figure 3 - Position of the soil nails.
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Figure 4 - Components of the pullout test: (a) Bar for insertion into the prepared hole. (b) Arrangement of the pullout test system.

Table 1 - Summary of nails information.
Soil nail Total length of the Total length inserted Anchored Diamesteel bar (m)
into the hole (m) length (m) ter (mm)

Equipment used in
drilling

Grouting method

1

7.00

6.00

5.00

100

Mechanical auger

Sleeve grout + 1 incomplete reinjection stage

2

7.00

6.00

5.00

100

Hydraulic drill

Sleeve grout + 1 reinjection stage

3

7.00

6.00

5.00

100

Hydraulic drill

Only sleeve grout

4

7.00

6.00

5.00

100

Hydraulic drill

Sleeve grout + 1 incomplete reinjection stage

5

7.00

6.00

5.00

100

Mechanical auger

Only sleeve grout

6

7.00

6.00

5.00

100

Mechanical auger

Sleeve grout + 1 reinjection stage

7

5.00

4.00

3.00

100

Mechanical auger

Sleeve grout + 1 incomplete reinjection stage

8

5.00

4.00

3.00

100

Mechanical auger

Only sleeve grout

9

5.00

4.00

3.00

100

Mechanical auger

Sleeve grout + 1 reinjection stage

10

5.00

4.00

3.00

100

Mechanical auger

Sleeve grout + 1 reinjection stage

11

5.00

4.00

3.00

100

Mechanical auger

Only sleeve grout

12

5.00

4.00

3.00

100

Mechanical auger

Sleeve grout + 1 incomplete reinjection stage

(VI), arms for pivoting and adjusting the position of the extensometers (VII), and a concrete-based fixed support for
the pivot arms (VIII).
The pullout was carried out in stages, each corresponding to an additional application of load. During these
stages, readings of the extensometers were taken at specific
times: 0 s, 15 s, 30 s, 1 min, 2 min, 4 min, 8 min, 15 min and
30 min. After the thirty-minute reading, the stabilization of
the displacement readings (Eq. 2) was checked. If this condition was satisfied, the end of the stage was characterized;
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otherwise, readings for 1 h, 2 h, and 4 h (and so on) were
performed, doubling the value until stabilization was achieved. In Eq. 3, li represents the reading taken at each of the
loading stages.
l i - l i -1

å

i

l
l=0

´ 100 £ 5 %

(3)

At the end of each stage, the procedure was repeated
with a new application of load and another cycle of read-

89

Arêdes et al.

was mainly composed of quartz, feldspar, and mica. The
groundwater table was not found during drilling.
Soil 1 was characterized as a fine silty sand and was
dark red and purple in color; Soil 2 presented a silt-sandy
texture and had an ochre color; Soil 4, which showed a
lighter coloration that was rosier with grayish tones, displayed kaolinized levels and was classified as a silt with
fine sand; finally, Soil 3, which was a mixture of soils 1 and
2, had variegated colors. Figure 5b shows the interface between Soils 2 (above) and 1 (below) displayed on the failure plane, with some relict faults planes transversal to the
cut slope.

ings. In order to obtain sufficient data for the elaboration of
the load-displacement curve, the increments for each loading step were estimated from the maximum pullout force
expected for the soil. It was possible to notice that the frictional resistance in the soil-nail interface was overcome
when the applied load did not stabilize and great displacements occurred.

3. Results and Discussion
3.1. Pluviometric data
The pluviometric information about the site, referring
to this study’s period of interest (July 4th to 6th, 2015), was
obtained from the website of the Brazilian National Institute of Meteorology (INMET). Their data are generated
daily in the weather station of Viçosa-MG, located on the
campus of the Federal University of Viçosa, at a distance of
1.5 km from the slope site.

3.3. Laboratory tests
Table 2 presents a summary of the results of geotechnical characterization of four soil samples.
After fitting the linear Mohr-Coulomb failure envelope to the direct shear test results, the friction angle (f) and
cohesion intercept (c) were obtained for the envelopes containing the maximum values of shear stresses and the
post-peak values, as shown in Table 3.

According to INMET (2016), there was 0 mm of rainfall in the city of Viçosa during this period, with the previous rainfall registered on June 16th with 4 mm, as shown in
Fig. 5.

3.4. Pullout tests
During the testing routine, the hydraulic jack presented a deficiency that prevented the conduction of pullout
tests on soil nails 4 (5 m, 1 incomplete reinjection) and 10
(3 m, 1 reinjection). As previously mentioned, the results of
nails with 1 incomplete reinjection (nails 1, 4, 7, and 12)
were disregarded in this study. Thus, only seven of the tests
that were originally planned could be effectively considered valid. Figure 7 shows the results of the pullout tests,
where unfilled markers represent the nails with 5 m of an-

3.2. Geological and geotechnical site characterization
A visual-tactile examination of the disturbed samples
was used to elaborate a representation of the geologicalgeotechnical cross-section of the slope, aligned with two
boreholes, as shown in Fig. 6a. The field investigation revealed four different types of soil, all characterized as
gneissic residual soil with many relict structures: faults, foliation (preserved), and manganese lenses. The mineralogy

st

st

Figure 5 - Precipitation information about Viçosa between June 1 and August 1 . Source: INMET, 2019.
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Figure 6 - Geotechnical characterization of the study area. (a) Geological-geotechnical cross-section. (b) Detail of the interface between
the layers of Soils 03 (upper) and 01 (lower) and failures.

Table 2 - Results of geotechnical characterization of the samples.
Soil

Particle size distribution (%)
Silt

Sand

LL

PL

PI

1

3

23

74

38

21

17

26.61

2

9

49

42

55

30

25

27.58

3

5

33

62

44

28

16

27.34

4

3

35

62

39

27

12

26.41

Table 3 - Strength parameters.
Soil

Parameters

1

Cohesion intercept (kPa)

29

21

Friction angle (°)

26

24

Cohesion intercept (kPa)

79

1

Friction angle (°)

34

44

Cohesion intercept (kPa)

41

23

Friction angle (°)

20

21

3
4

3

Clay

chored length, and filled markers represent the tests with 3
m of anchored length.
A summary of the valid results is shown in Table 4.
The maximum values of axial tensile load were obtained
from the point of greatest curvature in the graphs of Fig. 7
that is, the maximum tensile force supported by the nail
without excessive displacement.
When analyzing the results of the tests performed on
soil nails with anchored length of 5 m, it is possible to see

2

gs (kN/m )

Atterberg limits (%)

Maximum

Residual

Cohesion intercept (kPa)

25

19

Friction angle (°)

16

12
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that, for soil nails without reinjection (3 and 5), the average
maximum force was 108 kN. The two nails were placed
with different drilling methods - one with a hydraulic drilling rig and the other with a mechanical auger -, but there
was no significant difference in the maximum strengths.
Nails with 1 reinjection (2 and 6), in turn, had an average
pullout force of 148 kN. For soil nails 3 and 5, the drilling
was performed differently and no effect of this procedure
was observed on the maximum strengths.
During the testing of nails 2 and 6, due to deficiencies
in the pullout support system, eccentric efforts were generated in the bar, which may have caused an increase in resistance. Nevertheless, the results of these tests were not
excluded from the analysis, since their values were similar
to the ones found in the literature for similar soils (Springer,
2006; Beloni, 2011; D’Hyppolito, 2017), and were consistent with the other tests performed in this study.
For soil nails with 3 m of anchored length, the loaddisplacement curves demonstrated that nails that used only
sleeve grout (soil nails 8 and 11) had an average pullout
force of 44 kN. Due to an overestimation of the maximum
strength attributed to nail 11, its corresponding curve was
obtained from a small number of stages. Even so, it was
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Figure 7 - Force vs. displacement of the soil nails.

Table 4 - Results of maximum load and corresponding displacement in the pullout tests of the soil nails.
Lanchored (m)

Grout method

Fmax (kN)

Displacement (mm)

2

5

1 reinjection

148

18.38

3

5

without reinjection

118

6.93

5

5

without reinjection

98

9.69

6

5

1 reinjection

148

12.38

8

3

without reinjection

48

16.27

9

3

1 reinjection

128

5.60

11

3

without reinjection

39

2.48

Soil nails

clear that the rupture occurred when this value of load was
applied. With the execution of 1 reinjection, nail 9 showed
a pullout force of 128 kN, a result that was not obtained for
any of the other nails.
Table 5 lists the average maximum force values
(Fmax, mean) and the average pullout resistance (qs, mean) grouped

according to anchored length and grouting method (hole
filling).
Based on the results shown in Table 5, a gain of approximately 200 % in strength can be observed in the nails
with 1 reinjection and 3 m of anchored length. For the nails
with 5 m of anchored length, this value was 37 % higher, as
shown in Table 6. Thus, it is possible to notice a more sig-

Table 5 - Average pullout resistance results according to anchored length and grouting method.
Lanchored (m)

Grouting method

Fmax, mean (kN)

qs ,mean(kPa)

2

5

1 reinjection

148

94

2

5

Without reinjection

108

69

1

3

1 reinjection

128

136

2

3

Without reinjection

44

47

Number of nails
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Table 6 - Increase in pullout resistance in soil nails with 1 reinjection towards the staple without reinjection.
Anchored length (m) Increased pullout resistance in relation to
nails without reinjection grouting
3

193 %

5

37 %

nificant effect of the reinjection on the shorter soil nails,
which can be justified by the higher volume of grout per
meter inserted during the reinjection grouting.
Souza et al. (2005) reported that the increase in pullout resistance with the first-phase reinjection was equivalent to 78 % in pullout tests of soil nails with 6 m of
anchored length, while Springer (2006), observed an increase of 50 % in nails with 3 m of anchored length. Hong et
al. (2013) analyzed the effect of grouting pressure on the
shear resistance of the soil-nail interface, registering an increase of approximately 47 % in nails injected with a pressure of 140 kPa (1.2 m of anchored length) when compared
to the ones injected with zero pressure (gravity only). Seo
(2017) observed that the maximum tensile forces obtained
in the tests increased by almost 25 % in colluvium soils and
weathered granite that underwent injection pressure, considering nails with 2 m of injection.
The tests performed in the present study with nails
that had 3 m of anchored length showed a much higher increase when compared with the results reported by those
authors, even though the results were lower for nails with
5 m of anchored length.
Despite the injected volume being the same for both
nail lengths studied, which resulted in an injected volume
per meter that was lower in nails with 5 m of anchored
length, it was possible to observe that the five-meter soil
nails with 1 reinjection had a strength that was 16 % higher
than the three-meter nails (Table 5). For soil nails without

reinjection grouting, this difference was around 45 %, also
in favor of nails with a greater length. Such a behavior was
expected, but this comparison is important to show the
magnitude of the influence of nail size on pullout resistance.
Figure 8 shows a comparison between mean values of
qs for nails without reinjection (57.7 kPa) and nails with 1
stage of reinjection (115.0 kPa), using values presented in
the literature and considering tests with 3 and 5 m of anchored length. The values observed in the present study
were compared with results obtained from similar soils by
the aforementioned authors. The values for soil nails without reinjection were closer to the ones reported in other
studies, mainly those by Oliveira et al. (2017) and Noor &
Jamain (2019).
The values of qs obtained by Beloni et al. (2017), also
in Viçosa-MG, were 25 % higher than those observed for
nails without reinjection in this study. These authors found
a mean qs value of 75.5 kPa, and this variation can be justified by differences in the anchored length and by the variability of soil parameters.
3.5. Design aspects
The study of this site presented by Arêdes et al.
(2017) attested to the overall stability of the slope, making
it unnecessary to perform soil nailing to stabilize the slope.
Therefore, a decision was made to implement a small concrete foot wall and to fill the spaces generated by the failure
with rip-rap. In addition, a drainage system was installed on
the berms.
Figure 9 shows the current lateral view of the slope.

4. Conclusions
In this research, we tried to evaluate the influence of
nail length, and drilling and hole-filling methods on the

Figure 8 - Comparing values of qs,mean from this study with some results found on literature.

Soils and Rocks, São Paulo, 43(1): 85-96, January-March, 2020.

93

Arêdes et al.

Figure 9 - Current lateral view of the slope.

frictional resistance of the soil-nail interface. The conclusions drawn from this study are summarized below:
a) Even having been performed at low pressure, the first
reinjection phase was able to provide a significant gain
in pullout resistance of around 200 % for three-meter
nails and 37 % for five-meter nails. This increase can
be explained by the filling of the voids caused by exudation of the cement grout and the formation of bulbs
near the position of the valves. The difference between
the three and five-meter nails arose from the lower
grout volume applied per meter in the reinjection phases, compromising the comparison between nails of
different lengths and same number of reinjection phases. In future studies and projects, it would be advisable to use volumes that are proportional to the
lengths;
b) The methodology used to conduct two reinjections with
the insertion of two tubes-à-manchette was not efficient. The adhesive tape used as sleeve did not provide
adequate resistance, which resulted in its rupture during the first injection phase in both tubes, causing a return of part of the grout, a consequent pressure relief,
and no formation of the expected bulb. A more resistant and flexible material, such as rubber, should be
used for manufacturing the valves, which will cause
them to open with the injection pressure and to close at
the end of it, requiring only a tube-à-manchette;
c) The literature offers reasonable values for estimating qs.
However, it is essential for pullout tests to be performed before or during the evaluation of nailing work
in order to validate these values and adjust them, if
necessary;
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d) Even if the pullout test is the method that provides values
that are closest to reality, it is still a procedure that is
very susceptible to errors in execution. The values obtained from it are very sensitive to the inexperience of
operators, inaccuracy of the equipment, reading errors, poorly-supported reaction system, and many
other factors. However, that does not make its conduction unnecessary, and it is only through good practice
that these problems will be controlled.
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c: cohesion intercept
D: drilling diameter
PI: plasticity index
Fmax: maximum axial tensile load on the nail
Lanchored: anchored length of the nail
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LL: liquid limit
PL: plastic limit
li: reading performed at each of the loading stages of the
pullout test
qs, mean: mean value of pullout resistance
qs: frictional resistance of soil-reinforcement interface
gs: particle unit weight
f: friction angle
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Sustainable Remediation:
A New Way of Thinking the Contaminated Sites Management
A.B. Braun, A.W.S. Trentin, C. Visentin, A. Thomé
Abstract. Within the evolution in the remediation field, the traditional approach to contaminated sites management, based
almost exclusively on the risk, time, cost, and decontamination efficiency, is gradually being replaced by the concepts of
sustainability. The most recent focus is the incorporation of the term “sustainable remediation (SR)”, taking into account
that application of a remediation technique can have its own impacts. Thus, this paper aims to present and analyze the
characteristics and trends on the knowledge developed in the field of SR and its incorporation in the contaminated sites
management context. Firstly, the background to the SR approach is presented. This discussion was carried out through a
contextualization of the main changes that occurred in the contaminated sites management with insertion of SR. After that,
the main characteristics and concepts of SR are presented and analyzed, and the different stakeholders involvement in this
process is discussed. Finally, the main elements present in sustainability evaluation of remediation processes are discussed.
It can be concluded that a consensus on the increasingly solid incorporation of a sustainable approach in remediation
projects is emerging on the global scene with a view to reducing the process impacts and maximizing the long-term
benefits of the contaminated site.
Keywords: environmental remediation, literature review, stakeholders involvement, sustainability evaluation, triple bottom line.

1. Introduction
Environmental issues for a long time did not receive
due attention. Anthropogenic activities, such as inadequate
and unregulated industrial and waste discharges, have resulted in contaminated sites around the world. These actions have led to a rapid increase in pollutant loads in air,
water and soil, limiting the environment ability to absorb
such contamination without causing adverse effects on natural ecosystems and human health. Thus, for the many contaminated sites that emerged and could no longer be corrected by natural processes alone, and thus generated some
kind of risk, they needed to be managed, generally undergoing some remediation and rehabilitation process (Van
Liedekerke et al., 2014; Reddy & Adams, 2015).
The most important factor of a remediation process
conduction is the fact that contaminated sites can bring serious consequences for human health and the environment
(Bardos et al., 2002; Hou et al., 2017). The main goal of
remediation is to reduce the harmful risks that contaminated sites may bring, in order to protect human health and
the environment (Petruzzi, 2011; Anderson et al., 2018;
O’Connor & Hou, 2018). However, there is already a broad
understanding that remediation is not inherently sustainable. The very implementation of remediation technology

can result in other environmental, economic, and social
secondary impacts both in the short and long term, and can
even overcome the benefits of its application, producing a
negative effect or reducing the overall net benefit of the
remediation process (Forum, 2009; Petruzzi, 2011; Adams
& Reddy, 2012; Hou et al., 2014a; Bardos et al., 2016a;
Vidonish et al., 2016; Yasutaka et al., 2016; Favara &
Gamlin, 2017; Anderson et al., 2018; O’Connor & Hou,
2018).
Therefore, while society can benefit from new land use
opportunities such as residences and recreation by contaminated site remediation, corrective actions can result in unintended consequences. These include atmospheric emissions
of harmful pollutants, waste generation, significant natural
resources consumption including fossil fuels and energy,
materials using, ecosystems disruption and risks to workers
and the community, among other negative impacts (Petruzzi,
2011; Harclerode et al., 2015a; Rosén et al., 2015). So, a tension comes up between protecting people from the environmental pollution risk and potentially damaging side effects
from remediation activities, which may be associated with
global damage (O’Connor & Hou, 2018).
In this sense, the approach, decision-making and how
the management of contaminated sites is carried out has
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been marked by some changes in recent years (Pollard et
al., 2004). Since the early 2000s, the interest in incorporating sustainability in this context of remediation has increased, through the dissemination of the term “sustainable
remediation (SR)”. Its inclusion and dissemination are recent but gradually increasing, because it reflects the perception that remediation activities can bring positive and negative environmental, social and economic impacts, and that
considering these aspects in isolation is no longer enough.
It is necessary to establish effective balances between the
benefits of remediation and the harmful emission of secondary pollutants (Rizzo et al., 2016; O’Connor & Hou,
2018). Therefore, SR is intended to consider in a balanced
way the three pillars of sustainability, and to implement
sustainable measures and practices during the development
of the entire remediation process (Forum, 2009).
However, although SR corresponds to a new paradigm shift within the management of contaminated sites, it
is still an emerging approach in this context, and has evolved gradually over the past few years (Bardos et al., 2011;
Pollard et al., 2004; Reddy & Adams, 2015; Hou et al.,
2016). This indicates there is scope for studies that review
and deepen the knowledge of SR main characteristics, in
order to assist researchers and professionals in the field of
contaminated sites management and remediation to choose
the best solutions available.
In view of the above considerations, this paper aims
to present and analyze the characteristics and trends of the
knowledge developed in the field of SR in contaminated
sites management context. This discussion includes the
background of the SR inclusion in the contaminated sites
management field, as well as a contextualization of SR with
the main concepts, the different stakeholders involvement
approach and in what form the sustainability evaluation is
carried out in the remediation.

2. Background and Contextualization of the
Sustainability Insertion in the Management
of Contaminated Sites
Corrective action selection systems created over 30
years have represented the best knowledge and practices
available (Forum, 2009). Historically, contaminated land
management has relied heavily on preventing unacceptable
risks to human health and environment to ensure that a site
is suitable for reuse (Bardos et al., 2011; Hou & Al-Tabbaa,
2014).
Likewise, the decision-making process to select the
contaminated site remediation technique has traditionally focused on the cost and ease of implementation of the remediation process, on the availability and viability of the
technologies, on the time needed for remediation and on the
efficiency for remediation to achieve decontamination goals
and compliance with existing laws (Vik et al., 2001; Pollard
et al., 2004; Forum, 2009; Harclerode et al., 2015a).

98

Although these considerations are critical components in a conventional remedial options assessment, over
the years practitioners and researchers have become aware
that in many cases the contamination was not being destroyed but only transferred to a different environment (Adams & Reddy, 2012). Moreover, this traditional remediation approach does not assess atmospheric emissions,
natural resource consumption, energy use, and worker safety during the remediation process, in addition to not fully
balancing the environmental, social, and economic impacts
of a project, since they generally focus on “internalities” of
a project (correction objectives, system performance, and
local impacts) and devote minor attention to its “externalities” (impacts at local, regional, and global level) (Forum,
2009).
Therefore, research in this context needs to go beyond
simply determining the effect of treatment on contaminants
and whether contaminant removal has been achieved
(SuRF-UK, 2010; Vidonish et al., 2016). A variety of other
environmental factors, as well as economic and social aspects, play an increasing role in decision-making in contaminated sites management (Reinikainen et al., 2016). The
increase in the recognition of secondary adverse effects associated with remediation operations was one of the main
driving forces that helped to change the context of managing contaminated sites (Forum, 2009; Huysegoms & Cappuyns, 2017).
Thus, the remediation industry has shown interest in
including sustainability as a criterion of decision-making
during the application of a remediation process (Bardos et
al., 2011; Rizzo et al., 2016). The first perspectives for the
insertion of sustainability in the remediation contexts arose
through the dissemination of the green remediation concepts. At the beginning, a great deal of concern was focused
on the primary impacts due to the contaminated sites and
the environmental impacts of the remediation processes
(Søndergaard et al., 2017).
In this sense, green remediation is generally described as the practice that takes into account all the environmental effects and aspects of the remediation techniques
application, seeking to use more ecological options and alternative/renewable sources of energy whenever possible,
in order to maximize the environmental benefit (USEPA,
2008; Bardos et al., 2013; Hadley & Harclerode, 2015). In
addition to energy, green remediation relies on four other
key elements to achieve its environmental objectives, such
as: water; air and atmosphere; materials and waste; and
land and ecosystems (USEPA, 2011). Therefore, green
remediation is intended to improve environmental performance, reducing environmental impacts and conserving
natural and ecological resources during remediation actions
(Bardos et al., 2013).
Green remediation was adopted by USEPA, in the
United States, to regulate sustainability assessments in remediation projects. Some authors consider green remedia-
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tion as a variant for SR (Hou et al., 2014b). Others consider
that SR can mean green remediation, when it is considered
that reduced energy consumption minimizes greenhouse
gas emissions; that lower environmental impacts are associated with cost reductions; and that green practices can
lead to better and faster social acceptance, since stakeholders generally agree that the remediation process should
be driven by the selection of green and environmentally
friendly techniques (Baker et al., 2009; Fortuna et al.,
2011).
However, most authors point out that the terms are
not equivalent and there are differences in its approaches,
since the application of green remediation may not achieve
the sustainability goals, because alone it does not represent
a complete and comprehensive approach, whereas it considers only the environmental aspects (Bardos et al., 2013;
Hadley & Harclerode, 2015; Bardos et al., 2016a). Thus,
with a view to a broader and holistic approach to sustainability, the two concepts are sometimes considered together as Green and Sustainable Remediation (GSR),
addressing a range of environmental, social and economic
impacts during all stages of remediation (Reddy & Adams,
2015). Yet, more recently and broadly, the term “sustainable remediation” has been used to express the balanced incorporation of the “Triple Bottom Line” in the context of
contaminated sites management and remediation, as shown
in Fig. 1, looking beyond the focus solely on risk control,
but considering the overall environmental, economic and
social benefits and impacts of remediation (Hou & AlTabbaa, 2014).

3. Characteristics and Concepts of SR
Sustainability and sustainable development represent
complex, subjective and ambiguous concepts. The most
commonly sustainability definition quoted internationally

and widely accepted is that of the Report of the World
Commission on Environment and Development - Brundtland Commission of 1987. Sustainable development is defined as meeting the needs of present generations without
compromising the capacity of future generations to meet
their own needs (Brundtland, 1987).
Since then, many have promoted adaptations and derivations of this definition to the most different fields, organizations, and specific sectors. SR applies the principles of
sustainable development, since the latter has in essence the
objective of promoting the balance between considerations
of social, environmental and economic aspects, as well as
between local and global needs (Bardos et al., 2011; Virkutyte & Varma, 2014; Nathanail et al., 2017).
Sustainable Remediation is an emerging study field
and the growing interest and development of its concepts
represent the advancement and maturity of contaminated
sites remediation industry (Hou et al., 2014b; Hadley &
Harclerode, 2015). The understanding of what SR means as
a whole has evolved in recent years, largely driven by the
work of agencies and organizations working in the context,
as well as studies developed by the scientific community
(Hou et al., 2014b), and different definitions are linked to
the term (Cundy et al., 2013). Table 1 provides the most
common definitions used to represent the concept behind
SR.
There is a high level of consensus among the definitions given in Table 1. It is clear the broad purpose of SR to
reduce environmental, economic, and social impacts and to
optimize and/or maximize long-term benefits of remediation projects, in a balanced decision-making process (Cundy et al., 2013; Rizzo et al., 2016). Therefore, the definitions tend to emphasize decision-making in a proportional
and balanced way across all three elements/pillars of sustainability; the optimization of process benefits; the search

Figure 1 - Evolution of sustainability considerations in the context of contaminated sites remediation.
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Table 1 - Examples of defining SR.
Reference

Definition

NICOLE (2010)

A SR project is one that stakeholders agree to represent the best solution considering environmental, social and economic factors, and where the benefits achieved outweigh the impacts.

SuRF-UK (2010)

SR is the practice of demonstrating, in terms of environmental, economic and social indicators, that the benefit of remediation is greater than its impact, and where the optimal solution
is selected through a balanced decision.

ITRC (2011a, b)

SR refers to an integrated assessment of the environmental, economic and social impacts of
corrective activities.

SuRF-US (Holland et al., 2011)

SR can be defined as an alternative or combination of alternatives whose practice is to protect
human health and the environment while maximizing the net environmental, social and economic benefits throughout the life cycle of the remediation project.

ISO (2017)

The practice of SR consists in eliminating and/or controlling the unacceptable risks of the
remediation process in a safe and timely manner, optimizing the environmental, social and
economic value of work.

Bardos (2014)

SR is a process of finding the ideal means to manage the risks associated with the remediation
process. Therefore, in a generic sense it aims to achieve a global net benefit in the face of a
series of environmental, economic and social concerns that are considered representative of
sustainability.

Holland (2011); Hou et al. (2014c);
Hadley & Harclerode (2015)

SR seeks to maximize benefits and reduce the overall environmental, economic and social impacts of remediation actions to ensure the protection of human health and the environment.

Bardos et al. (2016b)

SR is the process of effectively managing the risks to human health and the environment associated with the contaminated site and remediation processes, so as to minimize environmental
footprint, maximize social benefits, and minimize the costs of such remediation activities. In
addition, SR is the process that seeks to optimize the selection of remediation activities, promoting the use of more sustainable practices.

for the ideal means to find sustainable solutions; the management of risks and protection of human health and environment in general; the long-term vision; the identification
of the best option among those available; the use of indicators to assess sustainability; and stakeholder involvement
in the process (Rizzo et al., 2016).
The balance between the three elements of the sustainability tripod has been a key factor in the approach to
SR. Environmental elements go beyond soil and groundwater quality, but also include the use of non-renewable resources and the production of waste and air pollutants, for
example by adopting in situ options that prevent truck driving through a neighborhood, producing exhaust smoke,
consuming fuel and energy (Slenders et al., 2017). Social
elements are related to the deeper assessment of how the local community and global society are affected in a beneficial way and adversely by remediation activities, such as
the nuisance due to dust, odor and noise from remediation
work and the overall risk to human health, as well as the
risk resulting from physical accidents to workers (Harclerode et al., 2015b; Slenders et al., 2017). The economic elements are associated with the full cost of the short- and
long-term life cycle of the remediation process execution,
and these must be evaluated in terms of risk reduction, increase in the site value and the resulting use, and improvement of ambience in general (Slenders et al., 2017).
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The net benefit has also been a central element of discussion in the conceptualization of SR. Reaching the net
benefit is related to choosing alternatives, not only to reduce the risk to the health of site users but also to minimize
costs, including both detrimental direct environmental, social and economic impacts during the remediation operation. Besides, this considers indirect harmful impacts
during, for example, the acquisition of materials and energy
and waste disposal associated with remediation (Forum,
2009; Hou et al., 2017).
The SR approach also encourages the remediated
sites reuse in order to achieve sustainable benefits from the
entire system, including the brownfields redevelopment.
SR in the context of site reuse involves finding the best balance between remediation and reuse options. SR increases
value when associated with feasible reuse and increases
long-term financial returns for investments. Locations can
be reused in a conventional way (e.g., for commercial, industrial or residential use), or require innovative forms of
reuse (e.g., for interim or ecological uses) (Bardos et al.,
2011; Holland, 2011; Holland et al., 2013; Bardos, 2014;
Mobbs et al., 2019).
In general, the main mission of SR continues to be the
reduction of the contamination risk, but its concept has
brought greater attention to the side effects and contradictions often neglected in contaminated sites management
and remediation (Hou & Al-Tabbaa, 2014; Anderson et al.,
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2018). SR requires not only the identification of a technical
solution, but an informed debate, discussion, negotiation
and transparent decision-making (Mobbs et al., 2019).

and the decision-making process includes an appropriate
level of involvement of all stakeholders (Al-Tabbaa et al.,
2007).

Sustainable Remediation provides a specific context
to find the best solution by comparing different corrective
alternatives, since there is no definitive sustainable solution
(Hou et al., 2018). In view of this, there is a variety of criteria which determine a SR process, and such criteria may include: that future benefits outweigh the cost of remediation;
the environmental, social and economic impacts of implementing the remediation process are less than the impact of
leaving the site untreated; the remediation process impacts
are minimal and measurable; the time scale over which the
consequences occur is part of the decision-making process;

As such, the adoption of SR presents specific benefits
that make it an important approach and increasingly necessary in this environment, as well as clear drivers for its realization and fundamental objectives and characteristics (Forum, 2009; Bardos et al., 2011; Fortuna et al., 2011;
Kalomoiri & Braida, 2013; Martino et al., 2016; Slenders et
al., 2017), as can be seen in Fig. 2.
The importance of sustainability considerations in
contaminated sites management is already prominent in political, organizational and business frameworks around the
world. In recent years, a growing number of agencies and

Figure 2 - Main objectives and characteristics of SR.
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organizations from different countries have been debating
SR and its approach in regulatory contexts (Hou & Li,
2018). These debates are followed by the adoption of SR
procedures, publishing technical and normative guidelines,
as well as guiding documents with structures, methods and
tools to support evaluation and decision making (Holland,
2011; Sparrevik et al., 2011; Huysegoms & Cappuyns,
2017; Anderson et al., 2018; Song et al., 2018).
The Sustainable Remediation Forum (SuRF), which
began in the United States and was created in 2006 by professionals involved in remediation projects, researchers
and industries, is the first coalition dedicated specifically to
the promotion and application of remediation concepts
(Bardos et al., 2013; Hadley & Harclerode, 2015). Currently SuRF has partner organizations and groups also in
the United Kingdom (SuRF-UK), Brazil (SuRF-Brazil), the
Netherlands (SuRF-NL), New Zealand and Australia
(SuRF-ANZ), Canada (SuRF-Canada), Italy (SuRF-Italy),
China (SuRF-Taiwan), Japan (SuRF-Japan), and Colombia
(SuRF-Colombia). These SuRFs share the progress, learning and work each group is carrying out in their different
countries towards SR.
In addition to the SuRFs, other organizations are dedicated to developing initiatives for SR, including the United
States Environmental Protection Agency (USEPA), the
American Society for Testing and Materials (ASTM), the
Interstate Technology & Regulatory Council (ITRC), the
Network for Industrially Contaminated Land in Europe
(NICOLE) and the United Kingdom Institution of Contaminated Land: Applications In Real Environments
(CL:AIRE) (Bardos et al., 2013; Hadley & Harclerode,
2015). The United Kingdom, where sustainability is widely

recognized in regulation and used in practice, plays a leading role in promoting SR through the dynamic actions of
CL:AIRE and SuRF-UK organizations (Hou et al., 2014c;
Rizzo et al., 2016; Hou & Li, 2018).
These organizations produce several publications
covering recommendations, guidelines, frameworks, standards and tools for evaluating SR, which fit in the context
of different countries and regions and assist in its implementation in remediation activities (Hou et al., 2016;
Huang et al., 2016). In the last decade, several events have
been highlighted with the objective of promoting SR, some
of which are presented in Fig. 3. One of the highlights is the
publication of ISO 18504 in 2017, which is the first document with global coverage in the field of SR, consolidating
the international state of practices on the approach and
evaluation of sustainability in the context of remediation
options (Rizzo et al., 2016; ISO, 2017; Nathanail et al.,
2017; Bardos et al., 2018).
This evolution in the approaches, orientations, structures and case studies focused on the discourse of sustainability in the contaminated sites remediation can also be
perceived in the scientific production scenario. A survey of
the Institute for Scientific Information (ISI) Scopus database indicates that the number of publications pertaining to
SR has grown exponentially over the last decade (Fig. 3).
According to Fig. 3, the first publications began in 1999,
and since 2008 the total number of articles published began
to grow, reaching its peak in 2014 and 2016. Besides this,
according to our latest survey of the Scopus database
(March 18, 2019), in 2019 there are already 29 publications, surpassing the year 2017 and with only two publications less than 2018. This shows that the concerns in this

Figure 3 - Exponential growth of publications on SR and historical events. Source: Elaborated by the authors based on Bardos et al.
(2013); Bardos (2014); Bardos et al. (2016b); Scopus (2018).

102

Soils and Rocks, São Paulo, 43(1): 97-108, January-March, 2020.

Sustainable Remediation: A New Way of Thinking the Contaminated Sites Management

context tend to grow increasingly, since sustainability is at
the peak of global discussions.
In this context, Brazil has only seven publications related to the subject. A situation that is due in large part to
the fact that Brazil still does not have a concise approach towards SR in its regulatory context on the management of
contaminated sites.
Taking into account all these approaches to SR, their
incorporation can occur at all stages of the remediation processes life cycle, involving project stakeholders, principles,
indicators, metrics, tools and methods to support the evaluation of potential sustainable correction alternatives (Petruzzi, 2011), as can be seen in Fig. 4.
3.1. Stakeholders involvement in SR processes
Involvement of stakeholders is an important practice
of SR. It is widely recognized that decision-making and
successful management and remediation of contaminated
sites depends to a large extent on the interaction of a variety
of stakeholders, each with its unique demand (Hou et al.,
2014a; Hou & Al-Tabbaa, 2014; Hou, 2016).
Stakeholders correspond to an organization, group
or person that may potentially be directly or indirectly affected by some of the remediation project stages, or those
that have an interest in solving the problem (Cundy et al.,
2013). Among the stakeholders who have the strongest influence on the sustainable practices adoption are: the
owner of the site; federal, state, and local regulatory agencies; primary planners or consultants; the workers; local
residents and neighboring sites affected by remediation
actions; and researchers (Forum, 2009; Cundy et al.,
2013; Kalomoiri & Braida, 2013; Hou et al., 2014a; Hou
& Al-Tabbaa, 2014).
Site owners manage the costs of remediation and
long-term administration of the property’s environmental
issues. Regulators, however, balance regulatory requirements with SR and reuse approaches. And finally, the
involvement of the resident community and society in general increases their awareness of the risks associated with
contamination and related remediation activities, and thus
seeks to protect the environment and economic and quality-of-life improvements (Holland et al., 2013; Harclerode
et al., 2016).

Figure 4 - Forms and stages of incorporation and evaluation of
SR.
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For the involvement of these stakeholders in remediation projects, some basic principles should be considered, such as: identifying and involving all stakeholders at
the outset of the process; adopting a proactive approach; involve stakeholders at all stages of the process; planning
long-term engagement; developing effective communication structures to enable reciprocal dialogue; ensuring that
involvement is transparent and registered; recognizing that
the criteria for assessing indicators may be subjective or objective; defining all assumptions clearly at the beginning of
each step; and following a logical and gradual approach to
avoid circular discussions and clearly address subjective issues (Cundy et al., 2013). In addition, in order for this involvement to take place satisfactorily, stakeholders need to
be aware of the limits of the remediation process and the
objectives of SR (Kalomoiri & Braida, 2013).
Understanding the concepts of SR may not be the
same for all these groups. O’Connor et al. (2019) observed
that, on average, primary consultants gave higher scores for
the environmental and social impacts analyzed than those
given by regulators. However, across different perspectives, through transdisciplinary processes and communication or negotiation among stakeholders, consensus can be
reached on a mutually beneficial and project-specific definition of sustainability and driving the adoption of sustainable practices (Forum, 2009; Hou, 2016). In addition, regulatory agencies play one of the most important roles among
all stakeholders as they lead oversight of remediation activities and can act as mediators in disseminating sustainability concepts to other stakeholders in the process, as
well as providing technical guidance to stakeholders. (Hou
& Al-Tabbaa, 2014).
In general, stakeholder engagement is a vital SR practice to obtain useful feedback and identify the needs of all
stakeholders and society at large (Harclerode et al., 2016).
In addition, it ensures that the uncertainties of sustainability
assessment are minimized by allowing stakeholders to provide a balance of potential impacts and benefits (Cappuyns,
2016; NICOLE, 2010). Also, according to Harclerode et al.
(2015b), stakeholder contributions already at the beginning
of a remediation project can prevent conflicts, reduce unnecessary corrective measures, and help define the appropriate sustainability indicators acceptable to the context
and acceptable to stakeholders.
However, since SR is still an emerging concept, stakeholders may not have enough knowledge to proactively
stimulate and encourage sustainable practices, leading to
divergent views and perceptions (Hou et al., 2014a; Hou,
2016). In addition, dissemination and public engagement in
remediation projects are still very limited, especially in developing countries, and greater incentives and improvements are needed to overcome these obstacles (O’Connor
et al., 2019). In this way, Hou et al. (2014a) have observed
that although the involvement of different stakeholders affects behavior towards sustainability, their greatest influ-
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ence is exerted through institutional forces, that is, in most
cases, the institutionalization of specific environmental
practices still precedes the influence stakeholders.

4. Sustainability Evaluation in Remediation
The sustainability evaluation in remediation is a key
component of integrating diverse information to support
decision making on SR (Rosén et al., 2015). According to
Hou et al. (2014d), the main objective of sustainability assessment in remediation is to collect information so that decision makers and stakeholders can manage complex systems with a holistic view. For Gibson et al. (2005),
assessing sustainability while pursuing a general approach
to sustainability contributes to defining the specificities of
sustainability in particular circumstances.
Alternatively, assessing the sustainability of remediation is quite complex and usually involves a great deal of
information from different sources, such as concrete data
from on-the-spot investigations, environmental footprint
analyzes, economic and social analyzes, as well as information that reflects views and preferences between those
involved (Rosén et al., 2015). Thus, the sustainability evaluation in remediation is a process that requires a set of individual criteria to be agreed upon by those who carry out the
evaluation, defining what is relevant to the project perspectives and stakeholders (Bardos et al., 2018).
The sustainability evaluation seeks to identify the impacts and benefits of a remediation project (Song et al.,
2018); to address and balance both local and regional/global dimensions, and to cover both short-term and long-term
prospects (Hou et al., 2014d; Hou et al., 2018); and to manage, inform, compare, select, verify performance, and optimize appropriate remedial solutions and processes (Bardos
et al., 2018).
In general, the sustainability evaluation in remediation is facilitated by the use of principles, indicators, metrics, methods, and tools that can be used to ensure the
practicality of SR.
The principles usually address a number of common
issues, such as ecological integrity, social equity, the sustainability tripod, immediate and long-term sufficiency, and
democratic processes (Ridsdale & Noble, 2016). The six
principles of SR listed by SuRF-UK are often cited and
used in this context (SuRF-UK, 2011). However, a number
of agencies and organizations already provide lists of SR
principles, new and/or complementary to those listed by
SuRF-UK, to guide decision-makers (Department of Defence, 2010; ITRC, 2011a; NICOLE, 2012; ISO, 2017).
An indicator is a unique feature or a specific observable measure that expresses an environmental, social or
economic aspect and results in a sustainability effect. These
indicators can be measured to monitor and compare the performance of different remediation options according to criteria in question and to a specific site (NICOLE, 2012;
Beames et al., 2014; Virkutyte & Varma, 2014). In general,
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the indicators can be objective or subjective, with qualitative or quantitative approaches (Reddy & Adams, 2015;
Tilla & Blumberga, 2018). And in this context, although
there is no set of indicators standardized, the list of indicators for SR presented by SuRF-UK is the most well-known
and frequently used in studies (SuRF-UK, 2011).
Indicators may not be easily measurable, requiring
metrics to be integrated, so that they can be evaluated objectively and accurately. Sustainability metrics are numerical values that can be used to assess or determine the degree
of success, performance or progress that a particular project
or alternative can achieve in relation to sustainability dimensions (Reddy & Adams, 2015). As for indicators, there
is also no commonly accepted set of metrics. SuRF presents
an extensive list of metrics for SR in its metrics toolbox,
which tabulates metrics for each phase of the remediation
process. However, for the purpose of evaluating SR, the
ITRC set provides a compilation of reasonably complete
SR metrics, built from reputable sources and which can
therefore be used as a basis in this context (ITRC, 2011a).
The methods or frameworks are conceptual and systematic forms of decision making that assist in the sustainability evaluation of a remediation project regarding environmental, social and economic aspects. In addition, they
help evaluate the indicators and sustainability metrics of a
remediation project (Reddy & Adams, 2015). A standardized and universally accepted method has not yet been developed. However, agencies and organizations in many
countries have been active in developing structures to facilitate the sustainability assessment in contaminated sites
remediation. This is especially perceived in regions where
discussions on SR are in a more advanced process, such as
the United States and Europe (Reddy & Adams, 2015;
Ridsdale & Noble, 2016; Rizzo et al., 2016; Slenders et al.,
2017).
In the world scenario, the developed methods correspond to: USEPA (US Environmental Protection Agency)
(USEPA, 2012); ASTM (American Society for Testing and
Materials) (ASTM, 2013); ITRC (Interstate Technology
and Regulatory Council) (ITRC, 2011b); NICOLE (Network for Industrially Contaminated Land in Europe) (NICOLE, 2010); and four groups associated with the SuRF
(Sustainable Remediation Forum) - United States (Holland
et al., 2011), United Kingdom (SuRF-UK, 2010), Australia
and New Zealand (Smith & Nadebaum, 2016), and Taiwan
(Huang et al., 2016). At the Brazilian level, there are some
initiatives aimed at SR, such as SuRF-Brazil and NICOLE
Brazil, but the approach to sustainability issues and effective actions is still very limited. Therefore, no methods developed for the sustainability analysis in remediation are
identified in the country.
The methods, as they are consisting in decision-making processes, often use tools during its stages to assist in
the remediation project sustainability analysis. The Decision Support Tools (DSTs) comprise step-by-step approa-
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ches, which include qualitative, semi-quantitative or fully
quantitative analyzes of remediation processes (Smith &
Kerrison, 2013; Reddy & Adams, 2015; Anderson et al.,
2018).
In recent years a number of sustainability assessment
tools have become available. These tools, of varying type
and scope, may be in the public domain, sold as software
for profit, or limited to use within a particular organization,
which offer different levels of comprehensiveness, complexity and analysis (Holland et al., 2011; Beames et al.,
2014; Reddy & Adams, 2015). In addition, tools can range
from simple decision trees or spreadsheets, tables or graphs
in Excel, to full life cycle assessments (Reddy & Adams,
2015; Huang et al., 2016).
Many agencies, organizations, and studies categorize, list, and define the existing set of tools (Bardos et al.,
2002; Harclerode et al., 2015b; Reddy & Adams, 2015;
Cappuyns, 2016). Other studies aim to develop structures
for sustainability evaluating of remediation projects, incorporating in decision-making the different tools already
available (Halog & Manik, 2011; Kalomoiri & Braida,
2013; Yasutaka et al., 2016; Hou et al., 2017; Zheng et al.,
2019). In a more practical context, a considerable number
of studies have already been carried out using different
tools to analyze the impacts of remediation techniques,
evaluating them and classifying for sustainability (Hou et
al., 2014b; Anderson et al., 2018).
Therefore, there are already several evaluation and
decision support tools for choosing more SR alternatives.
However, more and more flexible instruments are needed
to address the full range of indicators and metrics in the
three dimensions of sustainability and to be applicable from
project design to project reuse (Huysegoms & Cappuyns,
2017).

5. Conclusions
It is recognized in the academic world that sustainable
remediation (SR), unlike traditional remediation and green
remediation, presents a broader vision, bringing the incorporation of sustainability concepts in the management and
remediation projects of contaminated sites. It may be noted
that the main objective of SR is to consider both environmental, social and economic impacts and benefits that the
application of a remediation technique can generate, always with a view to selecting the most sustainable option
among those considered.
Great advances are observed in the SR field, especially with the creation of the Sustainable Remediation Forum (SuRF) in 2006 in the United States, in addition to the
efforts of Agencies and Organizations in several countries
to disseminate guidelines for the objective application of
SR. In addition, the ISO 18504 publication, which comes to
standardize the main outstanding issues regarding the orientation and implementation of SR concepts, represented a
huge advance.
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However, the practical application of SR in the remediation processes still needs to be improved. The concepts
of SR are still very new in much of the world, as in the case
of Brazil. The principles, indicators, metrics, methods and
tools do not yet have standardization for worldwide use. In
this way, the inclusion of sustainability in remediation
should start from the dissemination of knowledge about
SR, favoring the involvement of stakeholders in the decision-making processes.
Also, it is noted that, in order for the SR approach
within the management of contaminated sites to continue to
move forward, the SR should be seen as a new way of
thinking about contaminated sites remediation, where the
integration of economic, environmental, and social variables must be considered a fundamental factor in decision
making.
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Prediction of Compression Index of Soft Soils from the
Brazilian Coast Using Artificial Neural Networks and
Empirical Correlations
A.G. Oliveira Filho, L.B. Totola, K.V. Bicalho, W.H. Hisatugu
Abstract. This paper aims to explore the potential use of artificial neural networks (ANNs) to predict the compression
index (CC) of soft soils from the Brazilian coast. Results from 225 standard consolidation (oedometer) tests and the
corresponding soil index properties (i.e., initial void ratio, natural water content and Atterberg limits) of a wide variety of
fine-grained soils reported in the literature were compiled and investigated herein. The ANN prediction performance is
compared with linear empirical correlations created from the database investigated. In addition, correlations presented in
the literature are also used and evaluated through different statistical techniques. Overall, for the organized dataset, the
ANN outperformed the empirical correlations, highlighting the fragility and limitations of single and multiple variable
linear empirical correlations.
Keywords: artificial neural network, compression index, empirical correlations, soft soils, statistical analysis.

1. Introduction
The idealized linear relationship between void ratio
and log of effective consolidation pressure of a normally
consolidated clay that applies over a range of stresses and
void ratios defines the compression index (Cc). The Cc obtained from the consolidation test on clay may be a useful
engineering approximation for predictions of consolidation
settlement of normally consolidated natural clays. At a
given value of effective consolidation pressure, the void ratio of a normally consolidated natural clay depends on the
nature and amount of clay minerals present, as indicated by
the liquid limit (Skempton, 1970). The greater the liquid
limit, the higher the void ratio in a soil. Moreover, previous
published empirical relationships between Cc and soil index
properties are often used during preliminary investigation
of suitability of a foundation site during planning stages.
While conducting the laboratory test is indispensable,
it is also relatively time-consuming. In addition, sufficient
undisturbed field samples are often difficult and costly to
obtain. For these reasons, numerous studies have been
made to predict the CC from soil index properties, obtained
from tests more easily carried out (Djoenaidi, 1985). Many
researchers have published empirical correlations estimating CC from soil index properties around the world (e.g.
Terzaghi & Peck, 1967; Azzouz et al., 1976; Ozer et al.,
2008; Kalantary & Kordnaeij, 2012; McCabe et al., 2014;
and Kootahi & Moradi, 2016) and for Brazilian soft soils
(Futai et al., 2008; Coutinho & Bello, 2014; Baroni &

Almeida, 2017). However, empirical correlations may not
be applied to soils elsewhere without consideration of soil
origin, and the multiplicity of existing empirical correlations indicates the need of evaluation criteria for their use.
The artificial neural networks (ANNs) technique has
been used in geotechnical engineering for prediction of engineering properties of soils based on previously known index properties of these soils. The work of Rumelhart et al.
(1986) on the backpropagation algorithm is a milestone in
the use of ANN in civil engineering studies. Further studies
on the application of ANN in geotechnical engineering include the prediction of properties like the hydraulic conductivity in clays (Goh, 1995), the optimum water content
and the corresponding maximum dry density of the soil
(Najjar et al., 1996) and the residual friction angle prediction of clays (Das & Basudhar, 2008). ANNs were also
used for soils settlement estimation (Nejad et al., 2009;
Benali et al., 2013) and shear strength parameter prediction
(Khanlari et al., 2012).
Due to their learning capacity, ANNs are less influenced by the natural variability of CC and therefore are a potential tool in estimating the parameter. The use of ANN for
the CC prediction is presented in some studies (Ozer et al.,
2008; Park & Lee, 2011; Kalantary & Kordnaeij, 2012;
Kurnaz et al., 2016) and all of them presented satisfactory
results.
This paper aims to explore the potential use of a computer-based modelling technique namely ANN to predict
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CC using measured index soil properties. A collected database containing results of 295 standard oedometer laboratory tests and corresponding soil index properties, carried
out on a wide variety of fine-grained soils from Brazilian
coast and reported by different researchers was compiled
by the authors. Thus, a wide range of soils and soil properties, including low and high plasticity soils from the Brazilian coast, are investigated. The ANN ability to overcome
limitations of single and multiple variables linear correlations is evaluated by comparing ANNs predictions performances with single empirical correlations created for the
database investigated. In addition, results of correlations
presented in the literature are also evaluated through different statistical techniques. These empirical correlations use
simple or multiple variables to predict CC from index properties such as natural water content (wn), initial void ratio
(e0) and liquid limit determined by the Casagrande method
(LLCUP).

2. Material and Methods
2.1. Database soil description
The results of standard consolidation (or oedometer)
tests and the corresponding index properties of 295 soft
soils from different deposits of the Brazilian coast are investigated. The dataset reported by different researchers
(Table 1) and compiled in this paper are derived from academic studies providing a high-quality database of laboratory consolidation tests. The data include test results on low
and high plasticity soils from six Brazilian coastal states, up
to 3000 km away from each other: Espírito Santo (ES),
Santa Catarina (SC), Pernambuco (PE), Rio de Janeiro
(RJ), Rio Grande do Sul (RS) and São Paulo (SP). The standard oedometer test in Brazil is carried out according to
ABNT NBR-12007 (ABNT, 1990).
The predictive model capacity is highly dependent on
experimental database quality. Laboratory data may contain inaccuracies associated with experimental laboratory
errors. For this reason, and assuming the oedometer tests
are performed on fully saturated samples (S = 100 %), some

of the soils presented data inconsistency and were removed
from the investigation. In addition, Tukey’s Rule was applied for identification and exclusion of systematic bias or
outliers. The outliers are values below Q1 - 1.5*(Q3 - Q1)
or above Q3 + 1.5*(Q3 - Q1), where Q3 and Q1 are the first
and third quartile of the dataset, respectively.
From the mentioned preprocessing, 70 out of 295
samples were removed. Table 2 presents the statistical
properties of the 225 remaining samples from the dataset.
Besides CC, the soil index properties examined are the natural water content (wn), the initial void ratio (e0), the plasticity index (PI) and the liquid limit determined by the Casagrande method (LLCUP).
The fine-grained particles of a soil govern the compressibility, constituting, mainly, the silt and clay fractions,
with particle sizes range smaller than about 200 mesh sieve
size (0.074 mm). From liquid limit (LLCUP) and plasticity index (PI) values, it is possible to classify these fines through
the Casagrande plasticity chart, which is used by the Unified Soil Classification System (USCS) as shown in Fig. 1.
The chart analysis shows the heterogeneity of Brazilian
coast fine-grained soils with a wide range of LLCUP values.
These values suggest large variability of clay mineral
groups within the investigated database. Most of the investigated soils (i.e., 88 %) are classified either as high plasticity clays (CH) or as high plasticity silts and organics soils
(MH-OH).
Table 2 - Statistical description of the selected 225 experimental
results.
Variable

Minimum

Maximum

Mean

Standard
deviation

LLCUP (%)

25

211

94.46

43.18

PI (%)

4

136.1

54.92

29.55

wn (%)

29

221.34

97.5

41.53

e0

0.73

5.66

2.54

1.03

Cc

0.09

3.27

1.3

0.71

Table 1 - References sources and location of the soil samples investigated from Brazilian coast.
Reference

Location

n**

Baran (2014)

Araranguá, Florianópolis, Itajaí, Palhoça, Penha and Tubarão (SC), Recife (PE)
and Rio Grande (RS)

109

Kootahi & Moradi (2016)

Juturnaíba, Macaé and Rio de Janeiro (RJ), Recife (PE)

50

UFES* Geotechnical Laboratory

Grande Vitória (ES)

56

Póvoa (2016)

Macaé (RJ)

6

Queiroz (2013)

Itaguaí (RJ)

8

Silva (2013)

Duque de Caxias (Sarapuí and REDUC) and Queimados (RJ), Recife and Suape
(PE), Florianópolis (SC) and Santos (SP)

66

*Federal University of Espírito Santo.
**Number of soil samples.
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Figure 1 - Casagrande plasticity chart of investigated soil samples.

Table 3 presents a statistical summary of CC for each
soil class. As expected, the soils within the high plasticity
classes have the higher values of CC. These classes also
present a wide range of CC values (i.e. from 0.17 to 3.08 and
0.44 to 3.27, respectively).
The Pearson correlation coefficient was used to evaluate the correlation among the used properties. From Table 4, wn and e0 showed relatively strong correlation with CC
(i.e., 0.87 and 0.86, respectively). In addition, the pairs
wn - e0 and LLCUP-PI showed strong correlations which may
affect ANN performance.
2.2. Existing correlations investigated
As presented in Table 5, several empirical correlations have been previously published by different investigators for estimating CC values from different local sites.
Most of these equations estimate CC from single-variable
regressions with wn (C1-C4), LLCUP (C6-C8) or e0
(C10 - C12). Multiple regression correlations (C14-C15)
are also presented and account for both mineralogical composition and soil structure influence on CC. It should be
noted that all these correlations are in linear form and show
a direct and positive relationship between CC and the input
properties investigated.
2.3. Artificial neural networks
ANNs are characterized as artificial intelligence (AI)
techniques inspired by the structure of the human brain to
simulate its operation in computational systems in a simpli-

Table 4 - Correlation among the properties investigated.
CC
CC

LLCUP

PI

wn

e0

1

LLCUP

0.82

1

PI

0.79

0.93

1

wn

0.87

0.71

0.71

1

e0

0.86

0.70

0.70

0.99

Symmetrical

1

fied way. The neural networks are distinguished by performing three essential operations: learning and storing
knowledge; applying the knowledge acquired in solving
proposed problems; as well as acquiring new knowledge
from constant learning (Khanna, 1990).
The artificial neuron is the basic processing element
of an ANN. A neuron model is formed by a set of input connections (xj), synaptic weights (wkj), where k is the number
of input neurons and j corresponds to the input stimulus;
and the bias (bk), a weighting parameter which can increase
or decrease the value of the linear combination of inputs of
the neuron activation function (f.). Figure 2 presents a simplified model of an artificial neuron, where (uk) represents
the linear combination of input signals, and (yk) corresponds to the output value of the neuron, adapted from
Haykin (2001). Thus, the input weighting process represents the learning rate acquired by an ANN. The weights
are adjusted as the input dataset is presented to the network.
The supervised learning process in an ANN is based on the

Table 3 - CC Statistical summary by USCS Division of investigated soil samples.
USCS

Samples

Minimum

Maximum

Average

Standard deviation

CH

108

0.17

3.08

1.25

0.62

CL

25

0.09

1.31

0.47

0.29

MH-OH

90

0.44

3.27

1.62

0.69

ML-OL

2

0.25

0.38

0.32

0.09
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Marine fine-grained soils worldwide

Greek and American Clays

Marine fine-grained soils worldwide

Brazilian Coast Marine clays (ES)

Greek and North-American Clays

Marine fine-grained soils worldwide

All clays

Brazilian Coast Marine clays (ES)

Marine fine-grained soils worldwide

CC = 0.374(e0 + 0.01LLCUP - 0.47)
Kootahi & Moradi (2016)
C15

CC = 0.37(e0 + 0.003LLCUP + 0.0004wn-0.34)
Azzouz et al. (1976)
C14

CC = 0.510(e0 - 0.33)
Kootahi & Moradi (2016)
C12

CC = 0.228 e0 + 0.22
Castello & Polido (1986)
C11

CC = 0.400 e0 - 0.100
Azzouz et al. (1976)
C10

CC = 0.012(LLCUP - 8)
Kootahi & Moradi (2016)
C8

CC = 0.009(LLCUP - 10)

CC = 0.01(LLCUP - 8)

Terzaghi & Peck (1967)

Castello & Polido (1986)

C6

C7

CC = 0.012(wn - 7.75)
Kootahi & Moradi (2016)
C4

Brazilian Coast soft clays (ES)

Brazilian Coast Marine clays (PE)
Coutinho & Bello (2014)
C3

CC = 0.014wn -0.094 (wn < 200) CC = 0.004 wn + 1.738 (wn > 200)

Castello & Polido (1986)
C2

CC = 0.014wn - 0.17

Greek and North-American Clays
Azzouz et al. (1976)
C1

Cc = 0.0100wn - 0.05

References

The multilayer perceptron (MLP) is a multilayered
artificial neural network composed of sigmoidal activation
functions in the hidden layers. In this type of architecture,
the hidden layer uses a non-linear activation function, such
as the sigmoidal function, giving the network a genuinely
non-linear model. For MLP, unlike simple Perceptron, the
error e is not obtained simply from the difference between
the desired output and the output calculated by the network
because there are now intermediate layers. Hence, for the
training stage, Rumelhart et al. (1986) proposed the backpropagation algorithm, one of the most used in practical applications of ANN.
The algorithm principle is to estimate the error of the
intermediate layers by estimating the effect caused in the
output layer error, using the descending gradient. The error
is thus backpropagated in the network to correct the synaptic weights of the hidden layers. For this reason, the activation functions need to be continuous, differentiable, such as
logistic functions, and hyperbolic tangent (Braga et al.,
2001). The Levenberg-Marquardt (LM) algorithm, an optimization of the backpropagation algorithm, is an iterative
numerical optimization technique capable of locating the
minimum of a function expressed as the sum of squares of
other nonlinear functions and is widely used in ANN studies.
The LM backpropagation is an adaptive network,
where each node in the network has the same node function.
LM function uses the Jacobian matrix for calculations that
assume the performance as a mean or sum of squared error
(Kannaiyan et al., 2019). The LM algorithm can be better
explained in Hagan & Menhaj (1994) and Raina et al.
(2009).

e0, LLCUP

e0, LLCUP, wn

e0

wn

2.3.2. Proposed ANN models

LLCUP

Equations

adjustment of the synaptic weights so that the output value
is the closest possible to the expected value.
The activation function (f.) has the objective of limiting the input signals of the network in a specific range, usually between [0;1] or [-1;1], to generate the output neuron
from the input values xi of the network and the adjusted
weights. The most used functions in geotechnical research
are log-sigmoid, tan-sigmoid and linear. The ANN architecture is the way the network presents the arrangement of
its neurons (Fig. 2). The structure can be in a single hidden
layer or in several layers. The layers located between the
entry and exit layers are called intermediate or hidden layers.
2.3.1. Backpropagation algorithm

ID
Independent variable(s)

Table 5 - Selected empirical correlations and their references used to estimate compression index from index properties.

Region

Oliveira Filho et al.

The potential of ANN to estimate the compression index (CC) is investigated by developing different ANNs
models. The simulations in this study have been carried out
in the MATLAB environment. Using the toolbox nftool, the
ANNs were trained with the Levenberg-Marquardt (LM)
training algorithm.
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Figure 2 - ANN Architecture and Non-linear neuron model adapted from Haykin (2001) and Shahin et al. (2001).

Shahin (2013) points out that in most geotechnical
problems, the architecture of an ANN is usually obtained
through trial and error. Hornik et al. (1989) demonstrated a
single hidden layer as sufficient to approximate any continuous function. Caudil (1988) points out that the number of
hidden neurons (H) in a network with a single layer is a
function of the number of input variables (I), as shown in
Eq. 1.
H < ( 2I + 1)

(1)

On this hand, the networks in this study were trained
with a single hidden layer, with the number of neurons in
the hidden layer varying (2, 4, 6 and 10), and using four input parameters: LLCUP, PI, e0 and wn. The log-sigmoid activation function in the hidden layer and the linear function in
the output layer were used. In the training stage, 80 % of the
total soil samples were used (177 selected experimental
data). From these, 70 % were used for training, 15 % for
validation and 15 % for testing. It is important to highlight
that in nftool toolbox, these three steps make up the network
training. Overall, in the first step, the network adjusts the
synaptic weights minimizing the error function (i.e., the
mean squared error, MSE, Eq. 2). The validation samples
are used to measure the generalization of the networks, and
their errors are used to correct the synaptic weights and stop
the training process. The testing samples are independent
measures of the ANN. The remaining soil samples (20 %)
were reserved for the cross-validation test (48 selected
data). In this stage, the generalization capacity of the model
is evaluated. The soil samples used for the cross-validation
test were not included in the training stage.
MSE =

1 n
å (C c , measured - C c , predicted ) 2
n i =1

(2)

The selection of samples for training and cross-validation subsets followed the representativeness criteria including different domains of variation of CC, a strategy
distribution of the samples as discussed by Fortin et al.
(1997). Thus, all the ranges of the histogram shown in
Fig. 3 are represented in both training and cross-validation
sets.
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Figure 3 - Compression index histogram of the selected experimental results.

3. Results
3.1. Statistical evaluation methodology
It is not easy to choose the best estimation method to
use, requiring criteria in its selection, which suggests the
use of statistical techniques to evaluate the different methods used in geotechnical investigations. As a methodology
to evaluate the estimation capacity of empirical correlations and ANNs, some statistical criteria are assessed: (i)
the root mean square error (RMSE), (ii) the estimated and
measured compression index ratio (K), (iii) the ranking index (RI) and (iv) the ranking distance (RD). The methodology is based on previous publications (Briaud & Tucker,
1988; Giasi et al., 2003; Ozer et al., 2008; Onyejekwe et al.,
2015; Güllü et al., 2016).
The RMSE is the root mean square error of the difference between the estimated and measured values, which
consequently attributes greater weight to the largest errors.
Values close to zero indicate better model performance.
The RMSE is calculated as follows:
RMSE =

1 n
å (C c , estimated - C c , measured ) 2
n 1

(3)
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n

where n is the number of observations, CC, estimated is the value
predicted by the empirical correlations or ANNs, and CC, measured is the experimental CC value obtained from the oedometer test.
The average and standard deviation of CC, estimated and
CC, measured ratio (K) assesses how an equation underestimates
or overestimates a value and compose accuracy and precision measurement parameters of the RI and RD methods. K
is calculated as:
K=

C c , estimated
C c , measured

(4)

Briaud & Tucker (1988) point out that the accuracy of
K in evaluating the predictive capacity of a method is represented by the average of K. The precision of the method, is
given by the scatter of the estimated values around the average of K, which is measured by the standard deviation of K.
Theoretically, the factor K varies between zero and infinity,
with an optimal value equal to one (Briaud & Tucker,
1988). Values of (K < 1) and (K > 1) indicate if results are
underestimated or overestimated, respectively (Abu-Farsakh & Titi, 2004). The best estimated results are associated with the average (m) of K close to one and standard
deviation (SD) of K close to zero (Abu-Farsakh & Titi,
2004; Güllü et al., 2016).
The ranking index (RI) was proposed by Briaud &
Tucker (1988) to alleviate the problem of non-symmetric
distribution of K values. The RI is a general index that relates m and SD of all the K values of a group of estimates of
a variable and provides a judgment of the accuracy and precision of the estimation. For the evaluation, low values of
RI indicate good performance of the prediction model. The
RI is determined by the formula:
RI = m(ln[ K ]) + SD(ln[ K ])

(5)

The ranking distance (RD) is an alternative general
index proposed for assessing the quality of a calculation
method, assessing the accuracy and precision of an estimation. As RI, RD also considers m and SD of all the K values
of the analyzed data (Giasi et al., 2003). For assessment,
low RD values indicate high accuracy and precision in the
estimated values. The RD is determined as follows:
RD = (1 - m [ k ] ) 2 + ( SD[ k ] ) 2

(6)

The performance is also evaluated through the coeffi2
2
cient of correlation for equations (R ). In general, R value
has the objective of evaluating the relationship between
two variables, from “n” observations of those variables, indicating how much the independent variable can be explained by the fixed variable. The R2 values close to 1
indicate a better correlation between two variables:
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R2 =1 -

å (C

c , estimated , i

i =1
n

å (C

c , measured , i

- C c , measured , i )
- C c , measured

i =1

)

2

(7)

2

where CC, measured = input value, CC, estimated = estimated output
value, Cc, measured = average input values and n = number of
variables.
3.2. New empirical correlations proposed
Based on Pearson correlation values, Table 4, there is
a strong relationship between CC and index properties wn, e0
and LLCUP. For this reason, three new single linear empirical
correlations have been developed to estimate CC from these
properties for the Brazilian coast soft soils. The correlations
have been created in the statistical software Minitab. The
same 177 samples used for ANN training were used to create the empirical correlations. The remaining 20 % (48
samples) will be used as cross-validation test for both
ANNs models and correlations created.
The Kolmogorov-Smirnov hypothesis test has been
used to evaluate the residuals normality and homoscedasticity diagnosis has been performed to ensure empirical
correlations validity. At the time the normality hypothesis
was denied, points outside the 95 % interval have been removed (outliers) and the analysis has been repeated (Berger
& Zhou, 2014). After statistical analysis, three new simple
adjustment empirical correlations were determined for investigated Brazilian coast soft soils as follows (Table 6).
All of them present a p-value (> 0.05) which indicates a
good adherence to normal distribution.
Figures 4a, 4b and 4c present graphically the empirical correlations created and those from Table 5, with CC as a
function of wn, e0 and LLCUP, respectively. It is noticed that
empirical correlations could yield to the different results in
a wide range of variability, which shows the particularity of
the correlations with the local geological sites of the selected soil samples for the modelling.
3.3. Trained ANN performance
The CC prediction capacity for Brazilian coast soft
soils of the trained ANNs were evaluated by different sta2
tistical parameters (i.e., RMSE, K, RI, RD and R ). The predicted CC values are compared to the measured CC values
determined from laboratory oedometer test. The results obtained by the four trained ANNs are summarized in the Tables 7 and 8 for the training and cross-validation sets,
Table 6 - Correlations proposed for the investigated database.
2

ID

Variable(s)

Equation

R

C5

wn

CC = 0.01601wn - 0.3209

0.83

C9

LLCUP

CC = 0.6155e0 - 0.3521

0.55

C13

e0

CC = 0.01581LLCUP - 0.138

0.83
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Figure 4 - Graphical representation of empirical correlations for CC prediction using (a) wn, (b) LLCUP, and (c) e0.

Table 7 - Statistical measurements for ANNs performances (training set).
ID

Input parameters

RMSE

K
%<1

%>1

m

SD

2

RI

RD

R

2

0.31

46.3

53.7

1.13

0.45

0.38

0.47

0.80

ANN2

4

0.262

46.9

53.1

1.10

0.41

0.34

0.43

0.86

ANN3

6

0.30

46.9

53.1

1.15

0.44

0.40

0.46

0.82

ANN4

10

0.28

52.0

48.0

1.07

0.38

0.32

0.38

0.84

RI

RD

R

ANN1

PI, e0, LLCUP, wn

Hidden neurons

Table 8 - Statistical measurements for ANNs performances (cross-validation set).
ID

Input parameters

RMSE

K
%<1

%>1

m

SD

2

2

0.28

52.1

47.9

1.10

0.35

0.33

0.36

0.88

ANN2

4

0.26

45.8

54.2

1.14

0.33

0.34

0.35

0.90

ANN3

6

0.30

45.8

54.2

1.15

0.43

0.40

0.46

0.87

ANN4

10

0.29

54.2

45.8

1.07

0.29

0.28

0.30

0.87

ANN1

PI, e0, LLCUP, wn

Hidden neurons

respectively. Each ANN was trained varying the number of
neurons in the hidden layer.
The high values of R2 associated with low RMSE values are evidence of good statistical performance of the
ANNs trained for CC prediction. The R2 values range between 0.80-0.90 and RMSE values range between 0.26-0.30
considering the cross-validation sets. The cross-validation
set results prove the ANN ability to generalize the acquired
knowledge.
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In terms of precision, assessed by the K values, a balance between the percentage values of (K > 1) and (K < 1) is
observed for the trained ANNs, with a slight tendency to
overestimate the CC for most of the models (m > 1).
Overall, the increase in number of neurons in the hidden layer has not provided significant improvement in the
CC prediction ability for the investigated experimental
dataset. It is suggested that the use of 4 neurons is enough.
Thus, in this study, good prediction performance was reached using a number of hidden neurons equal to the number
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had a reasonable statistical performance. Also, the correlation was not extrapolated.

of inputs of the model, which agrees with the work of Ozer
et al. (2008).

From Tables 7, 8 and 9, none of the correlations have
satisfied all the evaluation criteria concomitantly and the
trained ANNs presented statistical performance more consistent than the empirical correlations. For a general assessment, low values of RI and RD close to each other correspond to higher accuracy estimation, which is observed for
ANNs and empirical correlations C5, C13 and C15, as
shown in Fig. 5. Even though the ANN results regarding RI
and RD are similar with these 3 correlations (two of them
proposed for this study database), the RMSE for the ANNs
can be up to 35 % lower.

3.4. Empirical correlations performance
The CC prediction capacity for Brazilian coast soft
soils of both empirical correlations developed from this
study and the correlations presented in the literature also
were evaluated by statistical parameters (i.e., RMSE, K, RI,
RD and R2). The cross-validation set is used to illustrate and
compare the behavior of empirical correlations and ANN
models. Table 9 shows the results.
The common behavior for the empirical correlations
was a tendency of underestimate CC (m[k] < 1), especially
those correlating CC and LLCUP. Also, the empirical correlations tended to underestimate Cc for soil samples of more
compressible soils (higher Cc values). The LLCUP values are
strongly affected by clay mineralogy. Thus, there are limitations in the application of the investigated empirical correlations to soils from different geological origin or to soils
with a CC range outside the limits of the data from which the
correlation was created.

The results reinforce the need for using more than one
statistical parameter in the evaluation of different estimation methods. Analyzing only one parameter alone can lead
to erroneous and meaningless conclusions. However, in
this specific study, the values of RD and RI did not add conclusions and the analysis could be limited to RMSE and the
values of K and m[K]. Even though Güllü et al. (2016) point
out that the RD index assigns equal weight to both accuracy
and precision of estimation and provides more information
than the RI index and RMSE, a crescent linear variation of
both SD[K] with RD index and RMSE and m[K] with RI index
is observed. That said, they seem to indicate the same behavior.

For the reason cited, the empirical correlations proposed for this study database C5 and C13 (with wn and e0,
respectively) presented the lower RMSE, RI and RD values.
These two soil index properties have the strong correlation
with CC, which explains how they better explain CC variation. In the same way, the multi-variable correlation C15,
proposed by Kootahi & Moradi (2016) (for marine soils
around the world and similar to soils in this study database)

Figures 6 and 7 present the results when the performance by soil class is evaluated according to USCS. As
shown in Table 3, there is limited data for ML-OL and CL
samples, so only the CH, MH-OH samples are analyzed.

Table 9 - Statistical summary of the CC estimated from empirical correlations cross-validation set.
Variable(s)

wn

ID

RMSE

K
%<1

%>1

m

SD

2

RI

RD

R

0.85

C1

0.56

79.2

20.8

0.83

0.37

0.60

0.41

C2

0.33

58.3

41.7

1.04

0.42

0.35

0.42

C3

0.55

77.1

22.9

0.86

0.41

0.59

0.44

C4

0.41

75.0

25.0

0.95

0.41

0.45

0.41

C5

0.32

58.3

41.7

1.03

0.37

0.33

0.37

C6

0.73

89.6

10.4

0.67

0.25

0.82

0.42

C7

0.63

87.5

12.5

0.77

0.30

0.69

0.38

C8

0.48

64.6

35.4

0.92

0.36

0.51

0.37

C9

0.40

31.3

68.8

1.20

0.47

0.48

0.51

C10

0.57

79.2

20.8

0.82

0.36

0.38

0.40

C11

0.78

79.2

20.8

0.81

0.53

0.80

0.56

C12

0.39

68.8

31.3

1.00

0.41

0.41

0.41

C13

0.35

60.4

39.6

1.02

0.37

0.36

0.38

e0, LLCUP, wn

C14

0.54

79.2

20.8

0.83

0.33

0.58

0.38

0.84

e0, LLCUP

C15

0.36

62.5

37.5

0.99

0.36

0.36

0.36

0.86

LLCUP

e0
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0.77

0.82
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2

Figure 5 - Results of R , RMSE, RI and RD evaluation for each empirical correlation and ANNs for cross-validation set.

2

Figure 6 - Results of R , RMSE, RI and RD by each empirical correlation and ANNs for CH soils for cross-validation set (n = 26).

2

Figure 7 - Results of R , RMSE, RI and RD by each empirical correlation and ANNs for MH-OH soils for cross-validation set (n = 16).
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Overall, both CH and MH-OH show similar results when
analyzed by ANNs, however, the MH-OH class presented
best precision and accuracy, as reveled by lower RI and RD
values. The empirical correlations seem to follow the same
tendency of the ANNs. Again, C5 and C15 are the correlations which better approximate the minimum values of
RMSE, RI and RD, for both soil sample classes.

The ANN results grouped by Brazilian states are
shown in Fig. 8. Due to the reduced number of crossvalidation samples for SP, RS and PE Brazilian states, a statistical evaluation for these geological sites was not possible. In terms of RMSE, RD and RI, the best minimum
adjustments between the curves occurred for soil samples
from RJ and SC, indicating highest accuracy and precision

2

Figure 8 - Results of R , RMSE, RI and RD by empirical correlations and ANNs for cross-validation samples by (a) ES (n = 10), (b) RJ
(n = 13) and (c) SC (n = 15).
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of the predicted CC values, especially for the network
ANN2. The CC interval variation for ES soil samples is
0.13-1.53, against 0.29 - 3.08 for RJ and 0.09 - 2.20 for SC
samples. These observations indicate best performances of
the ANN estimations for soils with higher compressibility.
In addition, Fig. 9 compares measured and estimated
CC for the empirical correlations and trained ANNs with the
best and worst statistical performance for cross-validation
sets. It is possible to notice that ANN results are close to
each other, while greater divergence is noted for empirical
correlations. Overall, both, empirical correlations and
ANNs tend to underestimate higher CC values (CC > 1). According to the calculated statistical parameters, the best distribution of the CC estimated by the ANNs around the equal
line for any value of Cc can be graphically observed in all
cases. The CC empirical correlations with wn present results
closer to the equal CC measured line than correlations with
e0 and LLCUP, corroborating the statistical parameters previously evaluated.

4. Conclusions
In this paper, the performance of ANNs and widely
used single and multi-variable empirical equations for
compression index estimation was evaluated using a dataset of 225 fine-grained soils with a wide range of soil properties (i.e., LLCUP values ranging from 25 up to 200 %) from
six Brazilian coastal states. Different networks have been
trained with 2, 4, 6 and 10 neurons in a single hidden layer.
The ANN training used the Levenberg-Marquardt algorithm (LM), the log-sigmoid activation function in the hid-

den layer and the linear function in the output layer. In
addition, new empirical correlations were proposed for
Brazilian coast soft soils using the least squares regression
and residual analysis test techniques. The performance of
both empirical correlations and ANNs have been evaluated
through statistical techniques that include: (i) the root mean
square error (RMSE), (ii) the ratio of the estimated to measured compression index (K), (iii) the ranking index (RI)
and (iv) the ranking distance (RD).
Overall, the proposed ANN models outperformed the
empirical correlations investigated, which is proved by the
statistical parameters used. The minimum RMSE was 0.26
for the trained ANNs, 0.32 for the single empirical correlations created and 0.36 for the empirical correlations from
the literature. The main reason for that is the underestimation of CC for samples of more compressible soils by the
empirical correlations. Among the input properties, the empirical correlations proposed in this study correlating CC
with wn (C5) and e0 (C13) showed the best estimation results. Also, the better performance of proposed correlations
over those from the literature proves the influence of soil
geological origin on the prediction capacity performance.
It is noteworthy that the empirical correlations are
usually better applied to the modelling soil sample sites,
and several standard oedometer tests using different soil
samples in an investigated site are required for determination of CC due to the observed heterogeneity of Brazilian
coast fine-grained soils. By their ability to learn, adapted
ANNs are less influenced by the site natural spatial variability. Moreover, the ANN method can always be updated
by presenting new training soil examples as new data with
measured CC and corresponding index properties become
available. Thus, these presented results reveal that the
adapted ANNs created for estimation of soft soils CC from
the Brazilian coast have potential application as an alternative to the empirical correlations during preliminary investigation of suitability of a foundation site during planning
stages.
In addition, the authors propose to send to readers the
MATLAB .mat file, which contains the synaptic weights
from the trained ANN4, which can be used in MATLAB environment, for prediction of compression index from Brazilian soil samples in preliminary investigation studies.
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Tunnel Misalignment with Geostatic Principal Stress
Directions in Anisotropic Rock Masses
O.P.M. Vitali, T.B. Celestino, A. Bobet
Abstract. Rock masses may present pronounced stress anisotropy, and so it is likely that a tunnel is misaligned with the
geostatic principal stress directions. As a consequence, anti-symmetric axial displacements and axial shear stresses are
induced around the tunnel due to the presence of far-field axial shear stresses. Limited research has been conducted on the
effects of far-field axial shear stresses on tunnel behavior. This paper investigates the effects of tunnel misalignment with
the geostatic principal stresses in anisotropic rock masses. 3D FEM modeling of a tunnel misaligned 45° with the principal
horizontal stresses is conducted. An anisotropic geostatic stress field is considered, with the major horizontal stress two
times larger than the vertical stress and the minor horizontal stress equal to the vertical stress. The anisotropic behavior of
the rock mass is represented by a transversely anisotropic elastic model, with properties typical of anisotropic rock masses.
Tunnels in horizontally and vertically-structured rock masses are assessed. Unsupported and supported tunnels are
investigated. The results show that asymmetric deformations and asymmetric stresses are induced near the face of the
tunnel as a result of the tunnel misalignment with the geostatic principal stresses and with the rock mass structure. These
asymmetric deformations near the face affect the ground-support interaction such that the internal forces in the liner are
also asymmetric.
Keywords: 3D face effects, anisotropy, far-field shear stress, geostatic stress anisotropy, rock anisotropy, tunnel, tunnel
misalignment.

1. Introduction
The literature shows that rock masses are likely to
present pronounced geostatic stress anisotropy and anisotropic mechanical properties. This is a consequence of
the rock complex formation processes. According to Brady
& Brown (2006), the main factors affecting rock mass
properties and geostatic stresses are: topography (elevations and valleys); residual stresses (due to cooling, for instance); tectonic movements; fracturing and jointing; and
inclusions. Thus, geostatic stresses and mechanical properties are expected to be complex as well. In-situ stress measurements in rock masses show large horizontal stresses
and significant horizontal stress anisotropy (Gysel, 1975;
Brown & Hoek, 1978; McGarr & Gay, 1978; Evans et al.,
1989; Martin, 1997; Haimson et al., 2003; Wileveau et al.,
2007; Zhao et al., 2013, 2015; Park et al., 2014; Perras et
al., 2015; Soucek et al., 2017). For instance, Martin (1997)
reported a highly anisotropic stress field in a massive granitic rock mass in Canada. The average stresses were:
s1/s2 = 1.2 ± 0.1 and s1/s3 = 3.9 ± 0.5. Gysel (1975) presented the geostatic stress field measured in two sections
along the Sonnerberg tunnel (Lucerne, Switzerland), in
sandstone. The stress ratios were s1/s3 = 2.33, s1/s2 = 2.10
on one of the sections and s1/s3 = 4.29, and s1/s2 = 1.70 on
the other. Haimson et al. (2003) and Park et al. (2014) eval-

uated the geostatic stress field of granitic and gneissic rock
masses in South Korea, near Seoul, in an active seismic
area. The measured horizontal stresses showed large stress
anisotropy and were consistently larger than the vertical
stress. An extensive compilation of 77 geostatic stresses
was conducted by McGarr & Gay (1978), where the interval, with 95 % confidence, for each principal stress ratio
was: s1/s2 = 1.45 ± 0.80 and s1/s3 = 2.42 ± 2.28. These data
show that the expected stress anisotropy in rock is indeed
high and quite variable.
The importance of tunnel alignment with the geostatic principal stress directions is recognized in the literature. Goodman (1989) recommends aligning the tunnel or
cavern with the major principal stress to minimize stress
concentrations around the opening. Convergence measurements of tunnels constructed in the Underground Research
Laboratory (URL) in France showed the importance of the
tunnel orientation with respect to the geostatic principal
stress directions. These tunnels were excavated in an anisotropic claystone rock mass at 490 m depth, with average
principal stress ratios sh/sv = 1 and sH/sv = 1.3 (Wileveau et
al., 2007). Because of the sedimentation process, the rock
had an oriented structure (horizontal bedding), and thus
anisotropic mechanical properties, with E1/E3 varying from
1.2 to 2 (Armand et al., 2013). Experimental tunnels were

Osvaldo Paiva Magalhães Vitali, MSc, Ph.D. Candidate, Lyles School of Civil Engineering, Purdue University, West Lafayette, IN, USA. e-mail: ovitali@purdue.edu.
Tarcisio Barreto Celestino, Ph.D., Professor Doctor, São Carlos School of Engineering, University of São Paulo, São Carlos, SP, Brazil. e-mail: tbcelest@usp.br.
Antonio Bobet, Ph.D., Edgar B. and Hedwig M. Olson Professor, Lyles School of Civil Engineering, Purdue University, West Lafayette, IN, USA. e-mail:
bobet@ecn.purdue.edu.
Submitted on September 28, 2019; Final Acceptance on February 13, 2020; Discussion open until August 31, 2020.
DOI: 10.28927/SR.431123

Soils and Rocks, São Paulo, 43(1): 123-138, January-March, 2020.

123

Vitali et al.

excavated parallel and perpendicular to sH. A supported circular tunnel of radius 2.6 m, aligned with sH, showed horizontal convergence of 37 to 58 mm and vertical convergence of 24 to 30 mm. A similar tunnel aligned with sh
showed horizontal convergence of 19 mm to 34 mm and
vertical convergence of 112 mm to 158 mm (Armand et al.,
2013).
Tunnel design is commonly conducted assuming that
the tunnel is aligned with one of the geostatic principal
stress directions and yet, as previously discussed, the assumption is unrealistic. When the tunnel is misaligned with
the geostatic principal stress directions, far-field axial shear
stresses are present. These axial shear stresses induce antisymmetric axial displacements and axial shear stresses farbehind the tunnel face (Vitali et al., 2018; 2019a; 2019b;
2019c). On shallow tunnels in isotropic ground, Vitali et al.
(2019b) observed that the far-field axial shear stress induced asymmetric deformations and stresses near the face
and that ground-support interaction and yielding around the
tunnel, if any, were affected by the asymmetric deformations near the face. Vitali et al. (2019c) investigated the effects of tunnel misalignment on the progressive failure
around the well-documented experimental tunnel at the
URL in Canada (Martin, 1997). They found that no plastic
deformations at the tunnel walls occurred when the tunnel
was aligned with the minor principal stress, but asymmetric
spalling would occur if the tunnel was not aligned with the
geostatic principal stresses.
Asymmetric deformations of the tunnel walls have
been observed on tunnels in structured rock masses, such as
phyllites and slates. For instance, asymmetric radial displacements at the tunnel wall, horizontal displacements at
the crown and axial displacements at the springline are often measured on the shotcrete support of NATM tunnels in
anisotropic rock masses (Schubert & Budil, 1995; Goricki
et al., 2005; Schubert et al., 2005; Schubert & Moritz, 2011;
Klopcic & Logar, 2014; Lenz et al., 2017). Those asymmetric deformations are commonly associated with the
anisotropic properties of the rock mass and with localized
heterogeneities. Button et al. (2006) observed that the
asymmetric deformation patterns observed in the field
could be partially reproduced numerically in tunnels not
aligned with the rock mass structure. Tonon and Amadei,
(2002, 2003) and Fortsakis et al. (2012) highlighted the importance of considering the anisotropic properties of the
rock mass in numerical models to obtain more accurate
ground deformation predictions (they assumed, however,
that the tunnel was aligned with the geostatic principal
stresses). In this paper, the influence of the tunnel misalignment with the geostatic principal stresses in anisotropic
rock masses is assessed, for unsupported and supported
tunnels, through 3D FEM modeling. Horizontally- and vertically-structured rock masses are considered. A transversely anisotropic elastic model is adopted to represent the
rock mass.
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2. 3D FEM Model
3D FEM modeling was conducted to investigate tunnels misaligned with the geostatic principal stresses in
anisotropic rock masses. A tunnel misaligned 45° with the
major principal horizontal stress, in a transversely anisotropic rock mass, is assumed. The rock mass is assumed
elastic with the following properties: Young modulus perpendicular to the structural planes (E1), 1 GPa; Young
modulus parallel to the structural planes (E2 = E3), 3 GPa;
in-plane Poisson ratio (n23), 0.333; out-of-plane Poisson ratio (n13 = n12), 0.25; in-plane Shear modulus (G23),
1.125 GPa; and out-of-plane Shear modulus (G23 = G13),
0.667 GPa. These properties are typical of highly anisotropic rock masses, such as phyllites and slates. According
to Worotnicki (1993), more than 50 % of highly structured
rock masses present a E1/E2 ratio larger than 2. For the simulations, horizontal and vertical structural planes are considered (i.e. dip angles 0° and 90°, respectively). The geostatic principal stresses are: vertical stress (sv), 5 MPa (the
vertical stress is assumed as a principal stress), minor horizontal stress (sh), 5 MPa and major horizontal stress (sH),
10 MPa. This is not an unusual anisotropic stress field, according to e.g. Gysel, 1975; Evans et al., 1989; Haimson et
al., 2003; Wileveau et al., 2007; Park et al., 2014; Soucek et
al., 2017. Two directions for the major horizontal stress
are evaluated: sH perpendicular to the strike and sH parallel to the strike of the rock structure (i.e. perpendicular or
parallel to the rock bedding; note that the direction of the
horizontal stresses for a tunnel parallel to the rock structure does not change the results due to the symmetry of the
problem).
Figure 1 shows the FEM mesh built for the investigand
tion. The tunnel is circular with radius (r0) 5 m. 2 order
hexahedron elements are used. The mesh refinement and
the size of the model (Fig. 1a) are selected to ensure the results accuracy, following the recommendations provided
by Vitali et al. (2017). Figure 1b illustrates the plan view of
the mesh with the boundary conditions, where Y = 45° is
the angle that the tunnel makes with the principal horizontal
stresses. The geostatic stress field is generated by applying
a load pressure at the boundaries with the same magnitude
as the geostatic principal stresses. Given the anisotropic
rock masses investigated (i.e. horizontally- and verticallystructured rock masses) and that the vertical axis is a principal stress direction, it is possible to take advantage of the
symmetry of the problem and use only half the discretization. The mesh consists of a refined structured grid at
the center of the model, where the results are extracted,
linked to the boundaries by an unstructured grid, as shown
in Figs. 1c and 1d.
Supported and unsupported tunnels are considered.
The 3D FEM simulation follows the excavation sequence
of the tunnel by deactivating the elements inside the excavation and activating the elements that represent the tunnel
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support, if present. The simulations are run in two steps: the
first step generates the geostatic stress field, and the second,
the excavation and support, if present. The liner is represented by shell elements with thickness 0.5 m (0.1r0). No
slip between ground and liner is allowed. Figure 2 illustrates the mesh near the face of a supported tunnel. The
liner, if included, is installed immediately after the excavation; that is, the unsupported span is zero. In Fig. 2, position
1 indicates a location far-ahead of the face of the tunnel and
represents the region not affected by the tunnel excavation;
position 2 is at the face of the tunnel; and position 3,
far-behind the face of the tunnel, where stresses and displacements are independent of the distance from the face of
the tunnel.

3. Tunnel in Horizontally Structured Rock
Mass
Horizontal stratification is not uncommon in sedimentary and even metamorphic rock masses. The effects of
such structure on tunnels misaligned with the geostatic
principal stresses are analyzed through a number of simulations where the tunnel is horizontal and, thus, aligned with
the rock mass structure. Two cases are studied: (1) far-field
stresses sxx,ff = szz,ff = 7.5 MPa, syy,ff = 5 MPa, txz,ff = 2.5 MPa
(tunnel oriented at Y = 45° with the far-field principal
stresses) and (2) same far-field stresses, but no far-field
shear, i.e. sxx,ff = szz,ff = 7.5 MPa, syy,ff = 5 MPa, txz,ff = 0, to investigate the influence of the far-field axial shear.

Figure 1 - FEM mesh. (a) Model dimensions; (b) plan view and boundary conditions; (c) vertical cross section along the tunnel and;
(d) refined mesh at the center of the model. r0 is the tunnel radius and is 5 m.

Figure 2 - Mesh near the face of the supported tunnel, with the coordinate system XYZ attached to the tunnel. Position (1) represents a
point far ahead of the face; (2), at the face (i.e. Z = 0); and (3), far-behind the face.
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Figure 3 shows the horizontal and vertical tunnel convergence, normalized with the tunnel radius, with the distance from the face, normalized also with the tunnel radius,
for the two cases. Displacements start to increase at 4r0
ahead of the face, abruptly increase at the face and increase
further behind the face until they are constant at about 4r0
behind the face. Tunnel deformations are identical in both
cases, which indicates that the far-field axial shear stress
has no influence on the results. It is interesting to note that
the vertical and the horizontal tunnel deformations are similar, despite the fact that the far-field horizontal stress is

larger than the vertical. The reason for this is that the stiffness of the ground parallel to the rock mass structure is the
largest and the stiffness perpendicular to the structure is the
smallest. So, in the simulations, the (larger) horizontal
stress is parallel to the stiffest rock mass direction and the
(smaller) vertical stress is parallel to the softest rock mass
direction, and so the two effects compensate each other.
Figure 4 shows the normalized radial displacements
and the deformed cross-section at the face and far behind
the face. For Case 2, with no far-field axial shear stress, the
deformations are symmetric at the face and far-behind the

Figure 3 - Tunnel convergence vs. distance from the face (both normalized with respect to the tunnel radius) for unsupported tunnel. (a)
horizontal convergence, (b) vertical convergence. Z is the distance from the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m. The
circles represent the tunnel cross section and the arrows indicate the direction and location of the displacements plotted.

Figure 4 - Normalized radial displacemets at the tunnel perimeter with respect to the tunnel radius and deformed tunnel cross-section,
for unsupported tunnel. (a) at the face; (b) far-behind the face. Deformations are magnified 200 times at the face and 100 times far-behind
the face. ur is the radial dsplacement and r0, the tunnel radius, is 5 m.
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Figure 5 - Displacements vs. distance from the face (both normalized with respect to the tunnel radius). (a) Case 1, complete stress field;
(b) Case 2, no far-field axial shear. Z is the distance from the face (Fig. 2); r0, the tunnel radius, is 5 m. The circles represent the tunnel
cross section and the arrows indicate the direction and location of the displacements plotted.

face. For Case 1, with the complete stress field, the deformations at the tunnel perimeter are symmetric far-behind
the face, but asymmetric at the face, where the tunnel cross
section translates towards the right. Far-behind the face, the
deformed cross section in both cases is exactly the same,
which shows that the far-field axial shear stress does not affect the radial displacements far-behind the face. This is because, when the tunnel axis is aligned with one of the
principal material directions, in-plane and out-of-plane deformations are decoupled (Vitali et al., 2020).
The normalized radial displacements at the springline, on the right and left, and the tunnel cross section translation are presented in Fig. 5. For Case 1, complete stress
field, the radial displacements are asymmetric from a distance of 4r0 ahead of the face to about 6r0 behind the face. A
translation of the tunnel cross section occurs near the face,
which is maximum at the face (i.e. at Z = 0). For Case 2, the
radial displacements at the springline do not change with
the distance from the face; that is, no translation of the tunnel cross section occurs. Thus, the presence of the far-field
axial shear stress induces asymmetric deformations near
the face. Figure 6 shows the normalized “corrected” radial
displacements with the normalized distance from the face,
for Case 1. The corrected radial displacement is the radial
displacement without the translation of the tunnel cross
section, as indicated in Fig. 6. The corrected radial displacements are asymmetric near the face, which is consistent with Vitali et al. (2019b). The authors observed that the
far-field axial shear stress caused asymmetric radial deformation near the face of a shallow tunnel in isotropic ground.
Those asymmetric radial displacements could be decomposed into a rigid body displacement of the tunnel cross
section and anti-symmetric radial displacements.
The stress paths, normalized with respect to the vertical stress, at points near the tunnel perimeter (i.e. at right
and left springline and at the crown) are shown in Fig. 7
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Figure 6 - Displacements vs. distance from the face (both normalized with respect to the tunnel radius). Case 1, complete stress
field. Z is the distance from the face (Fig. 2); r0, the tunnel radius,
and is 5 m. The circles represent the tunnel cross section and the
arrows indicate the direction and location of the displacements
plotted.

(see Fig. 2 for location of points 1, 2, 3). The stresses were
computed at a distance of 0.1r0 from the tunnel perimeter, to
minimize the disturbance due to the corner between face
and tunnel. For Case 1 (complete stress field), on the
right-hand side of the springline, the rock stresses increase
towards the face of the tunnel, i.e. both mean stress and
maximum shear stress increase; close to the face, the
stresses abruptly increase, while they steadily decrease behind the face until they reach a constant value. On the
left-hand side, the opposite is observed; that is, unloading
ahead of the face and loading behind the face. Note that far
behind the face of the tunnel, the two stress paths yield the
same results. The asymmetry of the stress paths is consistent with the asymmetric deformations near the face discussed previously. Indeed, there is a horizontal translation
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Figure 7 - Normalized stress paths with respect to the vertical stress. (a) Case 1, full stress field; (b) Case 2, no far-field axial shear. Position (1) represents a point far ahead of the face of the tunnel; (2), at the face (i.e. Z = 0); and (3), far-behind the face.

of the tunnel cross section towards the right near the face, as
shown in Fig. 4, that results in compression of the rock at
the right springline, while the rock at the left springline is
unloaded. For Case 2, no far-field axial shear stress, the two
stress paths are exactly the same. There is loading ahead of
the face and unloading behind the face. Note that unloading
ahead of the face was observed only when the far-field axial
shear stress was present. Figure 8 presents the normalized
stress paths at the crown for Case 1 (complete stress field)
and Case 2 (no far-field axial shear). The stresses at the
crown and at the invert are the same because of the symmetry of the problem. The stress paths for the two cases follow
a loading path ahead and behind the tunnel face, with an increase of the mean effective stress near the face. The shear

Figure 8 - Stress paths at the crown. Position (1) represents a point
far ahead of the face of the tunnel; (2), at the face (i.e. Z = 0); and
(3), far-behind the face.
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stresses are larger for Case 1 than for Case 2 because of the
presence of the far-field axial shear stress.
Figure 9 shows the normalized axial displacements at
the tunnel perimeter, for Case 1 (complete stress field; for
Case 2, no axial displacements were induced far-behind the
face). As one can see in the figure, anti-symmetric axial displacements are induced far-behind the face. The axial displacements are maximum at the springline and zero at the
crown; those are produced by the far-field axial shear
stress. At the face, the axial displacements are asymmetric
due to the constraints produced by the tunnel face (Fig. 4).

Figure 9 - Normalized axial displacements with respect to the tunnel radius along the tunnel perimeter for Case 1, complete stress
field. Unsupported tunnel. The colors of the deformed tunnel
cross-section are associated with the magnitude of the axial displacements and are shown to help with the visualization (the colors legend is not included for clarity, but the magnitude of the
displacements is given in the plot).
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For Case 2, where the far-field axial shear stress is neglected, no anti-symmetric axial displacements are induced
and so, no asymmetric radial deformations occur near the
face.
If a liner is installed near the face, the asymmetric radial deformations may affect the stresses in the support. To
investigate the influence of the far-field axial shear stress
on supported tunnels in a horizontally structured rock masses, the two cases previously discussed are analyzed again,
but with a liner placed close to the face (Fig. 2). Figure 10
shows the normalized radial displacements with the normalized distance from the face. For Case 1, complete stress
field, the radial displacements at the springline are asymmetric near the face and far behind the face. For Case 2, no
far-field axial shear, the radial displacements at the springline are always symmetric. Consistent with the findings

from the unsupported tunnel, the asymmetric deformations
are caused by the anti-symmetric axial displacements induced by the far-field axial shear stress.
Figure 11 shows the normalized radial stresses at the
tunnel perimeter, with respect to the vertical stress, with the
normalized distance from the face. For Case 1, complete
stress field, on the right-hand side of the springline, the radial stresses increase at the face and abruptly decrease behind the face; then, they slightly increase with the distance
from the face until they are constant. On the left-hand side
of the springline, the radial stresses decrease ahead of the
face as the distance from the face decreases and then, behind the face, they increase with distance until they are constant. The radial stresses on the right are larger than on the
left springline, which is consistent with the asymmetric deformations near the face. Note that there is a translation of

Figure 10 - Radial displacements vs. distance from the face (both normalized with respect to the tunnel radius), for supported tunnel. (a)
Case 1, complete stress field and, (b) Case 2, no far-field axial shear. Z is the distance from the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m. The circles represent the tunnel cross section and the arrows indicate the direction and location of the displacements plotted.

Figure 11 - Normalized radial stresses with respect to the far-field vertical stress vs. the normalized distance from the face with respect to
the tunnel radius, for supported tunnel. (a) Case 1, complete stress field; (b) Case 2, no far-field axial sher stress. Z is the distance from
the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m . The circles represent the tunnel cross section and the arrows indicate the direction and location of the radial stresses plotted.
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the tunnel cross section towards the right (Fig. 4.a.1), which
compresses the right springline and unloads the left. For
Case 2, the radial stresses are the same (i.e. both abruptly
decrease at the face and slightly increase behind the face
until they are constant far-behind the face). It is interesting
to note that the radial stresses at the crown are similar in
both cases. At the crown, the radial stresses decrease ahead
of the face and increase behind the face until they reach a
constant value. Note that, behind the face, the radial
stresses at the crown are larger than at the springline. Figure 12 shows the internal forces in the liner, normalized with
respect to the vertical stress and the tunnel radius. The internal forces (i.e. thrust forces and bending moments) are
symmetric for Case 2 (no far-field axial shear) and asymmetric for Case 1 (complete stress field), where they are
larger on the right than on the left. This observation is consistent with the asymmetric radial displacements that occur
at the tunnel perimeter. Note also that Case 1 produces the
largest internal forces.

4. Tunnel in Vertically-Structured Rock
Mass
In this analysis, the tunnel is inclined 45° with the
strike of the rock structure and with the geostatic principal
horizontal stresses, as shown in Fig. 13. The figure also
shows the boundary conditions of the FEM model, which
are analogous to those in Fig. 2. Three cases are investigated: (1) major horizontal stress (sH) perpendicular to the
strike; (2) no far-field axial shear stress; and (3) major horizontal stress (sH) perpendicular to the strike. The far-field
horizontal and axial stress are the same in all three scenarios (i.e. sxx,ff = szz,ff = 7.5 MPa). When sH is perpendicular to
the strike (Case 1), the far-field axial shear stress (txz,ff) is

Figure 13 - Plan view of the tunnel misaligned with the vertically
structured rock mass and boundary conditions.

2.5 MPa, and when parallel to the strike (Case 3),
txz,ff = -2.5 MPa. Case 2 assumes txz,ff = 0.
The axial displacements at the tunnel perimeter, normalized with respect to the tunnel radius, are presented in
Fig. 14, for an unsupported tunnel. In all cases, axial displacements are induced far behind the face. The axial displacements are asymmetric at the face and anti-symmetric
far-behind the face. The axis of anti-symmetry far-behind
the face is the vertical axis in all three cases, so the maximum axial displacements are at the springline and there are
no axial displacements at the crown or invert. This is because of the presence of the far-field axial shear stress and
because of the tunnel misalignment with the rock mass
structure. It is interesting to note that the axial displacements for Case 2, no far-field shear, are larger than for Case
3, sH parallel to the strike, but smaller than for Case 1, sH
perpendicular to the strike. The reason for this is that, when
sH is perpendicular to the strike, the axial distortions produced by the far-field axial shear stress and by the rock

Figure 12 - Normalized internal forces with respect to the vertical stress and tunnel radius. (a) Thrust (b) Bending moment.
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Figure 14 - Normalized axial displacements of the tunnel: (a) at the face; (b) far-behind the face. The colors of the axially deformed tunnel cross-sections are associated with the magnitude of the axial displacements and are used for visualization purposes (the colors legend
is not included for clarity, but the magnitude of the displacements is given in the plot).

mass anisotropy complement each other, while when sH is
parallel to the strike, they have opposite effects.
Figure 15 shows the normalized horizontal and vertical tunnel displacements with the normalized distance from
the face of the tunnel. The displacements of Case 1 with
horizontally structured rock mass are plotted for compari-

son. The vertical displacements are similar in all three cases
with vertically structured rock mass and are smaller than
those with horizontally structured rock mass. The reason
for this is because the rock stiffness in the vertical direction
is the largest for vertically structured rock mass and the
smallest for horizontally structured rock mass. For verti-

Figure 15 - Horizontal and vertical tunnel convergence vs. distance from the face (both normalized with respect to the tunnel radius), for
unsupported tunnel. Z is the distance from the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m. The circles represent the tunnel cross
section and the arrows indicate the direction and location of the displacements plotted.
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cally structured rock mass, the horizontal displacements are
larger for Case 1 (sH perpendicular to the strike) and smaller for Case 3 (sH parallel to the strike). This is due to the
compliance matrix of the transversely anisotropic elastic
model, which is fully populated when the tunnel is
misaligned with one of the principal axes of material anisotropy. Thus, in-plane and out-of-plane stresses and deformations are coupled. As a consequence, radial displacements are affected by the far-field axial shear stresses. Note
that when the tunnel is aligned with one of the principal
axes of the material anisotropy, in-plane and out-of-plane
deformations are decoupled. As a consequence, the farfield axial shear stress has no influence on the radial displacements far-behind the face (see e.g. Figs. 4 and 5 for
horizontally-structured rock mass). The horizontal convergence for Case 1 with horizontally structured rock mass is
smaller than with vertically structured rock mass, because

the rock mass stiffness is the largest in the horizontal direction than when the rock mass structure is horizontal.
Figure 16 shows the normalized radial displacements
and the deformed tunnel cross-section for the cases with
vertically structured rock mass and for Case 1, with horizontally structured rock mass, which is included for comparison. At the face of the tunnel, the radial displacements
are always asymmetric, but they are symmetric far-behind
the face. As explained before, the asymmetric deformations
near the face occur because the anti-symmetric axial displacements are constrained by the face of the tunnel. Note
that the asymmetric deformations at the face and the symmetric deformations far-behind the face are larger when sH
is perpendicular to the strike (Case 1) and smaller when sH
is parallel to the strike (Case 3). At the face, a horizontal
translation of the tunnel cross section occurs for all cases.
The translation is towards the right for Case 1 (sH perpen-

Figure 16 - Normalized radial displacements at the tunnel perimeter with respect to the tunnel radius and deformed tunnel cross-section,
for unsupported tunnel. (a) at the face; (b) far-behind the face. Deformations are magnified 200 times at the face and 100 times far-behind
the face.
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dicular to the strike, Fig. 16.a.1), Case 2 (no far-field axial
shear stress, Fig. 16.a.2) and for Case 1 with horizontally
structured rock mass (Fig. 16.a.4), but it is towards the left
for Case 3 (sH parallel to the strike, Fig. 16.a.3). As one can
see in Fig. 16, the deformed tunnel cross-section has a pronounced ellipsoidal shape far-behind the face when the
rock structure is vertical (Cases 1 to 3). This is the result of

a far-field horizontal stress larger than vertical, and the fact
that the larger horizontal stress is applied in the direction of
the smaller stiffness of the rock. The opposite happens in
the horizontally structured rock mass, as discussed in the
previous section.
Figure 17 shows the normalized radial displacements
at the springline and the horizontal translation of the tunnel

Figure 17 - Normalized radial and horizontal translation of the tunnel cross section with respect to the tunnel radius vs. the normalized
distance from the face with respect to the tunnel radius, for unsupported tunnel. (a) Case 1, sH perpendicular to the strike; (b) Case 2, no
far-field axial shear stress and; (c) Case 3 sH parallel to the strike. Z is the distance from the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m. The circles represent the tunnel cross section and the arrows indicate the direction and location of the displacements plotted.
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cross section with the normalized distance from the face of
the tunnel. The radial displacements on the left and right at
the springline are different near the face but are the same
far-behind the face. The horizontal translation of the tunnel
cross section occurs near the face in all three scenarios; it is
maximum at the face and reduces to zero far behind the
face. Figure 17 also shows the “corrected” radial displacements, which are the radial displacements without the
translation, as indicated in the graphs. For Case 2, no
far-field axial shear stress, the corrected radial displacements are the same (within numerical approximation) on
both sides of the springline. For Cases 1 and 3, where the
far-field axial shear stress is not zero, the corrected radial
displacements near the face are asymmetric. Thus, the horizontal translation observed in Case 2, no far-field axial
shear, is in reality a horizontal rigid body displacement of
the tunnel cross section, while in Cases 1 and 3, where the
far-field axial shear stress is present, the deformations are
more complex. The combination of rock anisotropy and
far-field axial shear produces a response of the rock around
the tunnel quite different (and more complex) than when
the rock is isotropic. Indeed, in isotropic elastic ground,
Vitali et al. (2019b) observed that the asymmetric radial deformations near the face due to a far-field axial shear stress
could be decomposed into a rigid body displacement of the
tunnel cross-section and anti-symmetric radial displacements, which is not always the case in anisotropic rock.
Figure 18 shows the stress paths at the springline, normalized with respect to the vertical stress. The labels (1, 2
and 3) shown in Fig. 18 refer to positions far-ahead of the
face (1), at the face (2), and far-behind the face (3), as indicated in Fig. 2. The stresses are extracted at a distance of
0.1r0 from the tunnel perimeter, to avoid the mathematical
singularity at the corner formed between the tunnel face
and the excavation. As a consequence of the asymmetric

deformations near the face, the stress paths are asymmetric
near the face as well. For Case 1, sH perpendicular to the
strike, the rock on the right-hand side of the springline takes
load ahead of the face, the stresses increase near the face,
and then they decrease behind the face. On the left, the
stresses decrease ahead of the face and increase behind the
face. Note that the stresses on the right and left springlines
far-behind the face are the same. The stress paths are consistent with a horizontal translation of the tunnel cross section towards the right, which compresses the rock at the
springline, to the right, and unloads to the left. The opposite
is observed for Case 3, sH parallel to the strike. On the right,
there is unloading ahead of the face and loading behind the
face; on the left springline, there is loading ahead of the
face and unloading behind. Note that the tunnel translation
in Case 3 is towards the left. For Case 2, no far-field axial
shear stress, both sides of the springline follow the same
stress path. The stresses near the face are larger at the right
springline, which is consistent with the observed horizontal
translation towards the right. It is interesting to note that the
unloading stress path ahead of the face is only observed
when the far-field axial shear stress is present. Figure 19
shows the normalized stress paths at the crown with respect
to the vertical stress, for the three cases with vertically
structured rock mass, and for Case 1, with horizontally
structured rock mass, which is included for comparison. As
one can see, all the stresses increase near the face. The shear
stresses are smaller for Case 2, no far-field axial shear
stress, than for the other cases. Far-behind the face, the
stress state for Case 1, sH perpendicular to the strike, and
Case 3, sH parallel to the strike, are the same and slightly
different than for Case 1, with horizontally structured rock
mass. This finding suggests that the orientation of the rock
structure with respect to the tunnel strongly affects the
ground deformations around the tunnel, particularly near

Figure 18 - Normalized stress paths with respect to the vertical stress for unsupported tunnel. (a) Case 1: sH perpendicular to the strike;
(b) Case 2, no far-field axial shear stress; and (c) Case 3, sH parallel to the strike. Position (1) represents a point far ahead of the face of the
tunnel; (2), at the face (i.e. Z = 0); and (3), far-behind the face.
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Figure 19 - Stress paths at the crown. Position (1) represents a
point far ahead of the face of the tunnel; (2), at the face (i.e. Z = 0);
and (3), far-behind the face.

the face of the tunnel, but has limited influence on the
stresses around the tunnel far-behind the face.
The asymmetric deformations found near the face
may affect the liner, if the tunnel is supported. This is investigated by running three new cases, all analogous to the previous cases discussed, but with a liner placed close to the
face (Fig. 2). The results are presented in Figs. 20 and 21.
Figure 20 shows the normalized radial stresses with the
normalized distance from the tunnel face. As a consequence of the asymmetric deformations near the face, the
radial stresses at the tunnel perimeter are asymmetric near
and far-behind the face. The largest stress asymmetries oc-

cur for Case 1, when sH is perpendicular to the strike, and
the smallest for Case 2, no far-field axial shear stress. The
radial stresses are larger at the right springline when sH is
perpendicular to the strike and when there is no far-field axial shear stress, but are larger at the left when sH is parallel
to the strike. This is consistent with the direction of the tunnel cross section translation observed. The radial stresses at
the crown are similar for the three cases and are larger than
the stresses at the springline, given that the horizontal stress
is larger than the vertical (i.e. stress concentrations are
larger at the crown). Figure 21 shows the internal forces of
the liner normalized with respect to the vertical stress and
the tunnel radius. The internal forces are always asymmetric. The thrust is larger at the crown and at the invert and is
smaller at the springline, while the bending moments are
larger at the springline. The internal forces are larger for
Case 1, when sH is perpendicular to the strike and are
smaller for Case 3, when sH is parallel to the strike. This is
expected because the radial deformations are larger for
Case 1 and smaller for Case 3, as shown in Figs. 15, 16 and
17. It is interesting to note that the internal forces for the
cases with far-field axial shear stress (Cases 1 and 3) are
more asymmetric than the case with no far-field axial shear
stress (Case 2).

5. Conclusions
The effects of the tunnel misalignment with the geostatic principal stress directions in anisotropic rock masses
are investigated in this paper. Far-field axial shear stresses
are present when the tunnel is not aligned with the geostatic
principal stress directions. Anti-symmetric axial displacements and axial shear stresses are induced around the tunnel due to the tunnel misalignment with the geostatic principal stress directions and with the principal material
directions. Near the face, axial displacements are constrained by the face of the tunnel; as a consequence, asymmetric radial deformations occur near the face. 3D FEM

Figure 20 - Normalized radial stresses with respect to the vertical stress vs. the normalized distance from the face with respect to the tunnel radius, for supported tunnel. (a) Case 1, sH perpendicular to the strike; (b) Case 2, no far-field axial shear stress; and (c) Case 3, sH
parallel to the strike. Z is the distance from the face of the tunnel (Fig. 2); r0, the tunnel radius, is 5 m. The circles represent the tunnel
cross section and the arrows indicate the direction and location of the radial stresses plotted.
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Figure 21 - Normalized internal forces with the vertical stress and tunnel radius. (a) Thrust; (b) Bending moment.

simulations of a tunnel at 45° with the horizontal principal
stresses have been performed, with an anisotropic geostatic
stress field. Two scenarios have been investigated: a horizontal tunnel in rock mass with horizontal structure, and in
a rock mass with a vertical structure. In both scenarios, the
rock response is approximated through a transversely anisotropic elastic model. Both unsupported and supported
tunnels are considered.
For the scenario with the horizontally-structured rock
mass, the tunnel is always aligned with the rock mass structure. Asymmetric radial deformations near the face of the
tunnel occur when a far-field axial shear stress is present.
Far-behind the face, for the unsupported tunnel, the radial
displacements are symmetric, which indicates that the farfield axial shear stress does not affect the radial displacements far-behind the face. The reason is that, when the tunnel is aligned with one of the principal material directions,
in-plane and out-of-plane deformations are decoupled. For
supported tunnels, the asymmetric deformations near the
face affect the liner response. Far behind the face, asymmetric radial displacements and stresses are present, so the
internal forces in the liner are asymmetric.
For the scenario where the rock mass structure is vertical and the tunnel axis makes an angle of 45° with the
strike or the rock structure, axial displacements and axial
shear stresses are induced around the tunnel. Three scenarios are being investigated: major horizontal stress parallel
to the strike direction, major horizontal stress perpendicular
to the tunnel direction and no far-field axial shear stress.
Far-behind the face, the induced axial displacements are always anti-symmetric with respect to the vertical axis. The
largest axial displacements occur when sH is perpendicular
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to the strike and the smallest when sH is parallel to the
strike. This is because, when sH is perpendicular to the
strike, the axial distortion of the tunnel cross section produced by the far-field axial shear stress and by the rock
mass structure complement each other. The opposite happens when sH is parallel to the strike. Near the face, asymmetric deformations are induced. The asymmetric radial
deformations near the face are larger when sH is perpendicular to the strike and smaller when sH is parallel. The same
is true far-behind the face of the tunnel. In other words, the
far-field axial shear stress affects the radial displacements
far-behind the face when the tunnel is misaligned with the
principal directions of material anisotropy. For supported
tunnels, the radial stresses at the tunnel perimeter are asymmetric near the face and far-behind the face. Thus, the internal forces in the tunnel liner are asymmetric. The largest
internal forces occur when sH is perpendicular to the strike
and the smallest when sH is parallel to the strike.
The ground deformations far-behind the tunnel face
are heavily affected by the orientation of the rock mass
structure with the tunnel. For the horizontally structured
rock mass, the deformed tunnel cross section far-behind the
face has a slightly ellipsoidal shape (i.e. the radial displacements at the springline are similar to those at the crown and
invert). In contrast, for vertically-structured rock mass, the
deformed tunnel cross section has a pronounced ellipsoidal
shape, where the radial displacements at the springline are
substantially larger than at the crown and invert. For this
specific case, the far-field horizontal stress is larger than the
vertical. Thus, for horizontally-structured rock mass, the
largest stresses are aligned with the stiffest material direction (i.e. parallel to the rock structure) and the smallest
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stresses are aligned with the softest material direction (i.e.
perpendicular to the strike). The opposite occurs for vertically-structured rock mass. The rock stresses near the tunnel perimeter for horizontally- and vertically-structured
rock mass are similar far-behind the face, which seems to
suggest that rock anisotropy has a modest influence on the
stresses far behind the face of the tunnel.
The results presented in this paper provide insight
into the complex behavior of tunnels in anisotropic rock
masses, and highlight the importance of considering the
tunnel misalignment with the geostatic principal stress directions and with the rock mass structural planes. Also, the
results show the importance of the orientation of the geostatic principal stress directions with respect to the principal directions of material anisotropy.

Acknowledgments
The research is being partially supported by the research funding agency of the Brazilian government CNPq
(“Conselho Nacional de Desenvolvimento Científico e
Tecnológico”). The authors acknowledge the support from
CNPq and from Midas company, which kindly provided
the license of Midas GTX NX software, used in the present
work.

References
Armand, G.; Noiret, A.; Zghondi, J. & Seyedi, D.M.
(2013). Short- and long-term behaviors of drifts in the
Callovo-Oxfordian claystone at the Meuse/Haute-Marne Underground Research Laboratory. Journal of Rock
Mechanics and Geotechnical Engineering, 5(3):221230.
Brady, B.H.G. & Brown, E.T. (2006). Rock Mechanics for
rd
Underground Mining. 3 ed. Springer, New York,
628 p.
Brown, E.T. & Hoek, E. (1978). Trends in relationships between measured in-situ stresses and depth. Int. J. Rock
Mech. Min. Sci., 15(4):211-215.
Button, E.; Leitner, R.; Poetsch, M. & Schubert, W. (2006).
Spatial relationships between discontinuity orientation
and system behavior in underground excavations. Proc.
ARMA 41st U.S. Symposium on Rock Mechanics.
ARMA/USRMS 06-957.
Evans, K.F.; Engelder, T. & Plumb R.A. (1989). Appalachian Stress study .1. a detailed description of in-situ
stress variations in devonian shales of the appalachian
plateau. J. Geophys. Res. Earth Planets, 94:7129-7154.
Fortsakis, P.; Nikas, K.; Marinos, K.V. & Marinos, P.
(2012). Anisotropic behaviour of stratified rock masses
in tunnelling. Eng. Geol., 141-142:74-83.
Goodman, R.E. (1989). Introduction to Rock Mechanics.
nd
2 ed. Willey, New York, 576 p.
Goricki, A.; Button, A.E.; Schubert, W.; Pötsch, M. &
Leitner, R. (2005). The influence of discontinuity orien-

Soils and Rocks, São Paulo, 43(1): 123-138, January-March, 2020.

tation on the behaviour of tunnels. Felsbau., 23(5):1218.
Gysel, M. (1975). In-Situ stress measurements of the primary stress state in the Sonnenberg tunnel in Lucerne,
Switzerland. Tectonophysics, 29:301-314.
Haimson, B.C.; Lee, M.Y. & Song, I. (2003). Shallow hydraulic fracturing measurements in Korea support tectonic and seismic indicators of regional stress. Int. J.
Rock Mech. Min. Sci., 40(7-8):1243-1256.
Hoek, E. (2007). Practical Rock Engineering, 2007 ed.
Available
for
download
at:
https://www.rocscience.com/learning/hoeks-corner/course-notes-books (last visit on
rd
March, 23 , 2020).
Klopcic, J. & Logar, J. (2014). Effect of relative orientation
of anisotropy planes to tunnel axis on the magnitude of
tunnelling displacements. International Journal of Rock
Mechanics and Mining Sciences, 71:235-248.
Lenz, G.; Kluckner, A.; Holzer, R.; Stadlmann, T.; Schachinger, T. & Gobiet, G. (2017). Prediction of fault
zones based on geological and geotechnical observations during tunnel construction. Geomechanics and
Tunneling, 10(4):366-379.
Martin, C.D. (1997). Seventeenth Canadian Geotechnical
Colloquium: The effect of cohesion loss and stress path
on brittle rock strength. Canadian Geotechnical Journal,
34(5):698-725.
McGarr, A. & Gay, N.C. (1978). State of Stress in the
Earth’s Crust. Ann. Rev. Earth Planet., Sci. 6:405-436.
Park, E.S.; Choi, B.H.; Bae, S.H. & Jeon, S. (2014). Horizontal stresses at shallow depths in Seoul (Korea) gneissic region. Proc. EUROCK 2014, Rock Eng. Rock
Mech. Struct. Rock Masses, ISRM European Regional
Symposium, pp. 399-404.
Perras, M.A.; Wannenmacher, H. & Diederichs, M.S.
(2015). Underground excavation behaviour of the
Queenston formation: tunnel back analysis for application to shaft damage dimension prediction. Rock Mech.
Rock Eng., 48(4):1647-1671.
Schubert, W. & Budil, A. (1995). The importance of longitudinal deformation in tunnel excavation. Proc. 8th
ISRM Congress on Rock Mechanics, pp. 1411-1414.
Schubert, P.; Klopcic, J.; Stimulak, A.; Ajdic, I. & Logar, J.
(2005). Analysis of characteristic deformation patterns
at the Trojane tunnel in Slovenia. Felsbau, 23(5):25-30.
Schubert, W. & Moritz, B. (2011). State of the art in evaluation and interpretation of displacement monitoring data
in tunnels. Geomechanics and Tunneling, 4(5):371380.
Souce, K.; Vavro, M.; Stas, L.; Vavro, L.; Waclawik, P.;
Konicek, P.; Ptácek, J. & Vondrovic, L. (2017) Geotechnical characterization of Bukov underground research facility. Procedia Engineering, 191:711-718.

137

Vitali et al.

Tonon, F. & Amadei, B. (2002). Effect of elastic anisotropy
on tunnel wall displacements behind a tunnel face.
Rock Mech. Rock Eng., 35(3):141-160.
Tonon, F. & Amadei, B. (2003). Stresses in anisotropic
rock masses: An engineering perspective building on
geological knowledge. Int. J. Rock Mech. Min. Sci.,
40(7-8):1099-1120.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2017). 3D finite element modelling optimization for deep tunnels
with material nonlinearity. Undergr. Sp., 3(2):125-139.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2018). Analytical solution for tunnels not aligned with geostatic principal stress directions. Tunn. Undergr. Sp. Technol.,
82:394-405.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2019a). Shallow tunnel not aligned with the geostatic principal stress
directions. Proc. Geo-Congress2019, GSP, 313:214222.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2019b). Shallow tunnels misaligned with geostatic principal stress
directions: analytical solution and 3D face effects.
Tunn. Undergr. Sp. Technol., 89:268-283.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2019c). Progressive failure due to tunnel misalignment with geo-

138

static principal stresses. Proc. ISRM 14th International
Congress on Rock Mechanics, pp. 2292-2299.
Vitali, O.P.M.; Celestino, T.B. & Bobet, A. (2020). Analytical solution for a deep circular tunnel in anisotropic
ground and anisotropic geostatic stresses. Manuscript
under review for publication in a peer-reviewed journal.
Wileveau, Y.; Cornet, F.H.; Desroches, J. & Blumling, P.
(2007). Complete in situ stress determination in an
argillite sedimentary formation. Phys. Chem. Earth,
32(8-14):866-878.
Worotnicki, G. (2013). CSIRO Triaxial Stress Measurement Cell. In: Rock testing and site characterization:
principles, practice and projects: 329-394.
Zhao, X.G.; Wang, J.; Cai, M.; Ma, L.K.; Zong, Z.H.;
Wang, X.Y.; Su, R.; Chen, W.M.; Zhao, H.G.; Chen,
Q.C.; An, Q.M.; Qin, X.H.; Ou, M.Y. & Zhao, J.S.
(2013). In-situ stress measurements and regional stress
field assessment of the Beishan area, China. Eng. Geol.,
163:26-40.
Zhao, X.G.; Wang, J.; Qin, X.H.; Cai, M.; Su, R.; He, J.G.;
Zong, Z.H.; Ma, L.K.; Ji, R.L.; Zhang, M.; Zhang, S.;
Yun, L.; Chen, Q.C.; Niu, L.L. & An, Q.M. (2015).
In-situ stress measurements and regional stress field assessment in the Xinjiang candidate area for China’s
HLW disposal. Eng. Geol., 197:42-56.

Soils and Rocks, São Paulo, 43(1): 123-138, January-March, 2020.

Technical Notes

Soils and Rocks
v. 43, n. 1

A Model of Energy Dissipation for the Mode of Rupture of
Shallow Foundations in Sandy Soils
L.F. dos Santos, A. Saraiva, A.C. de Freitas
Abstract. The plastic deformation of sandy soils is poorly understood from a microscopic point of view. The criteria to
predict the mode of rupture of shallow foundations are mostly based on phenomenological arguments and may fail to
explain the results obtained experimentally in model foundations. This work validates a model to determine the mode of
rupture of sandy soils underlying shallow foundations based on the assumption that the complex rupture behavior of sand
may be described approximately as a trade-off between the energy dissipation in a sand slip and the subsequent reduction
of elastic potential energy in the surrounding sand mass. This theoretical framework describes more accurately
experimental results found in the literature than the approach based on the rigidity index of the soil. In order to extrapolate
results from small-size model experiments to large-size foundations, direct dimensional arguments may be used, since the
proposed account of the failure mechanism is based on the laws of mechanics, not on phenomenological equations.
Keywords: bearing capacity, sandy soils, shallow foundations, stress relief.

1. Introduction
Sand under the gravitational field presents a unique
set of mechanical properties. While soft sand resembles a
fluid, it becomes rigid under pressure at higher depths. As a
result, shallow foundations under extreme stress induce different rupture modes, depending on the details of the foundation design and the characteristics of the sandy soil. Even
at typical stresses, well below the maximum load for the
foundation, this complex range of behavior impacts the prediction of the foundation settlement, affecting the overall
soil compressibility.
Soil incompressibility is a common assumption in analytical calculations of the bearing capacity of shallow
foundations (Terzaghi, 1943). This approximation is
known to lead to significant errors that could compromise
the safety of the structure, overestimating the maximum allowable load (Vesic, 1975). In the absence of a full scale
field test, it is challenging to determine the validity of this
approximation a priori. Early attempts to address this problem were based on the analysis of a compressibility factor
that amends the equation for the shear failure load (Vesic,
1975). To determine when this factor is applicable, the rigidity index of the soil is determined and compared to a
critical rigidity index that separates general failure from
non-general (either punching or local) failures.
This method leads to significant disparity between
theory and experimental results. The criterion for the critical rigidity index is based solely on the mathematical form
of the compressibility factor – a correction being added

whenever this factor is less than one (i.e., when this correction is responsible for reducing the maximum allowable
load). Comparison between this criterion and experimental
data from extensive tests performed by Vesic (1963) reveals that often a local or punching failure (which indicate a
soil that is necessarily compressible) is observed with sands
of rigidities predicted to lead to general failure. This is worrisome, since this error leads to discarding the correction
factor and overestimating the bearing capacity of a foundation.
A physical criterion is derived here for determining
the type of rupture a sand will suffer under a foundation
load above the bearing capacity. This criterion is based on
an analogy with the formation and propagation of cracks in
solids, which dissipate the elastic potential energy of the
surrounding mass under stress. This argument is adapted to
the case of shallow foundations on sandy soils by estimating the energy cost of dislocating a mass of sandy soil
against shearing stress. This sets a maximum total length
Ltotal for the crack that is compared to the hypothetical length
of the failure surface in the case of general, local or punching shearing failures. The results of this model are validated
against experimental results of Vesic (1963), showing
greater accuracy than the criterion based on the rigidity index proposed by the same author.

2. Bearing Capacity
Vesic (1975) observed the existence of 3 modes of
failure: general shear failure, local shear failure and punch-
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ing shear failure. He concluded that the bearing capacity is
related to the rupture mode, the foundation geometry, relative density, scale and loading conditions. The calculation
of the soil rupture load for shallow foundations based on
soils represents a challenging problem of elastic-plastic
equilibrium. A common approach is to disregard the soil
compressibility, considering the failure mechanism to be
approximately described as a rigid-plastic transition at a
rupture stress srup.
Investigating a shallow footing resting on a sandy
(cohesionless) soil, in the absence of a water level and with
homogeneous mechanical properties – namely, the friction
angl f and the unit weight g – Buisman (1940) and Terzaghi
(1943) propose an expression for the ultimate vertical stress
that may be aplied at the center of the foundation. This expression takes a particularly simple form in the case of a
long rectangular footing (L > > B in Fig. 1), given by:
s rup =

1
g × B× N g
2

(1)

where Ng is a dimensionless bearing capacity factor, which
was investigated by several authors (see Michalowski
(1997) and references therein). One of the canonical expressions for Ng is given by Vesic (1975) as
ìï p tan f é æ p f öù 2 üï
N g = 2í e
êtanç 4 + 2 ÷ú + 1ý tan f
øû
ë è
ïþ
ïî

(2)

This analysis may also be performed with corrections
for foundations with overburden, but this is beyond the
scope of the present work and will not be discussed here.
2.1. Effect of foundation shape
For foundation shapes other than L > > B (long rectangular), the mathematical difficulties in obtaining solutions
for the ultimate pressure (srup) are considerable, since no
longer the plane strain condition may be assumed. The expression proposed by Buismann (1940) and Terzaghi

(1943) (Eq. 1) is not valid for foundations with L < 5B,
including circular and square foundations.
Due to the difficulties described, the approach to the
problem is semi-empirical. Several experiments were performed by Vesic with different shapes of foundations and,
from these results, a shape correction factor zg was introduced in Eq. 1. This way, the phenomenologically amended
equation is written as
s rup =

1
g × B × N g × zg
2

(3)

where the shape factor zg is calculated according to Table 1.
2.2. Influence of soil compressiblity and scale effect
It has been previously emphasized that the whole procedure of ultimate pressure (srup) analysis is based on the incompressible soil hypothesis and, strictly speaking, this
should be applied only to cases where general shear failure
is expected. There is a lack of rational methods for the analysis of rupture surfaces in the other two forms (local and
punching), characteristic of compressible soil.
The criterion to discern the mode of failure will be
proposed below and will be compared to the criterion proposed by Vesic (1975).

3. A Model of Energy Dissipation for the
Rupture of Shallow Foundation on Sandy
Soils
The present work proposes comparison between the
ultimate pressure (srup) and the stress necessary to obtain a
maximum length Ltotal (sL). To define sL, a model of the tension necessary to generate a crack of length Ltotal in solids
will be devised. This stress is expressed as (see Appendix 1):
sL = 2

E ×h
p × L total

(4)

Equation 4 may be interpreted as the stress relieved in
a material of elastic modulus E when a shear failure of
length Ltotal is created. The energy cost h per unit area for
forming this failure has an obvious interpretation for solids
(related to the density of chemical bonds broken by the
crack), but must be reinterpreted for sandy soil. Energy is
dissipated at the shear failure surface by means of internal
friction.

Table 1 - Shape correction factor (zg).
Shape of Base
Strip

1.00

Rectangle
Figure 1 - Load capacity problem in shallow foundations.
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zg
1-0.4(B/L)

Circle and Square

0.60
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A detailed demonstration of the mechanics of an element of soil near the failure surface is given in the Appendix 1.

L total

In the case of general failure, the surface density of
energy is thus written as the sum of three parts:
h = h ZRI + h el + h ZRIII

(5)

where each term refers to a contribution related to the the
three zones depicted in Fig. 2.

é
ù
ê sin f + e p tan2 f + e p tan2 f sin f -1 ú
ú
= Bê
f
fö ú
ê
æ
ê 2 sin fç cos 2 - sin 2 ÷ ú
è
ø û
ë

where,
L ZRI =

These terms are given by (see Appendix 2)
h ZRI = g × B 2
h el =

tan f æ p f ö
tanç + ÷
8
è4 2ø

B2 g
[1 - 2 sin f + sin 3f
8( -1 + sin f)

(6)

(7)

h ZRIII

L ZRIII =

The final expression for h then reads

+e

B2 g
[ +1 - 3 sin f + sin 3f
8( -1 + sin f)

p tan f

(9)

( -1 - 3 sin f + sin 3f)]

The maximum length (Ltotal) may be defined as
L total = L ZRI + L el + L ZRIII

Be

tan f

( 34p - 2f )

(13)

tan f ( p )

sec f
f
fö
æ
2 ç cos - sin ÷
2
2ø
è
Be

(12)

2

(14)

(8)

æ p fö
´ tanç - ÷ cos 2 f e p tan f
è4 2ø
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B
f
fö
æ
2 ç cos - sin ÷
2
2ø
è
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´
f
fö
æ
- tan f 2 ç cos - sin ÷
2
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è
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f
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(4 2) ö
æe
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ç
÷
è
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L el =

+ e p tan f ( -1 - 2 sin f + sin 3f)]
tan f
= gB 2
f
fö
æ
8ç cos - sin ÷
2
2ø
è

(11)

(10)

At the ultimate pressure, the failure reaches a maximum length Ltotal in the general mode. If this ultimate pressure is greater than the value required to generate a maximum failure length Ltotal of the sliding sand strip, the failure
is general.
If the failure mode is not general, this analysis may be
extended to differentiate local and punching shear failures.
Current models only differentiate between general rupture
and non-general rupture (Vesic, 1975).
The idea is to repeat the two arguments, adapting
Eqs. 3 and 4. Equation 3 still holds, but Eq. 4 will have a
change in two quantities: the surface energy density, and
the maximum length, which are now calculated within zone

Figure 2 - Zones of failure in generalized rupture.
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I. Therefore sL may be separately calculated for shearing
failures within zone I (punching) and be referred to as spunc,
or for the full extent of a general failure, referred to as sgen.
In summary,
s gen = s L ( L tot = L ZRI + L el + L ZRIII , h = h tot )

(15)

s punch = s L ( L tot = L ZRI , h = h ZRI )

(16)

srup > sgen ® general shear failure
spunc < sup < sgen ® local shear failure
srup > spunc ® punching shear failure
To account for circular, square and rectangular foundations, that is, when L is not much larger than B, one must
consider a correction multiplier factor in Eq. 4. This correction factor is demonstrated in Santos (2017), and reads:
E × h 1 + 2c
pL total 1 + 32 c

(17)

where the form of c depends on whether the rupture is general or not. For general failure (Eq. 18) and non-generalized
failure (Eq. 19), these are the respective equations:
c gen

L
æ p fö
= total tanç + ÷
L
è4 2ø

c punch =

(18)

L ZRI
æ p fö
tanç + ÷
L
è4 2ø

(19)

4. Vesic’s Theory
Based on observations from experiments, Vesic
(1973) points out that the determination of the failure mode
quantitatively was not within the scope of his theory. Still,
he proposes a tentative criterion to determine whether a
compressibility and scale analysis is in order. While Vesic
is careful to distinguish between the criterion for compressibility and the actual determination of the failure mode, he
explicitly associates relative incompressibility to general
shear failure. Therefore, this criterion is the only qualitative
prediction of the failure mode available in the context of his
work.
Vesic proposes a comparative evaluation between the
rigidity index Ir, defined as:
Ir =

G
c + s med tan f

(20)

and the critical rigidity index:
éæ

I r crit
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Bö

æ p f öù

1 ê ç 3. 30 - 0. 45 L ÷ø cot çè 4 - 2 ÷ø úû
= eëè
2

G=

E
2(1 + n)

s med =

and the criteria for each failure mode reads

sL = 2

where G (kPa) is the shear modulus, f is the friction angle
of the soil and smed (kPa) is a mean stress at a depth B/2 below the base of the footing. The shear modulus and mean
stress could be defined respectively as

(21)

(22)

s v + 2s¢h
3

(23)

where E (kPa) is the modulus of deformation, n is the Poisson coefficient and sv (kPa) and sh (kPa) are the effective
vertical stress and horizontal stress. These stresses are estimated at a depth B/2 below the base of the footing as
s¢v = Bg / 2 and s¢h = s¢v k 0 , where k0 is the coefficient of
earth pressure at rest and it is defined as k0 = 1 - sinf.
The comparison proposed by Vesic is as follows:
Ir > Ir critical ® general shear failure
Ir < Ir critical ® non general (local or punching) shear
failure

5. Comparison between models and
experimental results
The model presented here will now be validated
against experimental tests from Vesic (1963), showing fair
agreement with the observation and outperforming the criterion of soil incompressibility.
In this series of experiments, Vesic provides all the
data required for applying both criteria, either directly (as,
for instance, the unit weight of the dry soil gd) or indirectly
in terms of fitting equations (as in the example of the relation between the friction angle f and the void ratio e). The
elastic modulus E was not provided in Vesic (1963), but an
expression is reported in Vesic (1973) associating this modulus to the mean normal stress E = E1 s m / s1 , with
2

2

E1 = 39,180.65 kN/m (364 ton/ft ) being the modulus at
mean normal stress of s1 = 104.64 kN/m2 (1 ton/ft2).
All results are summarized in Table 1. The main
quantities related to both criteria are shown, as well as the
predictions.
The results shown in green match those obtained experimentally, but the ones in red do not (the ninth and the
last columns from Table 2). The model presented here gives
correct results in all instances, except for tests 34, 64 and 1
(last column from Table 2).
Vesic (1975) considers that the plane strain condition
may be assumed whenever L/B > 5, but in Table 1 there are
instances of L/B over this limit that can only be accounted
for by using Eq. 17.
From the application of the mode of failure of sandy
soils it was possible to generate the diagram shown in Fig. 3
for foundations based on the surface of the ground, that is,
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14.99

14.72

13.45

2

3

0.051 ´ 0.30

1

15.44

14.09

83

16

15.25

82

15.41

84

15.25

15.22

64

81

14.69

0.20

14.89

15.41

61

63

13.34

43

62

14.58

42

0.15

15.02

15.50

44

41

13.23

23

0.10

14.38

22

15.37

14.90

0.05

34

3

gd (kN/m )

21

B (m)

Tests

Experimental results from Vesic (1963)

34.98

40.31

41.48

43.46

37.63

42.62

42.62

43.33

42.49

40.18

41.04

43.33

34.54

39.70

41.61

43.72

34.10

38.85

41.09

43.15

f (°)

Punching

Local

Local

General

Local

General

General

General

Punching

Local

Local

General

Punching

Local

Local

General

Punching

Local

Local

General

Failure

1,759.65

1,766.21

1,766.13

1,764.97

3,528.89

3,531.21

3,531.21

3,530.08

3,058.21

3,059.14

3,059.30

3,057.14

2,464.05

2,479.70

2,476.26

2,476.09

1,811.57

1,820.43

1,820.36

1,821.75

E (kN/m2)

Vesic
(1973)

244.54

529.55

640.82

903.27

164.46

331.10

331.10

369.95

324.55

231.33

261.49

369.95

113.11

216.41

284.25

393.74

107.58

192.85

263.39

359.58

(Ir)crit

4,586.13

3,882.37

3,750.94

3,542.85

2,105.97

1,814.55

1,814.55

1,778.05

2,103.16

2,250.15

2,193.6

2,053.11

3,317.25

2,815.84

2,665.09

2,506.39

4,581.91

3,934.37

3,681.14

3,463.46

Ir

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

General

Failure

16.27

19.13

19.78

20.92

52.92

61.05

61.05

62.25

49.03

45.95

47.09

50.17

28.26

33.04

34.88

36.96

17.55

20.31

21.65

22.93

spunc (kPa)

The predictions adopting the criterion in Vesic
(1975)

Table 2 - Experimental results from Vesic (1963) and the predictions adopting the criterion in Vesic (1975) and the present work.

15.27

40.28

50.37

74.33

63.04

161.76

161.76

186.22

118.25

75.80

89.27

139.67

17.88

45.45

65.36

98.93

8.94

20.95

31.93

47.74

srup (kPa)

32.98

46.03

49.54

56.15

112.11

152.51

152.51

159.42

121.92

105.68

111.44

128.48

54.48

74.81

84.16

95.95

33.40

44.72

51.34

58.35

sgen (kPa)

Punching

Local

General

General

Local

General

General

General

Local

Local

Local

General

Punching

Local

Local

General

Punching

Local

Local

Local

Failure

The present work results
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without overburden. This is the main result of this work.
The vertical axis represents the relation gB/y0, where
2
y0 = E1 /s1, i.e., a constant. In the horizontal axis the soil
friction angle (f) is presented. When gB and f have high
values, according to the mode of failure of sandy soils,
there will be general shear failure. However, as gB and f decrease, the rupture is no longer general and becomes local
or punching shear failure even if these parameters are even
smaller.
By replacing values in the parameters that make up
the ordinate axis, it is possible to see how the rupture mode
varies with the dimension B of the foundation base.
The graph (Fig. 4) shows typical values of the dimensionless gB/y0. For example, if g remains constant and equal
to 18 kN/m3, and B is taken as 0.60 m, 2 m and 10 m, the
axis of the ordinate will have values, respectively, equal to
7.39 ´ 10-7; 2.46 ´ 10-6 and 1.23 ´ 10-5. In Fig. 4 it can be
seen that, when maintaining a friction angle equal to 30°,
the respective modes of rupture vary from localized to generalized rupture for the established values of B and g.

6. Conclusion
The experimental results confirm the validity of the
present model in most instances, suggesting its validity at
least for the scale of footing adopted. It is important to
check this validity for larger footings as well, but no comprehensive analysis of this sort was found in the literature.
When the criterion of Vesic (1975) for the mode of
failure of sandy soils was compared with the experimental
results provided in the 1963 article by the same author, it
was verified that it is not accurate (from 20 experiments, 13
predict different results found experimentally - the ninth
column from Table 2). This inaccuracy is a possible issue
for the safety of foundations, since soils that fail in a
non-generalized way, i.e., localized or punching, would require the application of a reduction factor in the expression
proposed by Buismann (1940) and Terzaghi (1943) (Eq. 1).
Thus, using Eq. 1 without any reduction, the geotechnical
engineer would work with an overestimated rupture stress,
that is, against security.

Figure 4 - Typical values of dimensionless gB/Y0.

The injudicious use of this criterion (using Eq. 1 without any reduction) jeopardizes foundation safety, since a
prediction of general failure when the soil-foundation system is actually well-compressible leads to an overestimated
ultimate bearing capacity.
Finally, it should be stressed that this agreement is obtained with a theory that is derived from a physical principle of energy balance, and this reasoning may be extended
to study other aspects of soil mechanics and geotechnical
engineering.

7. Appendix 1: Stress Relief (sL)
The rationale for calculating the stress (sL) necessary
to obtain a maximum length Ltotal is that there is a dispute between the energy cost necessary for breaking the chemical
bonds in a solid and in the reduction of elastic potential energy by relieving the stress.
Imagine a solid (assuming a thin plate) in which there
is a stress, for example tensile, which is applied too far
apart, so that it is homogeneously applied, according to
Fig. 5. It is intended here to understand the energy advantage in forming a crack of length L in the solid in question
(total energy of the tensioned solid system plus crack, Et).

Figure 3 - Diagram showing the rupture mode as a function of the dimensionless f and gB/Y0 for surface foundation based on sandy soil.
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s = E.e). Here, the elastic modulus E is analogous to the
force constant k of the spring.
Thus, the total energy released in the circle of model
is given by multiplying the elastic energy density (u) by the
volume of the released energy zone, which is in the form of
a cylinder, as shown in Fig. 8:
U = u × Volume

(25)

2

U=
Figure 5 - Thin plate homogeneously tensioned and its crack.

s2 æ L ö
pç ÷ t
2E è 2 ø

(26)

Thus, the total energy of the tensioned solid system
plus fissure becomes:
ET = W -U

(27)

Substituting Eqs. 24 and 26 into Eq. 27, there is:
ET = h × L ×t -

s2
p × L2 × t
8E

(28)

To determine the total length L that optimizes the energy, it is enough to derive Eq. 28 with respect to L and
equate it to zero.
Figure 6 - Thin plate rupture and stress relief.

dE T
s2
= 0 = h ×t p× L ×t
dL
4E

Therefore, it is necessary to estimate both the energy
cost W of generating the crack and the gain U from relieving the tension in the region indicated by the circle in Fig. 6.
If the chemical bonds have a surface energy density
h, which is the critical rate of energy release per unit area,
then W is defined by equation:
W = h × L ×t

(24)

where L.t is the area of the crack, since L is the length of the
rupture surface and t is the thickness of the thin plate, hence
the thickness of the crack, as shown in Fig. 7.
The surface density of energy h can be estimated microscopically for solids as the dissociation energy multiplied by the surface density of chemical bonds. The energy
U (energy gain to relieve the stress) can be obtained from an
estimate of the elastic energy density (u), as shown below.
It is known that in the case of springs, the Hooke’s
Law (F = k.x) is valid. The elastic energy is given by:
2
2
2
Uel = k ×2x or alternatively Uel = F2 k2 = ( k2×xk) = k ×2x .

(29)

Then, by extracting from Eq. 29 the value of the stress
s, it is possible to obtain the stress necessary to generate a
crack of length L (Eq. 4).

8. Appendix 2: Surface Energy Density
The energy of formation for the failure surface will be
estimated based on the mechanics of an infinitesimal mass
volume (Fig. 9), neglecting the weight of the element and
considering only the transmission of the weight of the

By direct analogy, in tensile solids the elastic energy
2
density (u) can be estimated as u = E 2×e (possessing information about the strain (e), or u = 2sE , with stress, since
2

Figure 7 - Crack perspective.
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grains above (force F), which exert a pressure sy on the element of mass with a cross section (A).
dE = tan f( g × y) A cos b × dl

(30)

Thus, the surface energy density is estimated as
dh = tan f( g × y) × cos b × dl

(31)

The value of the angle b depends on the zone being
analyzed, as shown in Figures: Figs. 10 and 11 (a) and (b).
In Zone I, the angle b is equal to 4p + f2 ; in Zone II,
b = q + f - 2p; and in Zone III, f2 .
The depth of the infinitesimal portion of soil varies
according to
æ p fö
y = tanç + ÷x ( ZoneI)
è4 2ø

(32)

y = r( q) sin q ( ZoneII)

(33)

æ p fö
y = tanç - ÷x ( ZoneIII)
è4 2ø

(34)

The polar function r(q) in Eq. 33 comes from logarithmic spiral equation of Zone II [Fig. 10]. It can be defined as
Figure 9 - Force diagram for the surface energy density.

r( q) = ae bq
r( q) =

(35)

tan( f )(
)
Be
e - tan( f ) q
f
f
ù
é
2 êcos - sin ú
2
2û
ë
3p f
4
2

(36)

In Zones I and III, cosb.dl is equal to dx. Because of
that, Eq. 31 becomes, for Zone I and III:
dh = tan f( g × y + q) dx

(37)

In Zone II, dl is readily obtained through the equation
of the length of a curve in polar coordinates
f
tan( f )( 3 p - )
4
2
Be
dl =
e - tan( f ) q sec qdq
f
f
ù
é
2 êcos - sin ú
2
2û
ë

(38)

Figure 10 - Parameters for Zone II.

Figure 11 - Parameters for Zone I (a) and Zone III (b).
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With this, integrating Eq. 38 from both sides leads to
the final equation cited in Eq. 9. The integration intervals
are: x Î( 0, B2 ) for Zone I, q Î 4p - f2 , 34p - f2 for Zone II and

(

)

x Î( , A). For Zone III, this is equivalent to x Î( 0, A2 ).
The reach of the failure surface, i.e., the distance from
the outermost edge of the foundation and the point where
the failure surface reaches ground level (see Fig. 2) is given
A
2

by A = B

cos fe

tan( f ) p
2

2 .
[cos f2 - sin f2 ]
All calculations in this article are detailed in Santos
(2017).
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B - smaller length of shallow foundations
E - elastic modulus
e - void ratio
E1 - modulus to the mean normal stress - provided by Vesic
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Et - total energy of the tensioned solid system plus crack
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G - shear modulus
Ir - rigidity index
Ir critial - critical rigidity index
k0 - coefficient of earth pressure at rest
L - longer length of shallow foundations (in appendix 1, L
is the length of rupture surface)
Lel - length of shear failure for zone II
Ltotal - total length of shear failure
LZRI - length of shear failure for zone I
LZRIII - length of shear failure for zone III
Ng - bearing capacity factor
t - thickness of the thin plate
u - elastic energy density
U - the energy gain to relieve the tension
W - energy cost of generating the crack
zg - shape correction factor from srup
srup - rupture stress/ultimate pressure
c - shape correction factor from sL
cgen - shape correction factor from general failure
cpunch - shape correction factor from non-generalized failure
f - friction angle
g - specific unit weight
gd - specific unit weight of the dry soil
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hZRIII - surface density of energy for zone III
n - Poisson coefficient
s1 - resistance at mean normal stress - provided by Vesic
(1973)
sgen - stress necessary to obtain a maximum length (Ltotal)
sh - horizontal stress
sL - stress necessary to obtain a maximum length Ltotal (stress
relieved)
smed - mean stress at a depth B/2 below the base of the footing
spunc - stress necessary to obtain a maximum length of zone I
(LZRI)
sv - vertical stress
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Circular Footing on Geocell-Reinforced Granular Residue
from Precious Gem Processing over a Sand Bed
J. Favretto, G.D. Miguel, M. Donato, M.F. Floss
Abstract. Geocell is a tridimensional confinement structure used for soil reinforcement, which significantly improves the
performance of foundation systems. Aiming at a more sustainable engineering project and promoting a correct destination
of a residual material, an alternative to fill the geocell is through the use of precious gem processing waste. The
performance of geocell reinforcement filled with this granular residue overlying a sand subgrade, as well as the influence
of geocell mattress height, have been studied by model tests in the laboratory. The layers were prepared in a test tank and
subjected to static loading by a rigid circular footing. Footing load, footing settlement and displacements on the fill surface
were measured during the tests. Comparing the tests on unreinforced and reinforced residue layer, the results indicate that
the provision of geocell leads to a significant increase in the bearing capacity, presenting improvement factors of bearing
capacity of up to 1.7. In addition, the reinforcement provides more uniform settlements and less expressive soil heaves
around the footing.
Keywords: bearing capacity, gemstone residue, geosynthetic reinforcement, plate load test.

1. Introduction
The expansion of urban and industrial centers in developing cities, as well as the growth of infrastructure
works, has led an increasing demand for materials to produce aggregates, cements, concrete, asphalt, etc. The production of aggregates comes, for the most part, from the
extraction of primary sources. Engineering projects must
be designed to minimize resource depletion, energy consumption, degradation and environmental impact. Therefore, the use of residues to replace natural materials is an
alternative way of achieving those objectives. Many of the
waste generated in the processing of industrial inputs or
by-products is potentially capable of performing similar
functions to those of natural aggregates (Sarsby, 2013). The
decision to use such materials is based on technical needs,
economic factors and environmental benefits.
Several gems and jewelry companies are located in
the South of Brazil, whose activities consist in the extraction and processing of gemstones. These processes are responsible for generating a large amount of granular residue,
in the form of refuse, semi-finished or little-benefited pieces, that ends up being stored improperly in the corporate
yards, which could cause environmental damage (Thomé et
al., 2010). Aiming at the reuse of a waste material, some researches were developed using residues of scrolling of precious gems as geocell filling material in soil reinforcement
systems (Miguel et al., 2016; Baruffi et al., 2016). With

similar purpose of using residues, Kolathayar & Kumar
(2019) performed model tests on geocell retaining walls
filled with tire crumb mixed with sand and observed that
the mixture performed well as infill material.
Geocells are one of the main developments from the
geosynthetics industry used to enhance the performance of
soils and are used specifically for stabilization and protection applications in geotechnical engineering, such as beneath road pavements and railways, at the base of earth
embankments and foundations (Bathurst & Jarrett, 1988;
Bush et al., 1990; Dash et al., 2008; Sireesh et al., 2009;
Zhang et al., 2010). It consists of a three-dimensional
honeycombing structure of interconnected cells, devised by
Webster & Watkins (1977) and Webster & Alford (1978),
which contains and confines the soil within its pockets. The
reinforcing mechanism in the geocells is by confinement of
soil within its pockets that completely arrests the lateral
spreading of soil (Dash et al., 2003). Studies carried out on
soils reinforced with geocells, taking as an example those
conducted by Mandal & Gupta (1994), Dash et al. (2001)
and Dash (2010), suggest that the effect of soil confinement
results in a stiffer reinforcement system, capable of improving performance and increase resistance of the foundation.
The height of the geocell is an important parameter in the
behavior of geocell reinforced structures. It is found that
with increase in geocell height, the rigidity of geocell mattress enhances (Sireesh et al., 2009; Rai, 2010). The en-
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hancement is because with increase in height, the soil
remains confined within the cell and the entire mattress deflects as a composite mass (Dash et al., 2001).
Different infill materials have been tested through
laboratory model tests (Han et al., 2010; Hegde & Sitharam, 2015; Tavakoli Mehrjardi et al., 2019). In general, the
filling of the geocell is provided by granular materials, such
as sand or gravel, because they have better interface properties and high control in the cell filling process (Rajagopal et
al., 1999; Biswas & Krishna, 2017).
This paper presents an experimental study conducted
to investigate the benefits of the use of geocell reinforcement and the influence of two different heights of the
geocell mattress on the behavior of the foundation. Attempting to reduce the consumption of primary aggregates
and to reuse a residual material, promoting its correct destination, precious gem processing waste was used as filling
material in the investigation. Plate load tests under static
loading were carried out on geocell-reinforced residue over
a sand bed.

2. Experimental Setup
Plate load tests have been conducted in a medium
scale loading apparatus at the University of Passo Fundo,
Brazil. The foundation bed was prepared in a wood test tank
having 900 mm length, 900 mm width and 700 mm height.
The footing used was made of a rigid steel plate with
150 mm diameter (D) and 12 mm thickness. The footing
was centered in the tank and was loaded with a hydraulic
jack supported against the reaction frame. To avoid interference of the tank walls with the stress zone propagated
from the loading surface, the minimum dimension requirement should be about 5 and 2.5 times the plate size in plane
and depth, respectively (Tavakoli Mehrjardi et al., 2019).

The pocket size is the equivalent diameter of the cell
opening, in this case equal to 270 mm. It is found that this
parameter must be smaller than the footing area, in such a
way that the footing can cover at least one full pocket opening (Rai, 2010). However, a 150-mm-diameter plate was
used to conduct the tests because the proposal was to evaluate if there would be benefits in the use of the reinforcement
even for smaller contact surfaces.
Granular residue, resulting from the processing of
precious gems in gem and jewelry companies located in
southern Brazil, was used to fill the geocells. The original
material was sieved, obtaining the particles passing through
and retained in the sieves #3/8 (9.50 mm) and #40
(0.42 mm), respectively. The residue can be classified as
well-graded sand according to the Unified Soil Classification System, with unit weight of solids gs = 25.94 kN/m3,
mean grain size D50 = 3.20 mm, coefficient of uniformity
and curvature Cu = 6.15 and Cc = 1.25. The minimum and
maximum void ratios are emin = 0.40 and emax = 0.68, respectively. The grain size distribution of sand and residue is
shown in Fig. 1.
2.2. Foundation bed preparation
For the preparation of the subgrade, the sand was
mixed with a moisture content ws = 10 % and compacted to
target relative density Dr = 50 %. The selection criterion for
the relative density value was the fact that this work is part
of geosynthetic research group of University of Passo Fundo. The molding of the test layers started by spreading the
homogenized sand to a total thickness of 400 mm, molded
and compacted manually in 100-mm-thick layers. The uniform density of soil in the foundation bed was checked by
placing small aluminum cylinders with known volumes at
different locations in the test tank.

2.1. Materials
The soil underneath the geocell mattress used was
characterized by Donato (2007), indicating a poorly graded
sand according to the Unified Soil Classification System,
with unit weight of solids gs = 26.30 kN/m3, mean grain size
D50 = 0.16 mm, coefficient of uniformity Cu = 2.10 and of
curvature Cc = 1.00. The minimum and maximum void ratios presented by Miguel & Floss (2017) are emin = 0.702 and
emax = 0.913, respectively.
A diamond pattern polypropylene geocell was used in
this study. Each cell is 270 mm long and 270 mm wide. It
was tested two heights (h) of geocell mattress, 50 mm and
200 mm. The wall surfaces of the geocells are smooth,
without texture or openings. The producers catalog suggests a transverse joint resistance of 900 N and 3,700 N for
each height, respectively, tested according to NBR ISO
10321 (ABNT, 2013b). In addition, it indicates a widewidth tensile strength of geotextile equal to 26 kN/m and
strain greater than or equal to 50 % for both geocells according to NBR ISO 10319 (ABNT, 2013a).
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Figure 1 - Grain size distribution of materials.
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In total, four tests were conducted, two unreinforced
(Test Series A) and two reinforced (Test Series B). The reinforcement element overlying a 400-mm-thick sand bed
was composed by a 50 or 200-mm-high geocell, filled with
granular residue. The residue samples were molded dry
(wr = 0 %) and manually compacted in a single layer at relative density Dr = 50 %. In order to quantify the enhancement in bearing capacity due to the insertion of the geocell,
unreinforced residue configurations were also tested, in the
same heights. To avoid direct contact between the plate and
the geocell, the reinforcement was placed to the full width
of the tank at the depth of 0.13 D below the bottom of the
footing. Dash et al. (2001) reported good results of depth of
placement of the geocell between 0 and 0.25 D below the
footing. The geometry of the test settings used in this investigation is shown in Fig. 2 and the test model details are provided in Table 1.
2.3. Testing procedure
The footing was placed at the top of the bed, centralized. In addition, the plate was positioned so that the loading occurred at the center of a cell, which is the worst
loading situation. The loads were applied in small increments, according to NBR 6489 (ABNT, 1984), in equal

steps, and measured through a pre-calibrated load cell
placed between the hydraulic jack and the reaction frame
(Donato, 2007). Each incremental increase was maintained
constant until the footing settlement had stabilized.
Settlements of the footing were measured by two dial
gauges (Dg1, Dg2) placed in diagonal directions. The displacements on the fill surface, settlement and heave, were
measured by dial gauges (Dg3, Dg4, Dg5) placed at a distance
(x) of 0.83 D, 1.50 D and 2.17 D to the right of the footing
center line, respectively. The geometry of the setup is shown
in Fig. 2. In the absence of a clear failure, loading was applied until a footing settlement of 25 mm was reached.
In all the tests, the pocket size of the geocell or the
equivalent diameter (d), width of the geocell layer (b), and
the depth of the placement of the geocell layer (u) were kept
constant, that is, d/D = 1.80, b/D = 6.00, and u/D = 0.13.
The variable parameters were the residue configuration,
unreinforced and reinforced, and the residue layer height,
which were tested with relation h/D = 0.33 and h/D = 1.33.
The footing settlement (s) and the surface settlement and
heave (d) were normalized by footing diameter to express
them in non-dimensional form as s/D (%) and d/D (%). In
all the plots, settlements are reported with the positive sign
and heave with the negative sign.

3. Results and Discussion
3.1. Bearing pressure settlement curve

Figure 2 - Geometry of the reinforced foundation bed.

Figure 3 represents the bearing-settlement response
of the different test settings. The reference test on the sand
subgrade was carried out by Miguel & Floss (2017).
It is observed that the presence of residue layer over
the base soil reduces the bearing capacity of the sand, even
when the reinforcement is used. This result indicates that
the sand subgrade has greater stiffness than the material
proposed to fill the geocells. The explanation could be the
difference in the friction angle of the materials that, even
though not measured, has influence on rigidity of soil. As
the material is obtained from the processing of the stones,
its particles have a more rounded shape which, according to
Pokharel et al. (2010), results in a relatively weak material.
Although the use of the precious gem waste as geocell filling material did not show improvement in the foundation

Table 1 - Details of laboratory model tests.
Test series

Type of test

A

Unreinforced

Details of test parameters
Variable parameter: h/D = 0.33, 1.33
Constant parameter: Dr = 50 %, ws = 10 %, wr = 0 %

B

Reinforced (geocell)

Variable parameter: h/D = 0.33, 1.33
Constant parameter: d/D = 1.80, b/D = 6.00, u/D = 0.13, Dr = 50 %, ws = 10 %, wr = 0 %

Notes: b = 900 mm (geocell width); d = 270 mm (pocket size of the geocell); D = 150 mm (diameter of the footing); Dr= relative density;
h = 50 or 200 mm (geocell height); u = 20 mm (placement depth of the geocell); wr = moisture content of the residue; ws = moisture content of the sand.
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thinner section contributed to the enhance the bearing capacity (Pokharel et al., 2010).
Dash et al. (2001) states that the increase of geocell
height improves the overall performance of the geocell
mattress. However, Fig. 3 shows a similar behavior of reinforced sections for both heights, reaching very close bearing pressure throughout the test, including the ultimate
pressure, in the rupture moment. Considering the geocell
models tested, this means that the increase in geocell height
does not enhance the bearing capacity of the foundation
studied. As previously mentioned, this can be explained by
the low resistance of the filling material tested.
3.2. Improvement factor If

Figure 3 - Variation of bearing pressure with footing settlement.

performance, the environmental benefits could justify its
use. Proposing the insertion of this residue in soil reinforcement, new tests can be carried out with a better graded particle size distribution and higher densities.
In addition, another parameter has influenced the results. It is found that the decrease in pocket size increases
the bearing capacity due to the overall increase of mattress
rigidity. Also, the confinement promoted by cells is larger
as the pocket size decreases (Dash et al., 2001). Dash et al.
(2003) suggest a relation d/D = 0.8. In this study, this is not
verified, since the cell has a mean opening of 270 mm and
the footing has a diameter of 150 mm, resulting in
d/D = 1.8. Thus, the insufficient performance of the studied
foundation is also related to the influence of this ratio, because the cell involves the whole dimension of the footing.
However, comparing only the results of Test Series A
and B (unreinforced and reinforced residue), it is noted a
clear increase in the resistance using geocell reinforcement,
for both heights tested. For the unreinforced and reinforced
tests on 50-mm-high geocell (h/D = 0.33), the bearing capacity verified at the end of the tests was 311 kPa and
396 kPa, respectively. For unreinforced and reinforced tests
on 200-mm-high geocell (h/D = 1.33), the bearing capacity
verified at the end of the tests was 226 kPa and 379 kPa, respectively. The ultimate bearing capacity increased around
27 % and 68 % for h/D = 0.33 and h/D = 1.33, respectively.
It was shown that the unreinforced section with a
smaller thickness had higher ultimate bearing capacity than
that with a larger thickness. As the residue is a weaker material in comparison to the sand, the increase of the residue
layer decreases the resistance of foundation due to greater
displacements of the material. Also, the firm bottom in the
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The increase in the bearing capacity due to the provision of the reinforcement can be quantified through a nondimensional parameter called improvement factor (If),
which is defined as the applied pressure at a given settlement for the tests with reinforcement divided by the pressure at the same settlement without geocell. The factor has
as reference limit a value equal to one, so the results of factors above the unit mean that the use of geocell contributes
to an increased resistance. Figure 4 represents the variation
of the improvement factors with the footing settlement, by
comparing the results of Test Series A and B. The unit
value is indicated in the graph. The reference test performed on sand bed was not used in this analysis because,
as seen in Fig. 3, the soil resistance reduces with the overlying fill material. Therefore, the focus is to evaluate the performance improvement due to the use of the geocell.
The If value increases with the evolution of the settlement. For the 200-mm-high geocell, this increasing behav-

Figure 4 - Variation of improvement factors of bearing capacity
with footing settlement.
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ior was observed from s/D = 3 %. The results obtained for
the improvement factor indicate that the influence of the
geocell is more significant for higher levels of settlement
and that higher values of If are observed for the greater
height of geocell, reaching values of up to 1.27 and 1.68 for
the 50-mm-high and 200-mm-high geocell, respectively.
The variation of the values of If for the different geocell
heights is due to the variation of the bearing pressure of
unreinforced tests, since both curves (for h/D = 0.33 and

h/D = 1.33) of reinforced tests present similar behavior, as
seen in Fig. 3.
3.3. Surface displacement
Surface displacement characteristics of the geocell
reinforced residue over a sand bed are discussed in this section. Figure 5 represents the variation of the surface settlement and heave with the footing settlement for the unreinforced (Figs. 5A and 5B) and reinforced section (Figs. 5C
and 5D).

Figure 5 - Variation of surface settlement and heave with footing settlement (A) unreinforced h/D = 0.33, (B) unreinforced h/D = 1.33,
(C) geocell h/D = 0.33, (D) geocell h/D = 1.33.
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In the unreinforced tests, surface heaving has been
observed. In general, the displacements show the increase
of the surface heaving with the increase of the plate settlement. Also, it is observed that the surface displacements are
higher closer to the footing.
Contrary to what occurs in unreinforced soils, where
higher heave is observed on the surface, in reinforced soils
this heave is less expressive. According to Dash et al.
(2001), this behavior is due to the use of geocell, which
leads to a more uniform surface settlement. Because of the
effect of the stress distribution, or slab effect, the applied
loading is distributed over a wider area, resulting in lower
stress transmitted to the base soil. Hegde & Sitharam
(2015) noted, for different filling materials, that since the
foundation did not undergo any failure, surface heaving
was not observed in the presence of geocells. They mention

that the possible reason for this could be that the failure surfaces might have been arrested within the geocell pockets.
To complement the results of surface displacements,
Figure 6 presents the progression of the settlement and
heave profiles for each increment of load, expressed by normalized settlement. This type of graph is important because
besides observing the direction of the displacements, it is
possible to verify the differential settlement and the rotation of the footing. At higher loads a small change in the
density of the bed is enough to cause differential settlement.
The tilting of the footing is a common phenomenon in small
scale laboratory tests (Hegde & Sitharam, 2015).
Both in Test Series A and B, unreinforced and reinforced sections, greater displacements were observed in
test with larger thickness of residue. This may be related to
compaction problems in certain areas of the test tank, since

Figure 6 - Surface settlement and heave profiles (A) unreinforced h/D = 0.33, (B) unreinforced h/D = 1.33, (C) geocell h/D = 0.33, (D)
geocell h/D = 1.33.
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it is difficult to maintain the homogeneity of the material in
relation to grain sizes. Besides, as previously mentioned,
another reason may be the low resistance of the granular
residue layer, that allows the material to move easily under
load application.

4. Conclusions
This paper presents the laboratory model results of
load tests on circular footing supported on geocell-reinforced residue underlying sand subgrade. The plate diameter was a significant limitation of the tests, considering that
the pocket size of the cell involved the whole dimension of
the footing. This influences the resistance mechanisms of
the reinforcement because the higher strength of the geocell
is not mobilized. Based on the findings from the present investigation, the following conclusions can be made on the
foundation performance.
(i) Provision of geocell in the overlying granular residue
improves the bearing capacity and reduces the surface
heaving of the foundation, considering tests using the
residue with and without geocell.
(ii) The use of the geocell results in more uniform settlements and less expressive heaves of the soil around the
footing. Higher surface heaving was observed in soil
without reinforcement. This behavior was verified for
both geocell heights tested.
(iii) The largest displacements, as well as the lower resistance of the foundation, were observed in the unreinforced tests with a greater thickness of residue. Because of the low stiffness of the residue layer,
displacements occur under vertical stress. In the thinner residue layer, the firm base soil contributed to the
increase of the bearing capacity.
(iv) Similar bearing pressure settlement behavior was observed for both geocell heights tested, indicating that
this parameter does not influence the resistance of the
foundation studied.
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Modifications in the Chemical and Mineralogical Composition
of Compacted Mature Residual Soil Submitted to the
Percolation of Acidic Leachates
E.P. Korf, P.D.M. Prietto, A.A. Silveira, C. Ulsen, N.C. Consoli, L. Bragagnolo
Abstract. The main goal of this paper is to evaluate the chemical and mineralogical composition of a compacted residual
clay soil with the addition of Portland cement and under different compaction conditions to observe and to understand the
chemical and mineralogical changes that these structures undergo. Results of chemical and mineralogical composition of
compacted specimens in different unit weights (14.5, 15.0 and 15.5 kN/m3) and percolated by different concentrations of
aqueous solution of sulfuric acid (0, 1 and 2 %), under the application of a vertical load of 280 kPa. The modifications in the
chemical and mineralogical composition of the specimens were evaluated by the combination of X-ray fluorescence
(XRF), X-ray diffraction (XRD), scanning electron microscopy (SEM) and thermogravimetry with differential thermal
analysis and exploratory differential calorimetry (TG/DTG/DSC). The results have shown that the percolation of H2SO4
resulted in changes in the Fe2O3, CaO and SO3 contents for different cement contents and for specific weights; it was also
evidenced dissolution of Fe2O3 in the upper layers and the formation of Ca and S compounds in the lower layers. No
changes in mineralogy and soil morphology were found out.
Keywords: compact residual soil, acid attack, cement content, specific weight, containment barriers, chemical and mineralogical
composition

1. Introduction
Industrial and mining processes are responsible for
environmental impacts resulting from the production of
contaminated waste, mainly by acidic compounds. These
compounds can affect geotechnical structures, such as barriers of compacted soil and can promote changes in micro
and macrostructural scales, such as the increase of hydraulic conductivity, reduction of reactive power and resistance
of these structures (Broderick & Daniel, 1990; Favaretti et
al., 1994; Hueckel et al., 1997; Knop et al., 2008; Rubinos
et al., 2016). When in contact with soil particles, acidic
compounds can promote complex reactions that result in
changes in the mineral and physicochemical composition
of the soil and, consequently, changes in its properties
(Òucha et al., 2002).
One of the alternatives that has been evaluated in the
literature refers to the usage of soil-cement mixtures as a
material component of containment barriers (Fall et al.,
2009; Forcelini et al., 2016; Helson et al., 2018; Iravanian

& Bilsel, 2016; Joshi et al., 2010). However, few of these
studies present a chemical, mineralogical and microstructural evaluation of this type of structure under the action of
aggressive chemical compounds, as well as their effects on
the macrostructural response, aiming to improve the knowledge about the behavior of containment structures and to
understand the interaction between contaminants, soil particles and cement (Lloret et al., 2003; Romero, 2013; Romero & Simms, 2009).
Therefore, the paper’s novelty stems from the understanding of physicochemical alterations, which is essential
to the search for an ideal condition for the design of compacted soil-cement barriers, in order to ensure structural durability and chemical/physical containment.
In this context, this work aims to evaluate the chemical and mineralogical composition of a compacted residual
clay soil with the addition of Portland cement and under
different compaction conditions to observe and to understand the chemical and mineralogical changes that these
structures undergo. A better understanding of these phe-
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nomena will allow the improvement of techniques for the
use of soil-cement mixtures in impermeable barriers subjected to vertical static loading and to the percolation of
acidic leachates.

2. Materials and Methods
The experimental procedure has involved the following steps:
(a) Sampling of residual clay soil from the experimental
field of Geotechnics of the University of Passo Fundo
(UPF), located in Passo Fundo city - RS, Southern
Brazil;
(b) The soil samples collected were characterized by X-ray
fluorescence analysis (XRF), Loss on ignition (LOI)
and mineralogical composition by X-ray diffractometry (XRD) using the powder method. It was also determined the organic matter content and pH by the
method described by Tedesco et al. (1995), and the
clay content (ABNT, 2016);
(c) Physical-mechanical characterization and analysis of
the chemical composition of Portland cement CPVARI:
I. The physical-mechanical characterization was performed through unconfined axial tests at 3, 7, 14 and
28 days of curing, particle density and initial and final
time of handle according to the norms (ABNT, 1997,
2001, 2003).
II. The chemical characterization was performed by
XRF, followed by loss on ignition. The mineralogical
analysis was conducted by XRD, using the powder
method.
(d) Molding of cylindrical specimens with addition of different cement contents and under different dry specific
compacting weights, followed by percolation with
acidic aqueous solution;
(e) Section and preparation of remolded and not remolded
samples of percolated specimens;
(f) Characterization of percolated specimens in chemical,
mineralogical and morphological composition by
scanning electron microscopy (SEM), XRD, XRF and
thermogravimetry with differential thermal analysis
and differential scanning calorimetry (TG / DTG /
DSC).
To define the variables to be considered in the percolation tests, a 2k factorial experimental design (k = 2) was
performed, with the addition of central points, with the
variables cement content added to the soil (0 and 2 %) and
dry unit weight. The values of dry unit weight and molding
moisture content corresponding to the energy of the Normal Proctor type were used as reference. Thus, dry unit
3
weight of 14.5 and 15.5 kN/m with 26 % molding moisture
content were used.
The experimental planning resulted in 4 factorial
points with addition of 4 more central points (1 % cement
addition and dry unit weight of 15.0 kN/m3). The 8 combi-
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nations resulting from this planning were divided into 2
blocks, each one with percolation of aqueous solution with
volumetric concentration of 0 % and 2 % of sulfuric acid.
This planning allows the evaluation of the behavior and
mathematical modelling of a response surface and the identification of the existence of non-linearity (Montgomery,
2001).
Thus, for each combination of cement content and dry
compaction specific gravity, specimens of 7 cm in diameter
by 6 cm in height were subjected to long-term percolation
tests (from 30 to 70 days), with and without percolation of
sulfuric acid solution. A hydraulic gradient of 8.33 and a
vertical pressure of 280 kPa were applied to represent the
disposal of 15 m rejects on the barrier with unit weight of
3
18.6 kN/m , according to literature data (Bedin, 2010).
The test specimens were then sectioned in three layers
(referred to as top, middle and bottom, considering downflow) from which an undisturbed and a remolded sample
were extracted per layer to be subjected to chemical and
mineralogical analysis. The undisturbed sample was segmented in a prismatic format with dimensions of approximately 2.0 0.7 0.7 cm and identified by layer (S = upper,
M = medium, I = lower). The layers were identified from
measurements, dividing the specimen into 3 equally spaced
pieces with the aid of a pachymeter. This set of samples was
dried in an oven up to 45 °C and duly preserved from humidity. For scanning electron microscope (SEM) analysis,
the samples were prepared in polished sections by the impregnation with epoxy-liquid resin, followed by sanding,
polishing and gold plating. It was also prepared 50 g of
remolded sample from each specimen for performing
XRD, XRF and TG / DTG / DSC analyses. To do so, these
samples were dried at 105 °C and deagglomerated to obtain
a product with less than 0.044 mm granulation.
The SEM analysis was performed on the undisturbed
samples sectioned from each test specimen in a high-resolution scanning electron microscope (W or Lab6), manufactured by Shimadzu, model Vega 3. The analyses were
performed in the Scientific and Technological Park of the
University of Passo Fundo. The following analytical conditions were used in the analyses: secondary electrons mode
with magnification of above 1000 times, electron beam of
nominal resolution of 3.0 nm, voltage of 20 kV and vacuum
of 10-4 Pa, which allowed the morphological evaluation of
the samples and microstructure of the particles. The XRD
analyses were performed in an X-ray diffractometer, manufactured by PANalytical, model EMPYREAN, with detector X’Celerator, copper tube and by the powder method.
The analytical conditions were: angle intervals 2q from 3 to
70°, time lapses of 10 s and Cu Ka radiation. The identification of the crystalline phases was obtained by comparing
the diffractogram of the sample with the PDF-2 databases
of the ICDD International Centre for Diffraction Data
(2003) and PAN-ICSD PANalytical Inorganic Crystal
Structure Database (2007).
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The XRF analyses were performed on an X-ray fluorescence spectrometer, manufactured by PANalytical,
Axios Max model with X-ray tube (Rhodium 4 kV) at the
Mineral and Rock Analysis Laboratory of the Federal University of Paraná (UFPR), using semiquantitative method
with detection above 0.1 % and scanning time of approximately 6 min in pulverized and pressed samples. The loss
on ignition was determined at 1000 °C for 2 h. Finally, the
TG/DTG/DSC analyses were performed at the laboratory
of minerals and rocks analysis at the Federal University of
Paraná (UFPR), in a thermogravimetry equipment manufactured by Netzsch, model STA 409 PC/PG with heating
from 25 °C to 1000 °C and heating rate of 10 °C / min and
atmosphere of N2 - 60 mL/min.

Table 1 - Soil chemical characterization (XRF) and LOI.
Oxide

Content(%)

Element

Content(%)

SiO2

47.9

Si

22.4

Fe2O3

11.7

Fe

8.2

Al2O3

26.6

Al

14.1

CaO

< 0.1

Ca

< 0.1

TiO2

1.7

Ti

1.0

K 2O

0.4

K

0.3

ZrO2

0.1

Zr

< 0.1

SO3

< 0.1

S

< 0.1

MgO

0.4

Mg

0.2

3. Results and Discussion

P2O5

0.1

P

< 0.1

MnO

< 0.1

Mn

< 0.1

3.1. Soil and cement

Na2O

< 0.1

Na

< 0.1

V2O5

< 0.1

V

< 0.1

LOI (1.000 °C)

10.9

O

50.6

C

3.0

The studied soil is a mature residual soil from basalt
and its pedological classification according to Streck et al.
(2008) is as an oxisol.
According to the carried out characterization, this soil
has low organic matter content (< 0.8 %), high clay content
(68 %) and acid pH (pH 5.5). X-ray diffraction analysis
(Fig. 4) and its chemical composition (Table 1) shows the
presence of kaolinite as a source of clay (also confirmed by
the aluminum content), as well as the presence of hematite
(Fe2O3 content of 11.7 %) and quartz. These characteristics
are conditioned with good capacity for use of this soil as a
base material for compacted barriers.
As for cement, significant amounts of SiO2 (18 %)
and CaO (66.2 %) identified by XRF were observed (Table 2). Through the cement physical-mechanical characterization, it was observed that the resistance and the initial
and final handle times, 40 MPa, 160 and 265 min, respectively, agreed with the values proposed by the related standards (ABNT, 1991), setting initial time greater or equal to
60 min and the final one less than or equal to 600 min.
3.2 Chemical and mineralogical composition
The chemical composition of the tested samples indicates variations in the iron oxide (Fe2O3), calcium oxide
(CaO) and sulfuric oxide (SO3), in the test specimens submitted to acid percolation and under different values of cement content and specific weight.
The main effects of the cement content on the CaO
and SO3 contents were classified as significant by the variance analysis (p < 0.05) through ANOVA (analysis of vari-

ance). However, the specific weight variable and the interaction between both variables did not reveal a significant
influence on the compound contents in the samples, as presented in Table 3. It was also verified that the cement content significantly interfered in the contents of CaO in all the
layers of the samples, for both percolated by acid and not
percolated ones (p < 0.05 for all this samples). In relation to
SO3, the influence of the cement content was only observed
for the samples after the percolation test (p < 0.05). Such
behavior indicates a possible interaction between CaO and
SO3 compounds, since the P values for CaO after percolation of sulfuric acid are higher than before. In addition, it indicates reactions with the percolated agent itself, with possible formation of Ca and S compounds.
In relation to Fe2O3, although the values did not reach
the significance level of 5 %, there was a significant decrease of the P values between the percolated and non-percolated samples by sulfuric acid, which shows that there
was an acid attack to this phase of iron oxides and solubilisation. Such behavior is more pronounced in relation to
the unit weight variable, which is related to the variation of
the number of voids and, consequently, it makes the passage of the percolating agent difficult. The same occurs in
SiO2 contents, although the P values are not so significant
(p > 0.05). For Al2O3, the percolation of sulfuric acid re-

Table 2 - Chemical composition of Portland cement CPV-ARI.
Content (%)
SiO2

Fe2O3

Al2O3

CaO

TiO2

K 2O

SO3

MgO

18.0

2.68

4.19

66.2

0.28

0.8

1.79

2.43
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LOI
(1.000 °C) (%)

Insoluble residue
(%)

3.58

0.7

161

162

0.608
0.702
0.536
0.479
0.787
1
1
1
1
Interaction

1

0.756
0.702
0.786
0.093
0.527
1
1
1
1
Unit weight

1

SO3

0.006
0.013

CaO
Al2O3

0.023
0.409

Fe2O3
SiO2

0.114
1

SO3
CaO

0.021
0.557

Al2O3
Fe2O3

% Cement

0.147

SiO2

0.184

Inferior

0.918
1
0.928
0.876
0.678
1
0.727
0.537
0.631
Interaction

0.325

0.758

0.009
0.024

1
0.928

0.091
0.208

0.123
0.373

0.411
1

1
0.727

< 0.001
0.97

0.97
1
Unit weight

0.637
0.212
% Cement

0.637

SO3
CaO
Al2O3
Fe2O3
SiO2
SO3
CaO
Al2O3
Fe2O3
SiO2
Middle

0.116

0.333
0.143

0.116
0.327

0.627
1

0.09
0.21

0.526
1

1
1

1
1

1

1

1
1
Unit weight

Interaction

1

0.029
0.062
0.729
0.284
0.132
1
< 0.001
0.388
0.406
% Cement

0.627

Al2O3
Al2O3
Fe2O3
SiO2
Superior

0 % of H2SO4 (P values)

Table 3 - Result of analysis of the variables’ variance under study.

CaO

SO3

SiO2

Fe2O3

2 % of H2SO4 (P values)

CaO

SO3
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sulted in the decrease of P values only for the middle and
lower layers. The interaction between the two variables was
not significant for any of the compounds.
The difference in the Fe2O3 content between the upper, middle and lower layers (Fig. 1) indicates that the acid
attack promotes the dissolution of Fe2O3 present in the soil,
which can cause up to half of the original contents in the upper layers to be reduced (Average from 12 to 7 %, Fig. 1a).
Wang (2002) proposes that the acid attack in soil-cement
mixtures is mainly due to the reaction involving the minerals, since the reaction of the sulphates with the cement is
considered of second importance. This justifies the small
variations between the Fe2O3 contents for each layer in relation to the increase of the cement content, as presented in
Table 3, in which the variable cement content did not present significance in all the layers (p > 0.05).
Regarding the unit weight, there was a smaller reduction in the Fe2O3 content with the increase of the value of
this variable, as presented in Fig. 1b. This fact is related to
the decrease of the voids due to the increase of the compaction energy, as observed by (Korf et al., 2018), which verified the decrease of the porosity of the specimens after
being submitted to the vertical load. This eventually hampered the passage of the sticky agent and prevented the acid
attack as well as the degradation of the compound. This relationship can be corroborated by the analysis of variance
(Table 3) referring to the unit weight for this compound.
The P values for all the layers are of the order of 10 %, indicating a relative part of statistical significance, as well as a
significant difference when compared with the samples
without percolation of sulfuric acid. For the samples without acid percolation, the studied variables had no influence
on the Fe2O3 content.
Figure 2 shows the CaO content in relation to the variable cement content for samples with percolation of 0 and
2 % acid solution. No differences were observed between
the studied layers for samples without acid percolation.
With the analysis of Fig. 2a, the increase of cement content
in the soil caused an increase in the CaO content. This is a
result of the hydration reactions and cement hardening with
the soil, providing the formation of this compound. This
observation justifies the P values observed for the relation
between CaO and cement contents (< 0.05). The samples
percolated by sulfuric acid presented variation in the CaO
content between the upper, middle and lower layers. In the
upper portion a reduction in the CaO content was observed
in relation to the results of the samples without percolation
of sulfuric acid.
While analyzing the Fig. 2b, higher concentrations of
this compound were observed in the lower layer compared
to the upper layers and the non-percolated samples, which
is possibly the result of a leaching process in which the CaO
present in the upper layer was transported to the lower regions of the samples due to the acid attack or also because
of chemical reactions resulting from chemical attack, thus
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Figure 1 - Fe2O3 content for percolated samples per acid solution in relation to (a) cement content and (b) specific gravity.

Figure 2 - CaO content in relation to the variable cement content for (a) samples without percolation - 0 % H2SO4 and (b) percolated samples - 2 % H2SO4.

forming new compounds. This behavior was also evidenced by observing the data of the statistical analysis presented in Table 3. The variable cement content for CaO
showed higher significance (lower P values) in the lower
layer of percolated samples by sulfuric acid. Since the increase of cement has a direct relation with the increase of
CaO contents, the greater part of the compound has been
deposited in the lower layer, resulting in the highest statistical significance observed. The unit weight variable did not
influence on the contents of this compound, as corroborated
by the statistical analysis (Table 3).
Figure 3 shows the behavior of the SO3 content between the analyzed layers of samples percolated by sulfuric
acid in relation to the variable cement content. The results
show that the middle and lower layers had higher SO3 levels
(varying from average values of about 2 % to 4 %), as well
as higher values were observed with increasing cement
content. This fact may be related to chemical reactions involving CaO and the aggressive agent. Likewise, the statistical analysis presented in Table 3 indicated that the highest
significance of the variable cement content was in the middle and lower layers (0.009 and 0.006, respectively), which
reinforces the evidence presented.
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Figure 3 - SO3 content in relation to the variable cement content in
samples percolated with 2 % H2SO4.

The variables studied did not exert influence on the
SO3 content in the non-percolated samples (Table 3). Also,
the unit weight variable had no influence on the samples
submitted to acid leaching.
Figure 4 shows the XRD test data with the mineralogical identification for samples in the crystalline mineralogi-
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cal phase with and without percolation of sulfuric acid. The
test specimen selected for XRD analysis, with 0 % cement,
was the one that underwent the most significant chemical
modifications in the oxide content, evidenced in the XRF
analyses. In this case, the mineralogical composition of the
material with and without the percolation of H2SO4, no
changes were detected in the crystalline mineralogical
composition of the sample and that, according to the analysis, the samples remain with the clay minerals present
(kaolinite essentially). This can be related to the low sensitivity of the XRD method for small variations of contents,
since the changes in the chemical composition were proved
by the chemical analyses.
The results obtained in this work resemble those obtained by MacCarthy et al. (2014) that analyzed the dissolution of hematite and quartz from a lateritic soil, with similar
constitution of the samples from this study. MacCarthy et
al. (2014) performed batch dissolution tests in a solution of
98 % H2SO4 and KNO3 at pH 1 and at 25 °C and verified in
their studies that the dissolution occurs more strongly in the
oxides phase as iron oxide - hematite than in the quartz. The
authors’ argument also allows us to infer that the sulfuric
acid concentration used in this work was only able to cause
chemical changes in the oxide phase present on the surface
of the particles, not leading to significant mineralogical
changes on the crystalline phase (MacCarthy et al., 2014).
Figure 5 shows the results of the TG / DTG / DSC
technique for the test specimens with and without the presence of sulfuric acid, which most evidenced acid attack, respectively. For the acid-percolated sample, the loss of mass
was more pronounced in Event 1, featured by pore water
dehydration, which is related to the increase in porosity due
to acid etching and particulate leaching, allowing greater
accumulation of water in the voids and consequent loss of
mass due to water dehydration. In the samples percolated

by sulfuric acid, it was observed a reduction in the values of
the thermal events observed for DSC, possibly due to the
acid attack that promoted the reaction of certain compounds, like Ca, or even the dissolution of these ones. This
behavior is corroborated by the XRF study in which it is
possible to visualize the fall in CaO contents and a consequent formation of SO3 for samples percolated by sulfuric
acid. The major thermal events are shown in Figs. 5a and
5b.
Figure 6 shows the scanning electron microscopy image for the sample with 0 % of cement, but with non-percolation (0 %) and percolation (2 %) of sulfuric acid. The
images, when compared to each other, do not allow the
identification of significant modifications in the soil particles morphology. This fact corroborates the mineralogical
and chemical analysis results, in which no significant changes were observed in the crystalline clay minerals structure,
just only in the oxides fraction. This behavior is also related
to the results presented in the XRD analysis, in which no
differences were observed between the acid-percolated and
acid-non-percolated samples.
Studies in the literature, such as Yang et al. (2013),
show that, under extreme conditions of acid pH, soil-cement structures can present a high degree of degradation
and even cracks. In this work, only changes in chemical
composition were verified, no changes were observed in
the crystalline clay minerals structure. No degradation of
the microstructure and / or cracking was observed, possibly
due to the stiffness of the structure due to the presence of
cement, soil type and compaction, as well as a degree of
acidity not so high (2 % sulfuric acid), which possibly had
to be neutralized due to the presence of cement.
In the same way, Knop et al. (2008), when studying
the soil-cement interactions in the presence of sulfuric acid,
verified that the addition of cement to the soil is responsible

Figure 4 - XRD analysis and mineralogical identification of test specimen (a) 0 % H2SO4 and (b) 2 % H2SO4.

164

Soils and Rocks, São Paulo, 43(1): 159-167, January-March, 2020.

Modifications in the Chemical and Mineralogical Composition of Compacted Mature Residual Soil Submitted to the Percolation of Acidic Leachates

Figure 5 - TG / DTG / DSC Sample analysis (a) 0 % H2SO4 and (b) 2 % H2SO4. Thermal events: 1 - Dehydration of pore water; 2 - CaSO4
(Karathanasis & Hajek, 1982); 3 - Kaolinite (Critter & Airoldi, 2006); 4 - Quartz (Bartenfelder & Karathanasis, 1989); 5 - CaCO3
(Rowland, 1954; Todor, 1976); 6 - Amorphous aluminum phase crystallization (Kauffman & Dilling, 1950).

Figure 6 - Scanning electron microscopy (SEM) microstructure visualization of (a) sample containing 0 % sulfuric acid and (b) sample
containing 2 % sulfuric acid.
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for increasing the delay factor and the sulfuric acid distribution coefficient. This means that such mixtures have a
greater ability to mitigate the spread of contaminants.
Also, the results presented here are similar to those
found by Shaw & Jim Hendry (2009) in regard to the attack
on the clay minerals structures. Shaw & Jim Hendry (2009)
found that the greatest impact occurred on silicon compounds rather than on aluminum ones. Furthermore, these
modifications may have occurred in a less expressive way,
which makes it difficult to evaluate by certain techniques
that do not have high sensitivity, such as X-ray diffraction.

4. Conclusion
This work presented the effect of the percolation of
acid solutions in mature residual soils with different unit
weights and cement contents. Significant changes were observed in the Fe2O3 present in the soil on the upper layers of
samples which indicates that the acid attack promotes the
dissolution of this iron oxide, this being mainly this being
enhanced by the increasing unit weight, reduction in voids
ratio and, consequently, contamination percolation delay.
Besides, significant changes were observed in the CaO and
SO3 contents, indicating formation of Ca and S compounds
in the lower layers of samples, being it also enhanced by
higher unit weight and cement content addition. These results were also corroborated by the differential thermal and
differential scanning calorimetry analyses (DTG / DSC).
No changes were detected in the crystalline mineralogical
phase and morphology of the studied soil, observing results
with XRD and SEM analyses. Therefore, acidic attack
caused changes to minerals as oxides and not in the crystalline structures of mineral clay and quartz.
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