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Victor de Mello Lecture
The Victor de Mello Lecture was established in 2008 by the Brazilian Association for Soil Mechanics and Geotechnical Engineering (ABMS), the Brazilian
Association for Engineering Geology and the Environment (ABGE) and the Portuguese Geotechnical Society (SPG) to celebrate the life and professional contributions of Prof. Victor de Mello. Prof. de Mello was a consultant and academic for
over 5 decades and made important contributions to the advance of geotechnical
engineering. Each year a worldwide acknowledged geotechnical expert is invited
to deliver this special lecture. It is a privilege to have Dr. Harry G. Poulos (Coffey
Geotechnics, Australia) delivering the second edition of the Victor de Mello Lecture. Dr. Poulos and Prof. de Mello were close friends for decades and in his lecture he reviews the contributions of the late Victor de Mello to foundation
engineering and highlights the insights that he provided in a number of key areas.

Prof. MICHELE JAMIOLKOWSKI began his professional career in 1969 at
the Department of Geotechnical Engineering, University of Torino, Italy, where
currently he is Professor Emeritus. Since 1964 he has been President of the Studio
Geotecnico Italiano. He has gathered many awards, among them: de Beer Award
(Belgium Geotechnics Association, 1994-1998); the Karl Terzaghi Award and the
Ralph B. Peck Lecture Award (American Association of Civil Engineering,
ASCE); and the Italian Award “Saviour of the Art”. He was also President of the
International Association of Soil Mechanics and Geotechnical Engineering
(1994-1997) and President of the International Committee for Safeguarding the
Leaning Tower of Pisa (1990-2001). He is member of several organisations and
academies, including Honourable International Member of the Japanese Geotechnical Association, and member of the Group of Consultants for the European
Bank involved in reconstruction and development for the new nuclear power plant
installations in Chernobyl, Ukraine. Professor Jamiolkowski will deliver the 53rd
Rankine Lecture organized by the British Geotechnical Association

Soils and Rocks
v. 35, n. 2

Role of Geophysical Testing
in Geotechnical Site Characterization
M. Jamiolkowski
Abstract. The lecture attempts to highlight the insights late Victor De Mello provided on some key areas. Considering the
increasing role of the geophysical methods in the geotechnical site characterization, the writer focuses on the use of in-hole
geophysical methods when assessing, both in field and in laboratory, the parameters depicting the soil state and its stiffness
at small strain. With this aim the writer draws the attention to seismic transversal (S) and longitudinal (P) body waves
generated both in field, during in-hole tests, and in laboratory using piezocristals. Within this framework the following
issues are discussed:
• Stiffness at very small strain as obtainable from the S and P velocities.
• Difference between fully from near to saturated soils from the measured P-wave velocity.
• Evaluation of undisturbed samples quality based on the comparison of S-waves velocities measured in field and in laboratory respectively.
• Evaluation of porosity and void ratio from measured P and S waves velocity.
• S-wave based evaluation of the coarse grained soils susceptibility to cyclic liquefaction.
Keywords: seismic body waves, stiffness, fully and near to saturated state, porosity, liquefaction.

A Friend’s Legacy
“Try to know yourself and your preferences. Listen,
observe, investigate: choose your love and love your
choice.” (Victor de Mello).

And indeed this was Victor de Mello, certainly no ordinary man nor just an engineer.
Both personally and professionally Victor personified excellence, with a deep set of values and an amazing
ability to stay connected with those he knew. And I am so
proud for being one of his “brothers of blood” as he used to
call Harry Poulos, John Burland and myself.
Victor was my mentor and my role-model and has
certainly impacted my professional life. I have hugely benefitted from our many inspiring conversations. Occasionally he was a severe critic but his analyses have always

been constructive encouraging my quality work and, however firm in his resolution, always explaining the nature of
his disagreement.
It is fascinating to look into Victor De Mello’s background, to his philosophical spirit and his working methods. He combined the engineer rigor with a solid passion
for life. His interests ranged widely: engineering sciences,
geology, philosophy and ethics, flowers, conversation,
travel, literature, music, writing, art, women, food, wines
and so forth.
He was also a prolific correspondent and Victor’s
wise thoughts and advices, always unconditionally given
on so many occasions, will remain with me.
He used to say “We professionals beg less rapid novelties, more renewed reviewing of what is already there”
and this is where I want to start from. In this paper I will attempt to continue the lively, sometimes conflictual, channel of communication Victor and I have been carrying on
for ages on issues related to the geotechnical site characterization and on the key requisites for a safe and costeffective design, in which area Victor de Mello made notable contributions.

1. Introduction
Considering the growing importance of the geophysical methods [Stokoe (2011)] for the geotechnical site characterization, this paper focuses on the in-hole techniques,
such as cross-hole (CH) and down-hole (DH) tests which, if
properly instrumented and performed, can provide reliable
values for compression (Vp) and shear (Vs) waves velocity.

M. Jamiolkowski, Emeritus Professor, Technical University of Turin, Turin, Italy, e-mail: m.jamiolkowski@studiogeotecnico.it.
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Figure 1 - In-hole geophysical tests.

When it is only requested the knowledge of Vs, reference
will also be made to seismic cone penetration tests (SCPTU) and to seismic Marchetti’s dilatometer (S-DMT),
equipped to provide a reliable measure of Vs in DH-mode.
The main features of CH and DH tests are shown in Fig. 1,
while Fig. 2 highlights the seismic waves that can be propagated in situ, during CH and DH tests, and in laboratory by
means of bender elements (BE).
The generated seismic waves are classified according
to the propagation direction (first capital letter) and to the
polarization plane (second capital letter).
Figure 2 shows also the soil stiffness at very small
shear strain (10-6 £ g £ 10-5), see Rahtje et al. (2004) and Cox
(2006), that can be computed from the seismic waves velocity, being: G0 = shear modulus at very small strain,
M0 = constrained modulus at very small strain and rt = bulk
soil mass density.
The following aspects, relative to the use of in-hole
measured seismic body wave velocities in geotechnical design, are discussed:
1. Stiffness at very small strain: G0 = f (Vs) and M0 = f(Vp)
(Applicable to Vp propagated through dry soils or at least
having Sr < 90%).
2. Distinction between fully saturated and near to saturated
soils ® f (Vp).
3. Assessment of undisturbed samples quality ® f [Vs
(Field) vs. Vs (Lab.)].
4. Evaluation of in situ void ratio e0 by means of Foti et al.
(2002) approach f (Vp and Vs).
5. Susceptibility of coarse grained saturated soil to cyclic
liquefaction ® f (Vs).
The above topics are only loosely interconnected,
thus each subject matter is detailed in a specific section
with dedicated closing remarks.
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2. Stiffness at Very Small Strain and its
Anisotropy
The use of seismic waves velocity allows to evaluate,
in situ and in laboratory, the shear modulus G0 = rtVs2 and
the constrained modulus M0 = rtVp2.
G0 is representative of the very initial portion of the
soil stress-strain curve (Fig. 3), which, upon loading is linear and in unloading state exhibits a recoverable strain, including a minor amount of the delayed viscous component.
The linear portion of the stress-strain curve is delimited by the linear threshold strain g lt [Lo Presti (1991), Jardine (1992), Ishihara (1996), Hight & Leroueil (2003)].
The g lt for non rocky-like materials usually ranges between 10-5 and 10-4, see Fig. 4a which reports also the volumetric threshold shear strain (g vt ), see [Dobry et al. (1982)
and Vucetic (1994)]. The g vt corresponds to the point where
a soil element, subject to constant mean effective stress
(p’), under the action of shear stress increase, during

Figure 2 - Compression (P) and shear (S) waves generated in situ
and in laboratory tests.

Soils and Rocks, São Paulo, 35(2): 117-137, May-August, 2012.
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minor differences due to the strain rate effects involved in
two different loadings modes, see Fig. 4b.
This figure, after Menq (2003), reports an example of
the normalized shear modulus [G/G0 = f.(g ³ g lt )] degrada-

Figure 3 - Small strain shear modulus from seismic tests.

drained loading starts exhibiting plastic strain, whereas, under undrained loading a pore pressure excess is generated.
It can be therefore assumed that G0 represents the initial tangent shear stiffness of a given geomaterial applicable to both static and dynamic problems, with possibly

Figure 4 - (a) Small strain shear modulus from seismic tests,
Darendelli (1991). (b) Normalized shear modulus degradation
curve, Menq (2003).

Soils and Rocks, São Paulo, 35(2): 117-137, May-August, 2012.

tion curve as function of the shear strain g, pointing out the
difference between monotonic and cyclic loadings.
As such, G0 plays a role in the numerical analyses involving complex constitutive soil models, allowing separating elastic from total strains.
Another important function of G0(F) measured in the
field is to allow for the correction of the laboratory determined modulus degradation curve G(g) for disturbance effect. The procedure, see Fig. 5, is based on the available
field and laboratory extensive data base, proposed by Ishihara (1996) and makes reference to the following empirical
formula:
G ( Field)
(1)
G ( g) Field = C r 0
G ( g) Lab
G 0 ( Lab)
being G0(F) = shear modulus at very small strain (g £ g lt )
from in situ seismic tests, G0(L) = shear modulus at very
small strain (g £ g lt ) measured in laboratory, G(L) = shear
modulus measured in laboratory at the given value of g ³ g lt ,
G(F) = corrected field value corresponding to the same
value of g likewise G(L) and Cr = correction factor depending on the sample quality and type.
In his work, Ishihara (1996) provides Cr values as
function of the strain level for different kinds of sampling
techniques including reconstituted specimens.
In a given soil G0 and M0 are controlled by the effective ambient stresses and by the current value of void ratio,
reflecting the state of the material.
With reference to the seismic waves propagation and
to their computed moduli, the following empirical relations, experimentally validated, [Roesler (1979), Lewis
(1990), Lee & Stokoe (1986), Weston (1996)], allow exploring how the current soil state affects Vs, hence G0 and
Vp, thus M0 respectively:

Figure 5 - Ideal field vs. laboratory shear modulus degradation
curve, after Ishihara (1996).
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na

nb

Vs = Cs[(s’a) (s’b) (pa)

-(na+nb)

]ÖF(e)

G0 = CGF(e) [(s’a)2na(s’b)2nb(pa)-2(na+nb)]
na

nb

Vp = Cp[(s’a) (s’b) (pa)

-(na+nb)

]ÖF(e)

M0 = CMF(e)[(s’a)2na(s’b)2nb(pa)-2(na+nb)]

(2.1)
(2.2)
(3.1)
(3.2)

being Cs, Cp, CG, CM = experimental material constant, na,
nb = experimental stress exponent, F(e) = experimental
void ratio function, pa = reference stress = 98.1 kPa,
s’a = effective stress in the direction of wave propagation
and s’b = effective stress on polarization plane. Note: In
case of Vs, na ¹ nb, while for Vp, na = nb.
The above formulae consent to estimate, for a given
soil, the Vs and G0 as well as the Vp and M0 values at different
stress levels and densities, once the material constants and
the void ratio function have been established, see Lee &
Stokoe (1986), Lo Presti (1991a), Ishihara (1996), Bellotti
et al. (1996), Weston (1996), Hoque & Tatsuoka (1998),
Fioravante (2000), Kuwano & Jardine (2002).
In the everyday practice, G0 and M0 are considered as
isotropic elastic body stiffness making simpler also to assess the Young E0 and bulk B0 modulus assuming the value
of Poisson coefficient of the soil skeleton n’0. With this
respect it is worth mentioning that, as confirmed by laboratory tests, n’0 at strain level not exceeding the linear threshold, ranges between 0.15 and 0.25, typically exhibiting a
trend to decrease with increasing the confining stresses
[Hoque (1996), Weston (1996)].
However, the lesson learnt from the propagation of
seismic waves in situ and in laboratory [Lee & Stokoe
(1986), Lee (1993), Bellotti et al. (1996), Fioravante
(2000), Kuwano & Jardine (2002), Giretti et al. (2012)] has
demonstrated that in the presence of the level-ground the
soil behavior, at very small strain (g £ g lt ), can be better approximated by the cross-anisotropic (= transversally isotropic) linear elastic half-space, with the vertical axis (z) of
symmetry and the horizontal plane (xy) of isotropy [Love
(1927)]. The relationship, broadly describing the stressstrain behavior of such body, requires determining five independent elastic material constants, see the stiffness matrix in Fig. 6.
For the plane body waves generated on the vertical
(xz) or horizontal (yx) planes, White (1965) derived three
equations expressing the velocities in terms of five independent material constants of the cross-anisotropic halfspace, see Stokoe et al. (1991) and Lee (1993).
The difference in velocities of Vp and Vs propagating
on zx and xy or yx planes, coinciding with the principal
stresses directions respectively, reflect the material initial
anisotropy.

Figure 6 - Stress-strain relationship and stiffness matrix of the
cross-anisotropic elastic halfspace, Love (1959).

Dealing with the initial elastic anisotropy (g £ g lt ) of
the non rocky-like geomaterials, two components of different phenomenological nature should be distinguished:
• Fabric or structural anisotropy exhibited by the soil under isotropic state of stress.
• Stress induced anisotropy disclosed even by a soil with
isotropic fabric when subject to anisotropic stress state.
Referring to the level ground, i.e. geostatic stress
state, the stress induced anisotropy is governed by the magnitude of earth pressure coefficient at rest K0, hence by the
soil depositional and post-depositional history.
The initial anisotropy can be quantified in the field
measuring, during CH tests, Vs(HH) on the isotropy plane
and Vs(VH) along the symmetry axis plane.
The same measurements have been carried out at the
copper mine tailings at Zelazny Most (Poland) site yielding
initial anisotropy values in terms of Vs(HH)/Vs(VH) ratio
ranging between 0.92 and 1.12.
Unfortunately, the five independent constants of the
cross-anisotropic geomaterials cannot be determined in
situ. Four of them: G0(HH), G0(VH), M0(H) and M0(V) can
be assessed from the corresponding shear and compression
waves measurable in CH tests.
However, for M0 values, to ensure that the Vp propagation is entirely controlled by the soil skeleton compressibility, such approach is limited to materials that are either dry
or with a satisfactorily low degree of saturation1.

1 See also Fig. 8
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In these circumstances, the basic studies for crossanisotropic materials have been mostly carried out in laboratory, testing mainly on reconstituted soil specimens.
Three different methodologies have been employed so far:
• Using exclusively the static stress-strain laboratory probing [Hoque (1996), Hoque & Tatsuoka (1998)], however
requiring a simplified assumption to assess the fifth independent cross-anisotropy body parameter.
• As above, combining the results of static probing, with
the dynamic measurements of seismic waves velocity
using bender elements. This methodology has allowed
Kuwano & Jardine (2002) to determine all the five independent material constants.
• Using solely seismic waves generated in large calibration chambers [Lee (1985), Lee & Stokoe (1986), Stokoe
et al. (1991), Bellotti et al. (1996), Giretti et al. (2012)],
as well as in triaxial apparatuses, see Fioravante (2000),
all the above five independent material parameters can
be determined.
In these tests, usually carried out under biaxial confinement, it can be determined the fifth independent material parameter, even though generating, in the anisotropy
plane, the Vp and Vs waves at the angle Q with respect to the
axis of symmetry (z). Lee (1985) and Lee & Stokoe (1986)
have pointed out that the propagation of planar waves in zx
and zy planes, and not along the principal stress directions,
uncouples the velocity surface (= the front of the wave normal) from the overlapping wave surface (energy ray path).
On the other hand, as observed by Stokoe et al. 1991 and
Lee 1993, for dry silica sands the resulting discrepancy is
sufficiently small and leads to minor corrections of the
measured ray velocity to obtain the phase velocity.
In the following are given some examples of seismic
tests carried out in a large calibration chamber housing
specimen 1.2 m in diameter and 1.5 m in height and instrumented with miniature geophones, see Fig. 7. The adopted
geophones arrangement allows the generation, under biaxial confinement, of P and S waves in three orthogonal
principal stress directions xyz in Fig. 7 as well as of the
oblique waves P(Q), S(Q) inclined at an angle of 45° as regard the axis of symmetry (z), with the oblique shear waves
S(45°) polarized in a vertical plane.
Details of the tests experimental setup can be found in
Lo Presti & O’Neill (1991) and Bellotti et al. (1996). In the
second work, it is also illustrated the trial and error computation procedure used to estimate, with the aid of P(45° V)
and S(45° V), the fifth independent parameter C13 of the
stiffness matrix of Fig. 6.
Hereafter are summarized some examples of seismic
tests results performed in CC on dry pluvially deposited
TS-Ticino river (Bellotti et al. 1996) and KS-Calcareous
Kenya beach (Giretti et al. (2012) sands; the same test
sands were employed by Fioravante (2000) to investigate,
in a triaxial apparatus, the elastic anisotropy. The test sands
characteristic are depicted in Table 1.

Soils and Rocks, São Paulo, 35(2): 117-137, May-August, 2012.

Figure 7 - ISMGEO calibration chamber with geophones to measure the body waves velocity.

Table 1 - Test sands properties.
Ticino river

Kenya beach

GS

2.681

2.783

d50

0.55

0.13

Cu

1.69

1.85

emin

0.578

1.282

emax

0.927

1.776

j’cv

33°

40°

Siliceous

Carbonatic

Tables 2 and 3 show the moduli ratio G0(HH)/G0(VH)
and M0(H)/M0(V) as obtained from CC seismic tests in dry
TS and KS.
More details respectively for TS and KS, can be
found in the works by Bellotti et al. (1996) and Giretti et al.
(2012).
To sum up, the seismic waves velocity measurement,
in situ and in laboratory, plays a central role in the evaluation of the soil stiffness at very small strain and of its anisotropy.
The main issues significant to the engineering applications are:
• G0 corresponding to the initial tangent shear modulus for
both static and dynamic loading.
• Knowing G0, elastic and plastic strains can be separated.
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Table 2 - Dry Ticino river siliceous sand elastic anisotropy.

Table 3 - Dry oolithic calcareous Kenya beach sand elastic anisotropy.

Medium dense
s’h/s’v

DR = 41%

Ghh/Gvh

Mh/Mv

Eh/Ev

Stress range
s’v (kPa)

0.5

0.96

0.83

0.81

50 to 300

1.0

1.20

1.20

1.22

50 to 300

1.5

1.25

1.55

1.52

50 to 300

2.0

1.44

1.88

1.86

50 to 300

DR = 35%

s’h/s’v

Ghh/gvh

Mh/Mv

Eh/Ev

Stress range
s’v (kPa)

0.5

0.93

0.78

0.79

50 to 500

1.0

1.12

1.27

1.24

50 to 500

2.0

1.26

2.05

1.92

25 to 250

Very dense

Very dense

DR = 88%

Medium dense

s’h/s’v

Ghh/Gvh

Mh/Mv

Stress range s’v
(kPa)

s’h/s’v

Ghh/Gvh

Mh/Mv

Eh/Ev

Stress range
s’v (kPa)

0.5

1.13

1.05

50 to 300

0.5

1.09

0.94

0.98

50 to 500

1.0

1.15

1.31

50 to 300

1.0

1.24

1.27

1.29

50 to 500

1.5

1.25

1.40

50 to 300

1.5

1.28

2.08

1.93

25 to 250

Siliceous river sand, Gs = 2.681, emax = 0.927, emin = 0.578,
Cu = 1.69, j’cv = 33°, F(e) = e-1.3.

• G0 inferred from Vs measured in the field offers the possibility to correct the laboratory G vs. g degradation curves
accounting for disturbance effects.
• The generation of S(HH) and S(VH) waves in field and in
laboratory consent to estimate the material initial anisotropy.
• Although so far limited to laboratory testing on reconstituted specimens, the generation of seismic waves, alone
or in combination with static probing, carried out in the
triaxial apparatus consent to study the basic behavior of
the elastic cross-anisotropic geomaterials.

3. Fully Saturated vs. Near-To-Saturated
Soils
In the last two decades many laboratory and field experiments have proved that the compression wave propagation is an extremely sensitive tool to distinguish fully from

DR = 88%

near to saturated soils: [Ishihara et al. (1998); Kokusho
(2000); Tsukamoto et al. (2001); Ishihara et al. (2004);
Nakazawa et al. (2004); Ishihara et al. (2004), Valle Molina
(2006)]. The compression wave propagation can be used
both in the field via in-hole geophysical methods and in the
triaxial cell instrumented by means of BE tests, e.g.:
Fioravante (2000); Tsukamoto et al. (2001); Kuwano &
Jardine (2002); Valle Molina (2006), Valle Molina & Stokoe (2012).
Figures 8 and 9 show the results of laboratory experiments aimed at exploring the dependence of Vp on the saturation degree. The results confirm the extreme sensitivity of
the P-wave velocity to even small deviations from the full
saturation, occurring when Vp exceeds 1450 to 1500 m/s,
and correspond to the compression wave in water velocity.
Figure 10 presents the result of CH tests carried out
from the sea bottom of the Venice Lagoon as part of the site
characterization for the Mose barriers project [Jamiolkowski et al. (2009)] aimed at safeguarding this unique city

Figure 8 - P-waves and S-waves dependence on saturation degree, Valle-Molina (2006).
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Figure 9 - Compression wave velocity vs. saturation degree,
Takahashi et al. (2001).

from high tides. This figure shows Vp(H) as well as Vs(HV)
and Vs(HH) resulting from CH tests, together with the relevant lagoon soil profile.
The Vp profile highlights the presence, below the sea
bottom, of an unsaturated soil zone, » 12 m thick, due to
marsh gas.
The capacity of Vp to detect the presence in the subsoil of near to saturated spots, plays a crucial role in evaluating the susceptibility of coarse grained soils to cyclic
and monotonic liquefaction during undrained loading
[Ishihara et al. (1998); Grozic et al. (1999, 2000); Ishihara
et al. (2004), Lee et al. (2005)]. Figure 11 displays the cyclic resistance ratio (CRR) obtained from undrained
triaxial tests of the near to saturated Toyoura sand, normalized with respect to the CRR of the same sand at full
saturation, see Ishihara et al. (1998) and Tsukamoto et al.
(2001).
The Vp capability to map the saturation surface position in the subsoil, finds many important applications in the
engineered constructions experiencing complex hydraulic
regime, variable in time and space.
A typical example is the second world largest copper
tailings storage disposal, whose peculiar features can be inferred from Fig. 12. At this Polish site, in Zelazny Most,
since 1993 CH tests are being carried out periodically on
the pond beaches, to map the position of the saturation line
in the tailings, [Jamiolkowski et al. (2010)]. Figure 13
shows the location of 9 CH tests performed during the 2011
campaign.

Figure 10 - Venice Lagoon, Chioggia inlet- Cross-hole test results.
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Figure 11 - Cyclic resistance ratio dependence on saturation degree Ishihara et al. (1998), Tsukamoto et al. (2001).

Figure 13 - Zelazny Most: Cross-hole tests location.

• This Vp feature represents a simple and reliable tool to
map the distribution of fully and nearly to saturated soil
deposits in situ.
Figure 12 - Zelazny Most (Poland), copper tailings disposal: aerial view.

Figures 14 through 16 display the depth position of
the saturation line in the tailings, as determined based on
the Vp measured in CH tests at variable distance from dam
crest for cross-sections in correspondence of the West,
North and East dams respectively. As the figures show, the
measured Vp value, allows recognizing the presence of saturated tailings at a depth below which Vp remains greater
than 1450 to 1500 m/s. Moreover, the profiles of Vp vs.
depth show also the presence, in the tailings, of the perched
water horizons. See Figs. 15 and 16 where the perched water horizons are labeled with the symbol PH.
From the above one can deduce that:
• The measured Vp is an extremely sensitive tool to distinguish in situ and in laboratory fully (Sr @ 100%) from
near to saturated (90% £ Sr < 100%) state; see Fig. 9 after
Tsukamoto et al. (2001) and the recent work by Valle
Molina & Stokoe (2012).
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• In the last decade there have been many attempts to correlate Skempton’s (1954) pore pressure coefficient B
measured in laboratory against the velocity of the compression wave, [Kokusho (2000), Tsukamoto et al.
(2001), Takahashi et al. (2006), Valle Molina & Stokoe
(2012)].

4. Quality Assessment of Undisturbed
Samples
In case of homogeneous low permeability clays, quality undisturbed samples can be evaluated in laboratory
measuring the sample suction ps immediately after its retrieval from the ground, [Skempton (1961), Chandler et al.
(2011)]. This approach is quite complex, see Chandler et al.
(2011) and time consuming thus not routinely employed.
Moreover, it is restricted to homogeneous fine grained soils
able to preserve high suction after zeroing of the total in situ
stress as results of sample retrieval.
This prompts to develop some easier semi-empirical
criteria to assess undisturbed samples quality.
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Figure 14 - West dam, cross-hole tests results

Figure 15 - North dam, cross-hole tests results.
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Figure 16 - East dam, cross-hole tests results.

With this respect, a widely used criterion has been
proposed by Lunne et al. (1997; 2006) for fine grained soils
in terms of De/e0 ratio, being:
• De = reduction of the void ratio during one dimensional
recompression of undisturbed specimen to in situ vertical effective stress s’v0 existing at a depth from which the
sample were retrieved.
• e0 = in situ void ratio.
The other criterion, applicable to both coarse and fine
grained soils [Sasitharan et al. (1994); Landon et al. (2007)
De Groot et al. (2011); Fioravante et al. 2012)] is based on
the comparison of normalized shear wave velocity Vs1(L)
measured on laboratory specimens with that measured in
the field Vs1(F) by means of one of the methods recalled in
Fig. 1.
The values of Vs1(F) and Vs1(L) are computed by
means of the formula 4, a somehow simplified version than
Eq. 2.1, considering that the separate values of exponents
na and nb are difficult to measure and therefore rarely available:
æ 2 pa
Vs1 ( L) = Vs ç '
ç s + s'
h0
è v0

ö
÷
÷
ø

(4)

where Vs(F) = shear wave velocity measured in the field at
the same depth the sample has been retrieved, Vs(L) =
shear wave velocity measured in laboratory on the specimen reconsolidated to the best estimate of the in situ
geostatic stresses at the same depth the sample has been
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retrieved, pa = reference stress = 98.1 kPa, s’a = effective
stress in the wave propagation direction, s’b = effective
stress on the plane of the wave polarization, ns = stress exponent na+nb, pertinent to Vs1(F), s’v0 = effective vertical
stress at the sampling depth, s’h0 = effective horizontal
stress at the sampling depth, ns = stress exponent na+nb,
pertinent to Vs1(L).
The closer Vs1(L)/Vs1(F) ratio is to unity, the better the
quality of undisturbed sample.
This ratio can also be used to estimate the mechanical
characteristics of the specimens reconstituted in laboratory
that the soil, in undisturbed state, should have in situ.
Overall, exponents np and ns, the former pertinent to
Vp, vary within a relatively narrow range (0.22 to 0.25) in
case of fine grained soils and uniform sands but tend to increase in coarse gravelly sand and sandy gravel as the uniformity Cu coefficient increases [Weston (1996)], see
Fig. 17. This figure adapted after the quoted work by
Weston, with the support of some writer’s data, gives the
stress exponents nS and nG from VS and G0 respectively determined experimentally in laboratory tests on the reconstituted specimens.
The quality evaluation of three examples based on
VS1(L)/VS1(F) ratio is hereafter presented.
The first example deals with undisturbed samples of
sandy gravel 600 mm in height (Hs) and 300 mm in diameter (Ds) retrieved on the Sicilian shore of Messina Strait by
means of the freezing technique [Fioravante et al. (2012)],
see Fig. 18.
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Figure 17 - Stress exponent ns from Vs and nG from G0, adapted after Weston (1996).

Figure 19 shows the comparison between VS1(F) measured during CH test and VS1(L) obtained from bender element (BE) tests.
Due to the large dimensions of the gravelly particles
(63 £ dmax 100 mm; 3 £ d50 £ 16 mm; 10 £ Cu £ 35), to measure the reliable values of Vs the propagation seismic waves
through laboratory specimens, need to fulfill the ASTM D
2845 (1997a) requirements, see also: Sanchez-Salinero et
al. (1986), Viggiani & Atkinson (1995), Brignoli et al.
(1996), Jovicic et al. (1996), Pennington (2001), Arroyo &
Greening (2002) and Maqbool et al. (2004).
In the examined case, the characteristics of the generated shear waves during BE tests were as follows:
• Wave mean length: lm = 25 mm; applied frequency:
f = 10 kHz; Hs/Ds = 2.0; Ds/lm = 12.0; lm/d50 = 2.5;
Hs/lm = 24.0.
• The above values fulfill the ASTM recommendations,
with the exception of lm/d50 ratio which should
be ³ 3.0.

The second example refers to undisturbed samples of
fine to medium sand retrieved by means of freezing, see
Fig. 20 at the Tyrrhenian shore close to Gioia Tauro, in
Southern Italy.
Table 4 reports the values of Vs1(L)/Vs1(F) ratio as obtained for the tested undisturbed samples. Again in this
case, Vs(L) has been measured by means of BE tests while
Vs1(F) was obtained from CH test whose results2.
The resulting values of Vs1-ratio, probably except for
the one from a 24.5 m depth, confirm the tested samples
high quality.
The third example deals with the undisturbed sampling of very uniform stiff to hard OC clay, see Fig. 21, retrieved at the Porto Empedocle site on the Eastern Sicilian
Coast. In this case, besides using the available Vs1 ratio, the
quality of undisturbed samples has been evaluated from
suction measured by means of Ridley & Burland (1993)
transducer, carried out soon after the samples retrieval, see
Chandler et al. (2010) and also referring to the Lunne et al.
(1997, 2007) criterion based on the ratio of De/e0 measured
in oedometer tests.
Table 5 shows the comparison for a number of Porto
Empedocle clay samples between Vs1(L)/Vs1(F) and De/e0
ratios together with the ratio of ps/p’0, being: ps = measured
suction in the sample, p’0 = the best estimate for mean in
situ effective stress at the sampling depth. In the case in
hand, all the three used approaches indicate the excellent
quality of tested samples.
The information collected by De Groot et (2011) supports the idea that both ratios, Vs1(L)/Vs1(F) and De/e0, as
shown in Fig. 22 are useful and complementary tools when
evaluating undisturbed samples quality.
Basically, based on the above the following comments apply:
• Vs1(F) reflects in situ soil state, fabric, aging and particles
bonding.
• Vs1(L) has to be assessed on specimens reconsolidated to
the best estimate of in situ geostatic stresses.

Figure 18 - Messina Strait sandy gravel, undisturbed sample.
2 See Fig. 25.
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Figure 19 - Messina Strait- Vs1(F) from cross-hole test vs. Vs1(L) from bender element tests.

Table 4 - Gioia Tauro-Vs1(F) from cross-hole test vs. Vs1(L) from
bender element tests.
Depth (m)

Vs1(F) (m/s)

Vs1(L)* (m/s)

Vs1(L)/ Vs1(F)

24.5

315

227

0.72

28.6

274

222

0.81

30.2

245

230

0.94

31.0

265

227

0.87

(*)BE tests on undisturbed samples obtained by in situ freezing.
Figure 20 - Gioia Tauro, fine to medium sand, undisturbed sample.

• The main uncertainty in determining Vs1(L) is linked to
an appropriate selection of the laboratory horizontal consolidation stress.
• The closer Vs1(L)/Vs1(F) is to one, the better the quality of
the specimen tested in laboratory.
• Unlike other methods for the assessment of undisturbed
samples quality (e.g. suction measurements or the comparison of the void ratio reduction after the specimen 1-D
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Table 5 - Porto Empedocle OC clay – Multiple approach to sample quality assessment.
De/e0

Vs1(L)/ Vs1(F)

p’s/p’0

28.6

0.0093

0.984

0.983

31.3

0.0069

0.983

1.078

31.2

0.0059

0.973

1.082

49.8

0.0112

0.984

0.852

53.1

0.0032

0.972

0.938

56.1

0.0052

0.992

0.991

Depth (m)
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Figure 21 - Porto Empedocle, very stiff to hard clay, undisturbed
sample.

recompression to the in situ effective overburden
stresses), the Vs1(L)/Vs1(F) ratio can be used in both fine
and coarse grained geomaterials.

5. Evaluation of In Situ Void Ratio
The geomaterials in situ porosity n0 and void ration e0
are important state parameters, crucial for a thorough site
characterization when working out many geotechnical
boundary value problems.
The assessment of n0 or e0, while routinely determined
via laboratory tests on undisturbed samples of fine grained
soils, results by far more complex and expensive when
dealing with coarse grained soils in which undisturbed
sampling [(Yoshimi et al. (1978), Hofmann (1997),
Yoshimi (2000), Huang et al. (2008)] is still far to become a
common practice.
To overcome this restraint, several empirical correlations have been proposed based on various penetration tests
[Schmertmann (1978), Skempton (1986), Cubrinovski &
Ishihara (1999), Jamiolkowski et al. (2001)] and in situ relative density (DR), which, in combination with laboratory
determined maximum (emax) and minimum (emin) void ratio
allow estimating, in first approximation, the e0.
In this circumstance, the researchers and practitioners
attention was drawn by Foti et al. (2002) work who, within
the frame of Biot (1956) linear theory of poroelasticity, has
developed a procedure to compute in situ e0 or n0 via inversion of the seismic waves Vp and Vs measured in the in-hole
geophysical tests.
The formula by Foti et al. (2002), applicable to fully
saturated soils only is reported here below:

Soils and Rocks, São Paulo, 35(2): 117-137, May-August, 2012.

Figure 22 - Undisturbed clay sample quality assessment-Field vs.
laboratory criterion, DeGroot et al. (2011).
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where rs = soil particles mass density, rf = pore fluid mass
density, Bf = bulk modulus of pore fluid, ns = Poisson ratio
of soil skeleton.
Since its publication this formula has been calibrated
against laboratory tests results carried out on good quality
undisturbed samples of fine grained geomaterials [Foti &
Lancellotta (2004), Arroyo et al. (2007), (Jamiolkowski et
al. (2009)], yielding, overall, satisfactory results.
In the following are compared, and when appropriate
commented, three examples of void ratio e0 computed from
seismic waves velocity measured in CH tests and those obtained in laboratory on high quality undisturbed samples.
The first examples, see Fig. 23, compares n0 values
measured in laboratory on high quality undisturbed samples of soft lightly OC Pisa clay with those computed from
Vp and Vs.
The second example in Fig. 24, compares the e0 measured in laboratory on the undisturbed samples of sandy
gravel retrieved by means of freezing, at Messina Strait and
those computed from the Vp and Vs measured in the CH test
located nearby the in-hole from which the frozen samples
have been retrieved. The e0 computed values on average result to be 10 to 15 percent lower than those determined in
laboratory (Fioravante et al. 2012). The reasons for this difference can be attributed to a combination of the following
factors: uncertainties involved in the accuracy of measured
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Figure 23 - Pisa clay- Porosity from Vp and Vs vs. laboratory determined values.

Vp and Vs; the large disparity between the volume of the undisturbed specimen tested in laboratory and the volume of
soils involved in waves propagation during CH testing associated with the spatial variability of the sandy gravel deposit in question.
The third examples in Fig. 25, displays the comparison between e0 measured in laboratory on undisturbed frozen samples of fine to medium sand retrieved at Gioa Tauro
site, with those computed from the Vp and Vs measured in
the CH test located in the vicinity of the sampling in-hole.
In this case, the agreement between e0 values measured and
computed is satisfactory.
However, as to the reliability of the in situ void ratio,
as computed from Vp and Vs measured in the state of the art
CH tests, not all the experimental evidences, collected so
far by the writer, have yielded satisfactory comparisons
with the laboratory determined e0. Figure 26 reports the extreme case of a very stiff to hard homogeneous marine Pliocene clay at Porto Empedocle site where the e0 computed
from Vp and Vs significantly underestimates the laboratory
measured values by almost a constant offset of about 30 to
50 percent of the laboratory values.
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Figure 24 - Messina Strait – Void ratio from Vp and Vs vs. laboratory determined values.
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Figure 25 - Gioia Tauro – Void ratio from Vp and Vs vs. laboratory determined values.

Figure 26 - Porto Empedocle – Void ratio from Vp and Vs vs. laboratory determined values.

A few similar examples have raised the issue of the
accuracy and reliability of in situ void ratio computed from
Vp and Vs. This subject has been addressed by Foti (2003)
who has investigated the error propagation of the measured
seismic waves velocities in the porosity computed by
means of Foti et al. (2002) formula.

Soils and Rocks, São Paulo, 35(2): 117-137, May-August, 2012.

As it can be expected, dealing with an inverse problem, the reliability of the computed e0 or n0 is very sensitive
to the accuracy of the measured key input parameters, Vp
and, to a less extent, Vs.
Figure 27 exemplifies how, on the measured seismic
waves velocity, in the range of Vp and Vs characteristic for
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Figure 27 - Error propagation in computing porosity from Vp and
Vs as per Foti (2003).

non rock like geomaterials, the error affects the computed
porosity. It can be observed that within the range of the considered Vp and Vs, the error on the measured seismic wave
velocity amplifies, by three times that of the computed porosity.
Moreover, Lai & Crempien (2012), investigating the
stability of the inversion procedure to compute the porosity
after the formula by Foti et al. (2002), have pointed out that
there are combinations of Vp, Vs and pair with the soil skeleton Poisson ratio n’0 can be solved only in terms of complex numbers.
However, within the range of CH tests data base covered by the Author (100 £ Vs = 550 m/s; 1500 £ Vp =
3500 m/s) in combination with 0.15 £ n’0 £ 0.25, the use of
Foti et al. (2002) formula has, so far, yielded a solution in
terms of real numbers.

This holds also for the data reported in Fig. 26,
where the Foti’s formula, although well posed, has
yielded results conflicting with the comprehensive and reliable set of e0 values determined in laboratory [Chandler
et al. (2011)].
The evidence that the error on measured seismic
waves velocity for the range of Vp and Vs considered in
Fig. 27, amplifies by three times the error on the computed
n0, has triggered the attempt to explore the intrinsic variability of Vp and Vs measured during 9 state-of-the-art CH
tests recently carried out at the Zelazny Most site copper
tailings, mentioned in Section 3 of this paper.
The following testing program has therefore been set
up:
• In each CHT, at 1 m intervals, the seismic waves (Vp and
Vs) velocity measurements have been repeated 10 times
and the obtained values stored.
• In each in-hole a survey of the deviation from the verticality and of its azimuth has been carried in both in
down-hole and up-hole modes repeating all the measurements three times at depth intervals of 3 m.
The bulk of the collected data will be used for the statistical and probabilistic evaluation of how the combination
of the two independent variables, time and distance, affect
the accuracy of measured Vp and Vs in the high quality CH
tests.
The following preliminary information arising from
the above tests can, currently, be anticipated:
• Figures 28 and 29, besides two CH tests results, report
the standard deviation values of Vp and Vs measured ev-

Figure 28 - Zelazny Most, North dam-CH 1-2, standard deviation of Vp and Vs after 10 measurement replications at 1 m intervals.
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Figure 29 - Zelazny Most, North dam-CN 7-8, standard deviation of Vp and Vs after 10 measurement replications at 1 m intervals.

ery 1 m, computed from the data gathered after the tenfold replications of the waves propagation.
• Figure 30 exemplifies how the variables uncertainties,
travel time and travel distance, individually considered,
affect the standard deviation and covariance of the measured Vp.
Figure 30 highlights the important evidence that, at
least in the examined case, the uncertainty linked to the
variable travel distance has a more significant impact than
the travel time on the measured seismic waves velocity in
CH tests reliability.

Thanks to its solid theoretical background, the formula by Foti et al. (2002) allows assessing e0 and n0 with the
consistency most demanding engineering applications
require, remarking that the hardware and software employed in CH and DH tests will be improved.
This work by Foti et al. (2002), offers a valid opportunity to estimate the porosity and the void ratio in situ of
fully saturated soils from seismic body waves velocity
measured in the field. However, when using this formula,
which is yet to be validated, the following points should be
considered:

Figure 30 - Zelazny Most, P-waves arrival time and travel distance – Uncertainties involved.
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• Dealing with the solution of an inverse problem, the
computed value of porosity or void ratio is significantly
affected by the accuracy and reliability of the measured
seismic waves velocity. The above is especially relevant
as regard the compression wave [Foti (2003)].
• However, the above issue, crucial when dealing with liquefaction and flow failure problems, becomes less significant in other engineering applications for which Foti
et al. (2002) procedure, represents a step forward compared with the empirical correlations reliability between
DR and penetration tests results, used in common practice.
• A properly arranged and interpreted CH test is the most
suitable mean to obtain independent, accurate Vp and Vs
measurements to be used as input in the Foti et al. (2002)
formula.
• As to Poisson coefficient n0 to be adopted when computing the porosity or the void ratio from Vp and Vs, it should
be considered that the strains associated with the propagation of seismic waves is of the order of 10-6 at the best
up 10-5. At this strain level, the results of the large data
base collected from the drained triaxial and plain strain
tests with internal strains measurement, suggest values
of n0 in the range between 0.15 and 0.25.
• The porosity and the void ratio computed using Foti et al.
(2002) procedure, can be further enhanced if the uncertainties involved in assessing the picking arrival time and
travel distance of Vp and Vs are accounted for.

6. Susceptibility of Coarse Grained Soils to
Liquefaction
Since the pioneering work by Andrus & Stokoe
(2000), the empirical approach to assess the susceptibility
of sandy soils to cyclic liquefaction, based on the Vs measured in field, has been used in parallel with more conventional methods based on penetration tests results (SPT,
CPTU, DMT). Figure 31 shows the correlation of Vs1 vs. the

Figure 31 - Vs-based liquefaction susceptibility, Andrus & Stokoe
(2000).

cyclic stress ratio (CSR) valid for an earthquake of MW = 7.5
magnitude based on the analysis of the collected case records at locations where the cyclic liquefaction has been
observed.
A comprehensive discussion and enhancement of the
Vs procedure to estimate to what extent the coarse grained
soil deposit is prone to liquefaction can be found in the
book by Idriss & Boulanger (2008), who, in their discussion, raise the issue, already pointed out by Liu & Mitchell
(2006), that Vs exhibits a lower sensitivity to variation of DR
in situ if compared to penetration tests.
The writer, referring to a large data base of more than
650 CPT DMT and seismic tests carried out in CC’s on a
variety of pluvially deposited dry sands, has attempted to
explore the Vs1 response to DR changes as compared to those

Table 6 - Vs-sensitivity to DR changes.
Calcareous oolithic Kenya sand
DR
35%

88%

Siliceous Ticino sand

p’ (kPa)

Vs (m/s)

DR

p’ (kPa)

Vs (m/s)

100

175

Cs = 238

100

119

Cs = 90

200

212

ns = 0.27

200

141

ns = 0.235

300

237

d = 1.30

300

155

d = 1.30

100

230

Cs = 275

100

191

Cs = 110

200

278

ns = 0.25

200

226

ns = 0.236

300

310

d = 1.30

300

247

d = 1.30

Vs(DR = 88%)/ Vs(DR = 35%) = 1.31

41%

88%

Vs(DR = 88%)/ Vs(DR = 41%) = 1.60
ns

æ p' ö
Vs = C s çç ÷÷ × F ( e )
è pa ø
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Table 7 - CPT and DMT sensitivity to DR changes.
CPT
DR
30%

60%

DMT

p’ (kPa) qc (m/s)
100

6.0

200

8.3

300

DR

KD (-)

100

1.77

200

1.57

10.0

300

1.45

100

14.3

100

3.52

200

20.0

200

3.10

300
24.0
qc ( DR = 60%)
= 2.4
qc ( DR = 30%)

30%

p’ (kPa)

60%

300
2.89
K D ( DR = 60%)
= 2.0
K D ( DR = 30%)

of CPT cone resistance qc and of the Marchetti’s DMT lateral stress index KD. The results for the crushable calcareous oolithic Kenya sand [Fioravante (2001)] and for the
siliceous Ticino river sand [Bellotti et al. (1996), Jamiolkowski et al. (2001)] are shown in Tables 6 and 7.
Comparing the results reported in Table 6 with those
in Table 7 it can be confirmed the minor sensitivity of Vs1 to
DR changes with respect to those of qc and KD. It is worthy to
recall the readers’ attention, that this difference is even
more pronounced if the different range of DR considered in
the compilation of Tables 6 and 7 is accounted for. The
brief mention to Vs used to assess the susceptibility of sandy
soils to cyclic liquefaction allows the following comments:
The CC tests results on two dry sands confirm the
lower capability of shear waves to respond to DR changes if
compared to the CPT-qc and the DMT-KD. This happens despite Vs, similarly to qc and KD, is function of in situ void ratio and effective stresses. Moreover, differently from all the
penetration tests, since Vs measurements are less invasive
than penetration tests, are more prone to be affected by
some depositional and post-depositional phenomena as aging, cementation and cyclic pre-straining.
In the light of the above, the use of Vs should continue
to evaluate the liquefaction potential, although subject to
further laboratory and field validations. The current state of
such method development offers the advantage of an easy
application in gravelly soils where the feasibility and reliability of the approaches based on penetration tests, in
many circumstances, appear questionable.
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Formation of Fine Iron Ore Tailings Deposits
L.M.K. Lima, W.L. Oliveira Filho
Abstract. Deposit formation back analysis of a two-year iron ore slime impoundment managed by the sub-aerial method is
performed using two complementary approaches. The first one tries to identify the deposit stratigraphy and its formation
history. This is made possible through sorted document review (reports, design documents, personal communication,
photos, etc.) and by means of an extensive geotechnical investigation program, including laboratory and field testing. The
second approach, considered more quantitative, deals with modeling the sub-aerial deposition method, using a numerical
solution for events such as large strain consolidation and desiccation of fine, soft tailings, following filling and waiting
periods, according to that disposal technique. For modeling, the computer program CONDES is used with constitutive
functions of available material, also using actual slime management data. The numerical model rendered a final deposit
height of 8.16 m, very close to the actual height measured in the field, providing the model validation. The analyses suggest
that the desiccation process inherent to the sub-aerial method had a minimal effect or did not even occur during the
impoundment operation. Other potential disposal schemes were also evaluated and comparisons were made. The study has
shown the ability to understand the formation of fine iron ore mining tailing deposits, and how to make use of this tool in
projects.
Keywords: fine tailings deposit, back analysis, sub-aerial method, tailings disposal, field investigation, numerical modeling.

1. Introduction
Mining industry is booming these days and in consequence an increasing amount of mine tailings has been generated, requiring increasing containment areas for disposal,
since tailings are usually discarded as fluid pulp. Tailings
placement depends on its grading. Coarse material is usually disposed close to the containment structure where it
can be used as construction material for raising of dikes and
dams, and also to function as their foundation. On the other
hand, fine tailings are disposed upstream the impoundment,
forming a decantation lake and generating a soft, compressible, low density deposit with poor bearing capacity.
Although man-made, fine tailing deposits present a
similar behavior to the natural stratus of soft soils, showing,
for example, high compressibility and low hydraulic conductivity. This fact potentially allows that the general
knowledge of soft soil engineering properties and performance, accumulated over the years by geotechnical engineers, could be used to understand how fine tailings
deposits work.
According to Massad (2003), soft soils are sedimentary soils with low shear strength (SPT indices not higher
than 4). The clay fraction makes these soils cohesive and
very compressible. The behavior of these soils depends,
among other things, on the water content, the stress state
and mineral characteristics. Additionally, the clay fraction
also plays an important role in the characteristics and properties of soft soils, such as compressibility, permeability
and shear strength.

The engineering properties of fine tailings are important for settlement analyses and bearing capacity calculations of the deposits. In dredging materials and in soft mine
tailings (slimes), large deformations are expected, requiring more sophisticated analyses, such as the ones that use
large strain consolidation theories. On the other hand, slope
stability analyses are usually performed in terms of total
stresses or undrained conditions.
In this paper, different strategies to study the formation of fine iron ore tailings deposits aiming at storage planning and as a foundation substrate for surface rehabilitation
(closure) and temporary structures are discussed.

2. Background
2.1. Physical processes and disposal methods
Tailings are commonly produced as fluid pulp, which
is transported through channels or pipes and disposed in
confined areas (Vick, 1983). During disposal, fine tailings
may experience several physical processes: sedimentation,
consolidation, desiccation, and desaturation. Sedimentation is relatively fast, and volume change depends on the
initial solid content of the pulp. In the consolidation and
desiccation phases, significant but deferred settlements of
the deposited material may occur. The desiccation phase is
divided in two distinct steps: one-dimensional desiccation
and three-dimensional desiccation. In the three-dimensional phase, crack opening and propagation occur. Finally,
if tailings still lose water, without volume change, the material starts to desaturate. Figure 1 shows the sequence of
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Figure 2 - Shear strength slime versus consistency (ICOLD,
2002).

Figure 1 - Physical processes experienced by tailings during and
after operational impoundment life-time. (Oliveira-Filho & van
Zyl, 2006a).

these phenomena. Almeida (2004) and also Oliveira-Filho
& van Zyl (2006a) present a detailed description of all these
physical processes.
Alternatively, other tailings disposal schemes have
been devised for fine tailings, leading to initial solid content
higher than when disposed in the conventional way (Norman & Raforth, 1998; Ulrich et al., 2000). The alternative
methods, from lower to higher initial density at the time of
disposal, are: sub-aerial disposal, thickened tailings (TTD),

and paste. A common characteristic of these alternative
methods is their intermittent character of disposal with alternating cycles of filling and waiting periods (no disposal).
Figure 2 shows the initial gain in shear strength resulted
from the different disposal techniques.
Development of alternative methods of tailings disposal has been mainly related to the search of tailings facilities with: reduced risk and liability, easier permitting in
difficult regulatory environments, improved water recovery, faster area rehabilitation, and expanded storage of
higher volumes in smaller areas. However, the alternative
methods have a relatively higher cost when compared to the
conventional methods. Table 1 compares the alternative
methods according to important design features.
As it can be seen in Table 1, one or other option will
be more cost-effective depending on which aspects are considered more relevant in a particular project.
2.2. Modeling
Fine tailings deposit materials are constituted of silts
and/or clays. Depending on their grading, the deposit behavior is a function of these material engineering properties, such as compressibility, hydraulic conductivity and

Table 1 - Comparison of the alternative fine tailings disposal methods.
Sub-aerial

TTD

Paste

Final density

Intermediate – High

Intermediate – High

High

Segregation

High – Intermediate

Low

None

Superficial water

High – Some

Some – None

None

Rehabilitation

After some time

Almost immediate

Immediate

Permeability

High – Low

Low

Very low

Application

On the surface

On the surface

On the surface and underground

Water consumption

High – Intermediate

Intermediate

Low

Cost

Intermediate – High

High

High
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shear strength. Additionally, the disposal method could impair certain degree of heterogeneity to the tailings deposit
which may also affect its behavior. Thus, modeling deposit
formation is a task that requires caution, experience and
clear hypotheses, and scope.
To model discharge of interstitial water in tailing impoundments, Oliveira-Filho & van Zyl (2006a, 2006b) use
the computer code CONDES (Yao et al., 2002; Almeida et
al., 2005), which models large strain consolidation and desiccation processes. These are two of the main physical processes experienced by tailings upon deposition, regardless
the disposal scheme (conventional or alternative). For consolidation analyses, using CONDES, compressibility and
permeability relations are expressed, respectively, by
e = A( s¢ + Z ) B

(1)

k = Ce D

(2)

where e is the void ratio, k is the saturated hydraulic conductivity, A, B, C, D and Z the model parameters.
Regarding desiccation analyses, additional material
functions have to be provided to CONDES, including compressibility and permeability relations, similar to Eqs. 1 and
2, and other functions related to cracking initiation and
propagation, and cracking geometry (Abu-Hejleh & Znidarcic, 1996).
CONDES is also used by Oliveira-Filho & Lima
(2006) to model the construction of homogeneous, clayey
deposits built using the sub-aerial method. In the proposed
sub-aerial disposal scheme, cycles of filling and waiting are
simulated, modeling physical processes such as consolidation and desiccation. In their analyses, Oliveira-Filho &
Lima (2006) do not consider cracking formation, because
this is a secondary factor if the focus is on volume change.
In addition, one-dimensional desiccation is treated as an extension of the consolidation analyses, using the same compressibility and permeability relations. The main results of
the sub-aerial simulation of a two-layer deposit are shown
in Figs. 3 and 4. In Fig. 3, physical processes of volume reduction due to self-weight consolidation, as well as desiccation are presented. The former has two steps (filling and
waiting stages) and the latter starts at a certain instant of the
waiting period. In Fig. 4, the void ratio decrease at the top
of the layer due to desiccation can be noted.
Using the same disposal scheme model, OliveiraFilho & Lima (2006) expand the analyses, repeating the
scheme eight times (eight complete cycles of filling and
waiting stages or layers). Figure 5 shows the final void ratio
profile for each complete cycle or layer.
As it can be seen in Fig. 5, desiccation on every intermediate layer is still noticeable (see void ratio reduction at
the top of the layer), but decreasingly less effective. The
consequence of this trend is that a lower overall volume reduction is achieved by the disposal scheme. To obtain a
better performance in a tailings management, such as the

Soils and Rocks, São Paulo, 35(2): 141-151, May-August, 2012.

sub-aerial, Oliveira-Filho & Lima (2006) suggest that the
waiting cycle should be gradually increased.
2.3. Back analysis
Man-made fine tailings deposit characteristics and
behavior depend on a series of factors, including disposal
technique, filling history, material properties, climate, and
foundation conditions. All these aspects yield changes in
the slime initial consistency, according to the physical phenomena of consolidation and desiccation. The slime consistency modifications often lead to a gradual densification
and strength development in the deposit. These changes can
be monitored during deposit formation (operational life)
(Konrad & Acad., 1997; Silva, 2003). Or, when the deposit

Figure 3 - Sequence of two sub-aerial modeling scheme cycles
(nominal and simulation heights), where vertical bars delimit
physical processes (Adapted from Oliveira-Filho & Lima, 2006).

Figure 4 - Sub-aerial modeling results: void ratio profiles at the
end of two subsequent filling or waiting cycles (Adapted from
Oliveira-Filho & Lima, 2006).
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The case explores the engineering judgment to understand
the result of a two-year impoundment operation, in order to
safely design future temporary and permanent structures on
that kind of support (deposit seen as a foundation). In addition, this study provides vital information for mass balance
prognoses, supposing that the operation in that deposit
would not change. The case study was addressed by developing a suitable model for deposit formation (as explained
in item 2.2), combined with site investigations and laboratory tests, production history data, related document reviews, and information obtained from company’s staff.
3.1. Deposit history

Figure 5 - Void ratio profile at the end of the waiting cycle for an
eight-layer deposit (for clearness, filling cycles were omitted;
adapted from Oliveira-Filho & Lima, 2006).

is already built, the changes can be assessed by means of a
suitable model, combined with site investigations and laboratory tests, in an effort known as back analysis (Lima,
2006). In the first case, i.e., during impoundment operations, monitoring of the slimes can be done by extensive instrumentation programs and sampling. In case of back
analysis, experimental work that involves field and laboratory methods is required to determine the deposit stratigraphy and material geotechnical properties. This activity
commonly involves geotechnical logging, sampling and
also field and laboratory testing (Árabe, 1995; Schnaid,
2000; Oliveira, 2002; Massad, 2003; Spannenberg, 2003;
Bedeschi, 2004; Albuquerque Filho, 2004; Mondelli, 2004;
and Lima, 2006). Furthermore, in the case of back analysis,
history and document researches regarding the deposit play
an important role. These data provide information on discharge timeline, amount and kind of disposed material at
the site. Certainly, validation of the back analyses should be
sought by means of an objective function, which could include data such as actual deposit heights or/and void ratio
profiles. With comprehensive information about the deposit, material properties and modeling, the deposit formation can be properly back analyzed. Moreover, the back
analysis results could be used in a variety of projects, such
as reclamation of closed disposal areas and construction of
earthworks on these materials (Wels et al., 1999).

3. Case Study
The previous section sets the basis of a case study presented as follows, where the back analysis of an iron ore
slime deposit built by the sub-aerial method is examined.
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The slime deposit is located in the Germano dam impoundment that belongs to Samarco Mineração S.A., in the
Quadrilátero Ferrífero (Iron Quadrangle), in Mariana, Minas Gerais. From the iron ore processing plant, two kinds of
tailings were generated, a coarse (sandy) and a fine (slime).
The Germano tailings were disposed in a conventional way between 1976 and August/2003. Coarse tailings
were disposed from the crest of the main dam, forming a
beach. They also served as construction material (for raising dikes), after dewatering by gravitational drainage (upstream construction). On the other hand, the slimes were
launched from the impoundment upstream, far from the
dam crest, forming a sedimentation decant lake, without
compromising the safety of the containment structure.
From September/2003, with the increasing of mineral
production, and consequently of tailings, the company
started a desiccation project for the slime tailings (Pimenta
de Ávila Consultoria, 2001). This project aimed to create
economic and environmental benefits, such as volume optimization and shortening of the reclamation period.
The desiccation project devised a system of five
closed ponding areas (pads or bays). The slimes generated
by milling processes were discarded in the padding system
through a sole spigot and one structure at a time. This procedure guaranteed an intermittent filling of the slime material in the padding system, allowing drainage and surface
drying intervals (waiting stage). Among the padding areas,
padding area #4, (Bay 4) shown in Fig. 6, was selected for
this case study as the most representative of the sub-aerial
method (more regular filling and waiting cycles).
Formation of the deposit in padding area #4, using the
sub-aerial method, took place between October/2003 and
September/2005. However, the filling and waiting periods
started to be recorded only in April/2004 as shown in Fig. 7
(Samarco, 2005).
According to field records (Fig. 7), it is apparent that
there were no regular intervals of the filling and waiting
phases. For example, in December/2004 and July/2005, no
slimes were disposed in the pad area #4, whereas in
June/2004, slimes were disposed during the whole month.
Throughout the total period, field records indicated 210
days of filling and 333 days of resting.
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classification. Then, thirteen undisturbed samples collected
from the deposit at different depths at the crest location allowed a texture calibration of piezocone results for that tailing management (Lima, 2006).
Laboratory tests were performed at the geotechnical
laboratory of the Viçosa Federal University (Viçosa, 2006)
with those thirteen undisturbed samples collected at the
crest location (dike). This testing program was intended to
obtain basic characterization of the material that underlies
the dike. These characterization tests included construction
material of the dike, dike material contaminated by the deposit material and, at depth, the deposit material itself.
3.2.2. SPT tests
Figure 6 - Padding area #4 in Germano Impoundment.

Figure 7 - Filling curve according to dredger records (April 2004
to September 2005).

3.2. Deposit stratigraphy

SPT tests were performed by a local contractor, following the ABNT standards (Regulations: NBR 6484/2001
and NBR 7250/1982). Figure 8 shows the position of two
SPT tests in a schematic cross section, one at the center of
the impoundment and the other at the dike (crest).
The profile at the center of the impoundment presents
low SPT indices (NSPT) from surface down to 10 m depth
(ranging from 0 to 4). These numbers indicate the existence
of materials with low to medium shear strength. In general,
clayey and silty soils with NSPT lower than 5 are soft and
compressible (Schnaid, 2000). Similar values are also typical of loose sands and sandy silts. These results can be extrapolated to the whole deposit layer assuming horizontal
homogeneity of the deposited material. This hypothesis is
possible since the material was disposed by hydraulic
means, with relatively high solid content, and therefore
with no possibility of segregation (Vick, 1983).
On the other hand, higher NSPT values were observed
in the first meters of the dike profile. These results can be
explained by the presence of compacted sandy tailings used
in the dike construction. The presence of this type of material at the site and the information that the end dump
method was used for dike construction suggest that the dike
stratigraphy consists of near surface material with high
shear strength, probably the compacted sand tailings, then

3.2.1. Investigation program
The investigation program for establishing the deposit stratigraphy consisted of field and laboratory activities. Field investigation took place in the vicinity of the
padding area center (El. 905.00 m), and at the crest of the
northeast containment wall (El. 907.50 m). Figure 6 shows
the approximate investigation locations, represented by
black dots.
Field exploration consisted of standard penetration
tests (SPT), piezocone tests (CPTU) and undisturbed sampling, performed in phases, and in this order. Two SPT tests
were performed for the preliminary evaluation of the deposit stratigraphy. In addition, two piezocone tests provided a better definition of the deposit stratigraphy and
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Figure 8 - Position of SPT tests in a schematic cross section, one
at the central area and the other at the dike crest (numbers in boxes
are NSPT).
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no-compacted sandy tailings that sunk displacing the deposit material and eventually mixing with it, and finally the
deposit material.
In the two soundings, sampling was unsuccessful at
several depths, mainly under the water table. Few samples
collected through the SPT sampler allowed strata description as sandy or clayey silt material, deposited in thin layers
(centimeter to decimeter thicknesses) as shown in Fig. 9.
3.2.3. Piezocone tests
The piezocone tests were performed, one at the center
of the impoundment area and the other at the dike location.
Piezocone testing followed MB 3406 (Soil – in situ Piezocone penetration) and ASTM 3441 (Standard test method
for deep, quasi-static, cone and friction-cone penetration
test of soil). Pore water pressure measurements were performed using a porous element made of bronze, positioned
at the cone base (u2 position).
The cone test results corresponding to the dike location served as basis for texture calibration of the material
deposited at the padding area #4. Lima (2006) interpreted
these CPTU results using well-known classification charts
(Robertson & Campanella, 1983; Senneset et al., 1989;
Robertson, 1991). Lima (2006) compared these results with
the basic characterization of the samples collected using
Shelby samplers at the dike location. Then, Lima (2006)
concluded that the better agreement was obtained using the
classification by Senneset et al. (1989). This classification
relates pore pressure coefficient, Bq, (Eq. 3) with corrected
tip stress, qT. In equation 3, u2 represents the pore water
pressure measured at the cone shoulder, u0 the hydrostatic
pressure and svo the in situ total vertical stress.
Bq =

u2 = u0
q T - sV 0

(3)

Figure 9 - SPT sampler with material collected in the soundings:
top – clayey silt, middle – clayey and sandy silt in sequence, bottom – sandy silt.

CPTU results at the center of the impoundment are
shown in Fig. 10. The profile shows, in general, a soil with
low values of corrected tip stress (qT) and excess of dynamic pore water pressure (u2). The presence of excess of
dynamic pore water pressure is normally related to deposits
with mainly fine texture and low hydraulic conductivity
(Schnaid, 2000). The existence of these strata within the deposit can also be identified through pore water pressure coefficient (Bq) also shown in Fig. 10.
The interpreted stratigraphy of the deposit according
to Senneset et al. (1989) is presented in Fig. 11. The inter-

Figure 10 - Piezocone data.
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Figure 11 - Deposit stratigraphy interpreted from CPTU data according to Senneset et al. (1989).

preted deposit profile is heterogeneous, with uniform strata
ranging from sand to soft clays, and layer thicknesses ranging from centimeters to decimeters. Below elevation 897 m
there is a significant change in the stratigraphy, which may
correspond to the top of the deposit soil foundation. According to the impoundment records, the deposit foundation also consisted of tailing material from previous tailing
management in the Germano reservoir (see item 3.1). From
this analysis it was concluded that the deposit depth at the
center of the impoundment was approximately 8.0 m.

into the desiccation pads (item 3.1). Figure 12 shows a
schematic diagram of the dredger operation, which typically started at slime level and continued in depth, finding
different strata in a vertical profile. When moving the
dredger, the operation was repeated, and a similar layering
sequence was found. The dredged material was pumped

4. Discussion of the Deposit Formation
4.1. Qualitative model
As it appears in Fig. 11, material heterogeneity in the
deposit is significant, showing that disposed materials were
not only clayey silt slimes, as it was supposed in previous
works (Pimenta de Avila Consultoria, 2001; Silva, 2003;
Almeida, 2004). The texture sequence of the deposit materials reflects a typical pattern of hydraulic deposition and a
particular mode of management. In that respect, the gradual
change in the material texture ranging from sand to clay is
apparent.
Regarding tailings management, data history indicate
that the tailings deposit in padding area #4 originated from
dredging operations on a decant pond also in the Germano
impoundment. This decant pond served as residence for
slimes (to increase solid content) before their relocation
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Figure 12 - Dredging operation scheme.
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and disposed in the padding structures and the resultant
profile had a reversed sequence of the one existing in the
residence (decant) lake.
A good example of the above discussion is the profile
shown in Fig. 11, between elevations 900.00 m and 899.00
m. In this profile the gradual change of material texture
from sand to clay in two contiguous sequences is apparent.
4.2. Numerical model
4.2.1. Input and premises
Back analysis of the deposit formation was simulated
using the CONDES software and the disposal scheme as
explained in item 2.2 (modeling construction of homogeneous, clayey deposits built using the sub-aerial method)
with all its premises and simplifications (e.g. no cracking
formation). For numerical modeling purpose, it was decided not to use the actual filling curve (Fig. 7), but an averaged one with regular intervals of filling and waiting phases
and the same final height of solids (Hs = 3.00 m) or total filling time (276 days). This modeling decision was made in
order to simplify the model supposing that it should not affect the analysis. Thus, 23 time intervals of filling and waiting phases of 12 and 18 days, respectively, were adopted.
The whole operation lasted 690 days. This last number was
established according to the site records (Samarco, 2005)
and personal inquiries with Samarco’s staff (the extrapolation for the first days without records).
Concerning the deposit material, it was assumed to be
homogenous at first approximation, despite this assumption was not supported by the deposit stratigraphy based on
field investigations (Fig. 11). The reason for that is the inability of CONDES to model heterogeneous medium and
also because similar constitutive relationships (especially
compressibility) for all fine tailings which form that depositor an averaged response are expected. Thus, compressibility and permeability relationships for consolidation and
desiccation analyses were the same as those obtained by
Silva (2003) and Almeida (2004) and presented in Table 2.
These authors performed experiments with slimes provided
Table 2 - Input data for analyses.
Input Data
-1

Constitutive properties

3

A (kPa )

2.5438

B

-0.1920

C (m/day)

9.45 x 10-5

D

4.2370

Z (kPa)

0.0495

Unit weight of water (kN/m )

9.81

Specific gravity of solids

3.89

Minimum void ratio

1.05

Evaporation rate (m/day)

0.002
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by Samarco, the former, a field test, and the latter, a series
of hydraulic consolidation tests (HCT). Those experiments
gave them confidence on the material properties. For this
reason it is assumed that these material properties are adequate for the case study presented in this paper.
4.2.2. Analysis results
Modeling results are shown in Figs. 13 and 14 in
terms of deposit height versus time and void ratio profile at
different times, respectively. Figure 14 shows that the simulated final height of the deposit (Hf) reached 8.16 m after
690 days, which is very close to the measured height in the
field (8,0 m, item 3.2.3). This fact can be used to validate
the analyses.
Also in Fig. 13, the results show that settlements due
to consolidation and desiccation during a cycle were gradually larger. On the contrary, the settlement rates show
smaller values as time progresses. This demonstrates that as
new layers are superposed, they cause additional settlements (consolidation) in the lower ones due to self-weight.
On the other hand, the inferior layers become stiffer (lower
void ratio), decreasing settlement rate as cycles succeed.
Focusing on the desiccation process, which is supposed to happen during the waiting period, the analyses
show in Fig. 14 that this phenomenon occurs increasingly
late as more layers are added to the deposit. Furthermore, in
this case, its occurrence could be questioned from the 2nd
cycle on, as there is no void ratio reduction on top of the
profile during the waiting period, except in the first cycle.
The modeling procedure mentioned before was adequate to make an estimate of the deposit height close to the
actual stratified system, despite it has been assumed a homogeneous profile (clayey silt material). This can be explained by probably similar compressibility relationships
of the different textures found in the deposit profile. Another aspect that might have contributed to the quality of
the back analysis modeling is the fact that flow process of
consolidation dominates the whole period of the deposit
formation (no desiccation). This validates the hypothesis of
averaging the filling curve. Still regarding consolidation,
the time to complete the self-weight consolidation of each
layer was enough during the filling and waiting stages. It
does not matter if the material was sandy or clayey silt.
4.2.3. Other considerations about slime management and
design
The foregoing results of slime management (subaerial model and actual data) could be compared with other
potential management strategies. In case of a conventional
disposal scheme, i.e. continuous disposal during 276 days,
and considering consolidation as the only physical process,
using the same filling rate (0,06 m/day) and height of solids, CONDES analyses would result in a final deposit
height of 8.20 m after 690 days as shown in Fig. 15. It is
practically the same height measured in the field or the one
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Figure 13 - Deposit height modeling (23 cycles).

obtained in the sub-aerial model analysis. The only drawback in the conventional disposal option would be the requirement of a higher containment structure during the
filling operation, because the maximum deposit height
would reach 10.22 m. One way to overcome this disadvantage would be to slow down the filling rate (e.g. a filling
rate that would cover the whole period of 690 days
(0.024 m/day). In this case, after 690 days, the deposit
height would be 8.22 m, almost the same value obtained
above. Figure 15 also shows deposit heights obtained following this second disposal scheme.

Figure 14 - Void ratio profile progress in the deposit (for clearness, cycles from 3rd through 22nd were omitted).

Soils and Rocks, São Paulo, 35(2): 141-151, May-August, 2012.

Another scheme would be to perform the sub-aerial
disposal in such a way that thin layers were desiccated to
their limit (shrinkage limit), before the placement of new
fresh slimes. In this case, a simple model of one-dimensional shrinkage would result in a final deposit height of
6.15 m. For this evaluation, the following Eq. 4 is used,

Figure 15 - Conventional disposal models.
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where emin corresponds to the void ratio at the shrinkage
limit, Hs the height of solids and Hf the final height.
Hf = Hs (1 + emin)

(4)

The final height obtained with this desiccation
scheme would result in a deposit height even lower than the
long term value of the conventional model (7.00 m) shown
in Fig. 15. However, this scheme would probably require a
period of time longer than the 690 days considered in this
analysis (Oliveira-Filho & Lima, 2006).
4.2.4. Final discussion of the deposit modeling
Figure 16 shows a comparison of all results obtained
by modeling and the actual deposit height. It is apparent
that in the desiccation case, the slime management efficiency would be the maximum, although at a high cost of a
longer waiting time (not shown). It is also interesting to
note in this study, that the sub-aerial management scheme
(actual or modeled with average cycles of filling and waiting) did not result in more efficiency as far as the storage
capacity than the conventional disposal method (scheme A
or B in Fig. 15).

5. Summary and Conclusions
The ability to understand formation of fine mining
tailing deposits is demonstrated with a case study from experimental investigation and numerical analyses. A twoyear iron ore slime impoundment built by the sub-aerial
method is back analyzed. The analyses were based on a
suitable model combined with site investigations and laboratory testing to determine deposit stratigraphy and material geotechnical properties. Field investigation data show
that the slime deposit was not homogenous, but composed
of stratified layers of tailings, ranging from loose sands to
silty clays. Considering a deposit formed only by silt clay
slimes, a numerical model was developed with the
CONDES computer program (large strain consolidation

Figure 16 - Comparison of final deposit height according to different disposal strategies.
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and desiccation analysis software) using available material
functions and slime management data. The analyses resulted in a deposit final height of 8.16 m, which is close to
the actual height measured in the field. The result was used
to validate the model. The analyses suggested that the desiccation process inherent to the sub-aerial method had a
minimal effect or did not even occur. This fact indicates
that sub-aerial strategy was not successful in this project
and that the same results might have been achieved using a
conventional disposal management. Other potential disposal schemes were also evaluated and comparisons made.
It is suggested that this case study serve as a model for back
analyses of other fine tailing deposits, in which consolidation and desiccation are the major processes involved.
Finally, the role of proper site investigation to fulfill the
study goal is recognized, especially with a series of piezocone tests to establish the deposit stratigraphy.
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In-Situ Tests and Numerical Simulation about the Effect
of Annulus Thickness on the Resin Mixture
for Fully Grouted Resin Bolt
A. Zingano, S. Peng, J. Koppe, J.F. Costa
Abstract. The main purpose of this paper is to study the effect of annulus thickness on the quality of resin mixture for fully
grouted resin bolt. Pullout and mixture tests were made in underground coal mines for the following arrangements: (a) 29
mm borehole diameter, and 19 mm roof bolt diameter with steel wire around the roof bolt; (b) 29 mm borehole diameter,
and 19 mm roof bolt diameter with no wire around the roof bolt; and (c) 24 mm borehole diameter, and 19 mm roof bolt
diameter with no wire around the roof bolt. The mixture test in steel pipe showed that the best resin mixture is for the 24 mm
borehole diameter. The arrangement (b) produced big voids around the bolt. But for the 24 mm hole, arrangement (c), the
mixture showed the best results. This was corroborated with the pullout tests results where there was a difference in grout
stiffness: in the 24 mm borehole diameter is was about 10 times higher than in the 29 mm borehole diameter. On the other
hand, as far as the cohesive strength is concerned, the difference is not significant. Numerical models were built to simulate
the pullout tests, and also to simulate the roof support at an intersection. Convergence at two underground intersections,
consisting of an immediate roof with laminated sandstone, was monitored to evaluate the performance of the roof supports,
using the 29 and 24 mm diameter boreholes (i.e. arrangements ‘a’ and ‘b’). The readings showed that the 24 mm borehole
diameter resulted in a slightly smaller convergence.
Keywords: glove finger, roof support, numerical modeling, coal underground mining,

1. Introduction
Roof support designs require information about the
thickness and quality of each roof rock layer, the entry dimensions, and the properties of the bolt and resin.
In terms of bolt anchor, there are two types of roof
support in underground coal mining,: (i) point anchor bolt,
and (ii) fully grouted bolt. The point anchor bolt works as a
support for the weak strata, which is anchored on the immediate strong layer above, and a pre-tension might be applied
to push the weak layers against the strong layer to close separations. On the other hand, the function of the fully
grouted roof bolt is to reinforce the roof by building a
strong beam within the bolted area. In the beam building
concept, the immediate roof is reinforced by restraining the
vertical displacements of roof layers using the fully grouted
roof bolts (Peng, 2008).
In a fully grouted roof bolt, the void space between
the bolt and the wall of the borehole must be completely
filled by grout to obtain the maximum performance of the
bolt/grout/rock reinforcement system.
The anchorage mechanism of a fully grouted roof bolt
is the cohesive and shear resistance at the interface between
the grout and host rock. When this contact is weak, the roof
bolt can debond and result in premature failure.

One of the causes for the weakening of the contact
shear resistance is called “the gloving or glove fingering”
(Peng, 2007; Pastars & MacGregor, 2005; Zingano et al.,
2007). It primarily occurs due to operational problems,
when the plastic film of the grout cartridge is not completely shred by the rotation of the bolt during installation.
It can also occur if there is over drilling.
In addition, the gloving effect can be caused by mixture problems due to a large annulus thickness, between the
rock bolt and borehole wall. If this space is too big, the
grout mixture wouldnt be as effective because the bolt cannot provide a good mixture for such a large amount of resin.
The main result of the gloving effect is the reduced
contact area between the grout and host rock, or between
the grout and bolt. This reduces the strength of the contacts
which reflects on the stiffness or cohesive strength of the
grout/rock or grout/bolt interfaces.
Operational problems like over drilling can be solved
by training the roof bolter crew and ensuring that the right
equipment is used. However, one question remains: What
is the maximum (or minimum) thickness of the space between the bolt and borehole wall to get the best grout mixture?
There are some alternative solutions to increase the
efficiency of the grout mixture, which are: (i) to put a steel
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wire around the bolt; (ii) make some corrugations on the
bolt; (iii) modify the bolt head so that the rotation of the bolt
is not centered to enhance mixing, and (iv) to reduce the annulus thickness between the bolt and borehole wall.
The coal mine, which one is mining the Barro Branco
(white mud) seam, the immediate roof is a laminated sandstone layer with a 3 m thickness in average, and above are
found a siltstone and a massive sandstone layers more than
10 m thick. The floor is massive sandstone, too. The coal
seam is 1.8 m thick on average (Fig. 1).
The usual roof support for intersections is built by
2.2 m long fully grouted roof bolt with 19 mm diameter,
and the borehole diameter is 29 mm. The bolt spacing is 1 m
at intersections. The roof bolt in the entries and crosscuts is
1.5 m long, and 1.2 m row spacing.
There are some installation problems for the long roof
bolt in an entry (or intersection) 1.8 m height. The bolt has
to be installed in two parts that are connected using a coupled connection. This connection has a diameter of 25 mm,
and needs drilling at the larger borehole diameter. It causes
slower bolt installation and lower advance rates of the mining face. A steel wire is put around the roof bolt to increase
the grout mixture efficiency.
The problems described above were the motivation
for this study, which goal is to increase the beam building
efficiency by enhancing the resin mixture. The investigation also examined the possibility of reducing the bolt
length so it could be installed without using coupled bolts
The purpose of this paper is to study the correlation of
the grout properties (grout stiffness and strength) related to
the annulus thickness between the bolt and the borehole
wall.
The methodologies applied to reach this purpose are:
• Test the mixture efficiency of the grout for different
borehole diameters and bolt specifications;

• Conduct pullout tests with the same specifications from
the mixture tests, and determine the grout properties
(stiffness and cohesive strength);
• Construct numerical models to simulate the pullout tests
using the grout properties;
• Design roof supports for intersections in a room-andpillar underground coal mining, considering the new
specifications for borehole and roof bolt;
• Monitor the convergence at the center of the intersection
for the new roof support design, and compare it to the
convergence of the actual roof support applied;
• Construct and calibrate numerical models for the new
and actual roof supports.

2. Grout Mixture Test
The main goal of these tests is to check the mixture
quality of the grout for different borehole diameter and bolt
specifications. Table 1 shows the specifications for each
mixture test.
The tests were conducted in steel pipes with the same
internal diameters specified in Table 1, and the same diameters used in underground applications. Three tests were
conducted, one for each specification below. The steel
pipes were placed vertically to simulate actual bolt installations and the top end was closed to simulate the back of the
borehole.
The roof bolt was a dowel GG50 from Gerdau Steel
Co., with grooving around the bolt to facilitate the mixture
of the resin in the hole (or steel pipe).
The grout is formulated by the company itself in a
small grout cartridge manufacture facility. A cross-section
of the resin cartridge is shown in Fig. 2a. The amount of required resin was calculated and placed in the pipe to guarantee that voids were caused only by mixture problems. It
was observed that a small amount of resin return from the
pipe occurred during mixture operation in the 29 mm diameter pipe, which is normal.
After three hours curing time, the pipes were cut and
opened to examine the quality of the grout mixture. Figure
2b shows the results of the grout mixture tests for the three
specifications (Table 1).
It can be clearly observed that the best grout mixture
was in the 24 mm (0.94 in.) diameter pipe. There are no
Table 1 - Borehole and roof bolt specifications for grout mixture
tests.
Borehole diameter Bolt diameter Difference*
(mm)
(mm)
(mm)

Figure 1 - Geology for Barro Branco Seam at MEL Mine.
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Steel wire

29

19

5.0

Yes

29

19

5.0

No

24

19

2.5

No

*The difference refers to the distance between bolt and borehole
wall.
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void spaces, and the gray color, which indicates complete
mixing of the resin, is more uniform than in the others two
tests (29 mm diameter pipe). On the other hand, the tests
with the 29 mm diameter pipe contained large voids, and
the color was not uniform. The results indicate that the mixture is better for the test bolt with steel wire than the bolt
without steel wire.
Therefore, the space between bolt and borehole wall
can have a large influence on the efficiency of the grout
mixture and the elimination of gloving effects. In this case,
the 2.5 mm difference (between bolt and hole wall) was
deemed appropriate to obtain a good grout mixture.
The next step is to verify the quality of the contact
resin/rock in terms of grout properties using pullout tests,
which can be used to calculate the grout stiffness and grout
cohesion strength at interface resin/rock.

3. Bolt Pullout Test
The intent of the bolt pullout test is to determine the
mechanical parameters of the grout (grout stiffness and
grout strength cohesion). The pullout tests were conducted
underground in the immediate roof, using the same bolt and
borehole specifications described in Table 1, but the bolt
length is reduced to 30 cm (1 ft). Figure 3 shows the apparatus for the pullout test.
Figure 2 - (a) picture of the cross-section of a resin cartridge, and
(b) results for grout mixture tests.

The chart in Fig. 4 shows the pullout tests results for
each borehole and bolt specification. In the pullout test, the
grout stiffness is the inclination of the force/displacement

Figure 3 - Apparatus for pullout test.
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Figure 4 - Force/displacement for pullout tests.

curve (the unit is N/m/m), and the cohesive strength is the
maximum force read in the test (the unit is N/m).
The grout stiffness for the test in a 24 mm borehole diameter is higher than the tests in a 29 mm borehole diameter, regardless of whether a steel wire is installed around the
bolt or not. It is also possible to see that the grout stiffness is
quite similar for the bolts with and with no steel wire
around the bolt in a 29 mm diameter borehole. However,
the cohesive strength is twice as much for bolts with steel
wire around them. Table 2 shows the pullout tests results.
Numerical models were developed to simulate the
pullout tests that were made in the field. The bolt and borehole specifications were considered in these models, and
the models were also adjusted to grout stiffness and cohesive strength determined from the field tests. The numerical
models were built using FLAC-2D version 5.0 of Itasca
Inc., in which the models geometry is a rock block (laminated sandstone), and the rock bolt with the same specifications detailed in Table 1.

The results of the models suited the field tests very
well, confirming the mechanical parameters of the grout for
each test. Figure 5 shows the charts that compare the numerical models on pullout test simulations with the pullout
tests made in the field.
The results from the numerical simulations were applied to the roof support numerical models at the entries intersection.

4. Roof Support Design
One of the challenges to underground coal mining is
the roof support design for the entries intersections. The intersection dimensions (diagonals) are difficult to control
due to the lack of mining operator control and pillar corners
sloughed due to stress concentration. In this case, the diagonal dimensions can vary from 9 to 11 meters, instead of
8.6 m.
The roof support for the intersections consists of
2.2 m long roof bolts, while the entry height is about 1.8 m.

Table 2 - Results of the pullout tests.
Borehole diameter (mm)
29

Bolt diameter
(mm)

Diff.*
(mm)

Steel wire

Grout Stiffness
(N/m/m)

Cohesive Stiffness
(N/m)

19

5.0

Yes

3.95x106

3.2x10

4

1.6x10

4

29

19

5.0

No

3.60x10

6

24

19

2.5

No

6.78x10

6

2.5x10

4

24

19

2.5

No

2.37x10

7

3.1x10

4

*The difference refers to the distance between bolt and borehole wall.
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Figure 5 - Results of the numerical simulation for pullout tests compared to the field tests. (a) Borehole 29 mm and bolt with steel wire;
(b) Borehole 29 mm and bolt with no steel wire; (c) and (d) Borehole 24 mm and bolt with no steel wire.

Bolt lengths longer than entry heights make roof bolt installation very difficult and impacts productivity negatively.
Therefore, the challenge is to determine if a roof bolt length
less than 1.8 m would provide adequate and safe support.
The new support design was taken into account using
the empirical methods proposed to Unal (1983) and Bieniawski (1989), where the length of the roof bolt is calculated based on the load height in the immediate roof. For

intersection roof support the diagonal dimensions must also
be considered.
Considering the RMR (rock mass rating) for laminated sandstone (Table 3), and the maximum diagonal dimension (11 m), the support spacing was determined for
roof bolts with 19 mm diameter and 1.8 m long. For this
roof bolt dimension, the bolt spacing was estimated at
0.85m in the diagonal direction, which resulted in a safety

Table 3 - Material properties.
Rock

RMR

Young’s Modulus
(Pa)

Poisson’s ratio

Internal friction
angle (degree)

Cohesion (Pa)

Laminated sandstone

65

2.99E+10

0.17

35

8.00E+06

Massive sandstone

80

2.99E+10

0.17

20

5.00E+06

Siltstone

50

9.90E+09

0.25

15

1.80E+06

Coal

55

4.00E+09

0.25

15

1.40E+06
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Figure 6 - New roof support design for intersection, considering 1.8 m long roof bolt for diagonal (a) 9 m, and (b) 11 m.

factor of 1.7. Considering the grout mixture and pullout
tests, the borehole was designed for a 24 mm diameter. Figure 6 shows the configurations of roof support design for
intersection diagonals of 9 and 11 m.
A monitored intersection test was established with instruments to evaluate the roof convergence with the intention of determining whether the new roof support design
would eliminate separation above the roof bolt support horizon. For comparison purposes , another intersection was
instrumented and evaluated, which utilized the traditional
support systems so the convergence between two roof support designs could be compared.
Figure 7 shows the readings of the convergence at the
center of the intersection for the two monitored intersections, which the anchor depths in the roof of the instruments
are 1.5 m (5 ft), 3.0 m (9.8 ft), and 4.5 m (14.7 ft). The
charts shows that both intersections reached equilibrium,
and there werent any problems with roof stability.
It can be observed that the extensometer anchor 4.5 m
above the roof has more convergence than the other two extensometers for both roof support designs. This happens because the extensometers are anchored in the siltstone layer
(Fig. 1). The two anchor depths (1.5 and 3.0 m) are in the
laminated sandstone layer.
The charts show different roof convergences, in
which the current roof support gets less convergence than
the new roof support design, and it also reached equilibrium in shorter time. There are two hypotheses for this behavior: (i) the beam built by the used roof support is
stronger than the new one because the roof bolt is longer
(2.2 m), or (ii) the time elapsed between the intersections
excavation date and the beginning of monitoring were different for both.
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Figure 7 - Roof convergence for (a) new roof support design, and
(b) old roof support design.
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Numerical models were built to check which of these
hypotheses is more reasonable. These models were 3-D
models of an entry intersection.
These models were built using the design geometries
of the entries and intersections, which were 6 m wide and
1.8 m high. The geology and material properties are based
on Fig. 1 and Table 3, respectively. The initial stress field
considered that the horizontal and vertical stresses are the
main stresses with a stress rate of one, and the depth of the
coal seam is 150 m.
Table 4 shows the vertical displacement of the immediate roof, and 1.5 m (5 ft) into the roof, which is the same
depth of the extensometer anchors of the monitored intersections. Figure 9 shows the vertical roof displacements for
the roof with no installed support.
The vertical displacements at the immediate roof at
the intersections center are 6.42 mm (0.25 in.) and 6.80 mm
(0.27 in.) for new and traditional roof support, respectively.
The new roof support design had less vertical displacement
than the traditional roof support, but the difference is minimal. Therefore, the difference that was observed in the field
monitoring was most likely caused by the second hypothesis; the time differences between the installed instrumentation and subsequent development.
It must be emphasized that the difference between the
in-situ monitoring and numerical modeling convergence
happens because the in-situ convergence measuring does
not suffer the deformation and the roof sagging right after
the excavation of the intersection.
Table 5 shows the maximum stress that the grout and
bolt are subjected to for the three roof support specifications (Table 1). The larger grout stress is observed when the
resin annulus is smaller, as expected.
The grout stress for the 1.8 m (6 ft) long bolt is almost
double than that of the 2.2 m (7 ft) long bolt, because the

amount of bolt for 1.8 m (6 ft) bolt is less than for the 2.2 m
(7 ft) bolts, and the annulus thickness of grout is also
smaller (2.5 mm vs. 5 mm). Also, the bolt stress is much
higher than in the 2.2 m bolts. However, no yield was observed in any of the examined bolts.

5. Conclusions
The objective of this work was to verify the influence
of the annulus thickness between the bolt and borehole wall
on the grout mixture and the effect of gloving; and also its
influence on the grout properties and roof support quality.
The grout mixture and pullout tests showed that a
smaller annulus thickness provided a better grout mixture
and no gloving effects were observed. In this case study a
2.5 mm annulus thickness appeared to be enough to eliminate any adverse effects of gloving.
Operations staff should be warned that bolt installations can be adversely impacted by over drilling or when
continuing to rotate the drilling steel after the adequate
length has been achieved.
Therefore, the roof support efficiency in underground
coal mining must take into account the quality of roof bolting installation operations, and also the quality of grout
mixture.
Simple tests, like grout mixture and pullout tests can
provide important information for roof support design and
roof bolting operation installation controls.
The mining company is changing to the new roof support design, which will increase the bolting operation productivity, even with the number of additional bolts required
in the intersections In the same way, the cost of the roof
bolting operation will be reduced due to reductions in bolt
borehole and bolt lengths and reduced resin usage. Additional savings will be achieved by eliminating the steel wire
and the additional manufacturing required for coupled
bolts.

Table 4 - Vertical roof displacement for the three roof support specifications.
Borehole and Bolt diameter (mm)
29-19

Bolt length (m)

Immediate roof (mm) 1.5 m in the roof (mm)

2.2

6.79

4.91

29-19 wired

2.2

6.80

4.91

24-19

1.8

6.42

4.89

-

6.82

4.91

No Bolt

Table 5 - Grout stress and bolt stress for the three roof support specifications.
Borehole and Bolt diameter (mm)

Bolt length (m)

Max. Grout stress (Pa) Max. Bolt stress (Pa)
5

6.09x10

6

5

7.52x10

6

5

2.22x10

7

29-19

2.2

1.72x10

29-19 wired

2.2

2.13x10

24-19

1.8

4.06x10
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Using DMT to Determine Overconsolidation Ratio (OCR)
in Compacted Fills
A.C.G. Queiroz, J.C. Carvalho, R.C. Guimarães
Abstract. Quality of compacted fills is essential to the proper functioning of a structure as a whole. Currently, quality
control is achieved by testing to determine the deviation of moisture content of recently compacted soil in relation to
optimum moisture and degree of compaction reached. Based on the results, deformability, permeability and strength
related characteristics are inferred. However, data obtained by using this technique do not always reflect actual behavior of
soil, and are only applicable during the construction phase. More elaborate field tests are generally used only when
problems are detected at completed landfills, but such tests may also be of great value during execution, since they provide
soil geotechnical parameters, thus enabling control based on behavior rather than just physical properties. This study
examined the application of correlations developed by several authors for estimating OCR by DMT in compacted fills. The
results showed that dilatometer testing (DMT) is a potential tool for control of compaction and should be further studied,
particularly in relation to the effects of suction on DMT results.
Keywords: DMT, compacted fills, OCR, suction, correlations, control of compaction.

1. Introduction
In earth dams and road works the quality of compaction of fills is essential for proper performance. In most
cases, technological control of compaction is carried out
layer by layer, based on moisture and degree of compaction. However, this technique is only applicable during
construction and the data obtained do not always reflect soil
behavior.
When problems are detected in finished landfills, or
those still under construction, but quite high, possible
causes may be investigated by bore holes, bell holes or field
trials. Although rarely used, these tests may also be useful
during construction in order to have compaction control
based on the material’s behavior. However, few reports
cover in-situ investigation of the behavior of compacted
fills for validating correlations between results from these
tests and geotechnical parameters obtained in laboratories.
Of the field testing methods, DMT may be a good option for examining the behavior of landfills since it is relatively simple to do and provides estimates for soil geomechanical parameters used to predict the behavior of fills
such as earth dams.
The parameter selected for this study was the overconsolidation ratio (OCR), based on the belief that it can
represent the behavior of compacted soil, while also being
directly related to compaction control parameters. Furthermore, in earthworks such as fills used for dams or highway
embankments, an important feature is the soil’s elastic re-

gime, hence the importance of estimating OCR in these
cases.

2. Uses of DMT For Estimating
Overconsolidation Ratio (OCR)
The ratio between maximum effective vertical stress
experienced by the soil and the current effective vertical
stress is called the preconsolidation ratio (PCR) or overconsolidation ratio (OCR). In the case of compacted soils
this is obviously a pseudo preconsolidation ratio, since it reflects only the effects of compaction rather than the effect
of actual consolidation as such.
Marchetti (1980) observed a certain similarity between the profiles of horizontal strain index KD and OCR.
Based on data from a non-cemented clay, he proposed
Eq. 1, valid for soils in which 0.2 < ID < 2, and ID is material
index.
OCR = ( 0.5K D ) 1. 56

(1)

Marchetti & Crapps (1981) reviewed the original approach to develop Eqs. 2, 3 and 4.
ID < 1.2 OCR = ( 0.5K D ) 1. 56

(2)

ID > 2.0 OCR = ( 0.67K D ) 1. 91

(3)

1,2 < ID < 2.0

OCR = (mK D ) n

(4)

where
m = 0.5 + 017
. P

(5)
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n = 156
. + 0.35P

(6)

I D -1.2
0.8

(7)

OCR = 0.3K 1D.17 for S u / s¢v 0 £ 0.8 (young clays) (9)

the filter paper technique. Figure 1 shows plant location of
the tests.
This clayish fill was made up from homogeneous residual soils that were plastic (liquid limit over 40%, clay
fraction over 20% by weight, obtained with the use of dispersant), not very active, and showed low permeability
(k < 10-8 m/s) when compacted. Compaction was executed
with energy equivalent to Normal Proctor.
The methodology used for laboratory testing followed specifications set by the Brazilian Technical Standards Association (ABNT), the American Society for
Testing and Materials, and Furnas Soil Laboratory procedures. Our DMT procedure followed the Flat Dilatometer
Manual and ASTM D 6635 recommendations.

OCR = 2.7K 1D.17 for S u / s¢v 0 > 0.8 (aged clays) (10)

4. Estimated Overconsolidation Ratio (OCR)

P=

Eq. 8 is a suggestion from Lacasse & Lunne (1988) to
estimate OCR, and is valid for OCR >1.25.
OCR = 0.225K Dm

(8)

where m = 1.35-1.67, lower value corresponds to high- and
higher to low-plasticity soils.
Lunne et al.(1989) posed OCR estimates considering
age of clay (Eqs. 9 and 10).

It is noteworthy that the proposals outlined above for
determining the OCR were originally created to be applied
to clay soils. However, this study used due to the lack of
equations for the compacted soils, thereby aiming to evaluate if these adequariam well or need adjustment.

3. Materials and Methods
To conduct the study was selected an area on the left
shoulder of the João Leite dam in the municipality of
Goiânia (GO), approximately 6.5 km from the state capital.
The extensive experimental campaign involved three
DMT-type boreholes and digging a pit for removal of deformed and undeformed samples in order to carry out several laboratory tests, such as consolidation, triaxial, and
determining the water retention characteristic curve using

OCR was calculated using correlations proposed by
Marchetti (1980), Marchetti & Crapps (1981), Lacasse &
Lunne (1988), Lunne et al. (1989) for young clays, and laboratory test results (consolidation and k0 type triaxial). Figure 2 and Table 1 show the findings.
A review of the OCR values obtained with the correlations suggested for dilatometer testing shows that they
overestimated this parameter. The equation developed by
Lunne et al. (1989) is the one that comes closest to laboratory findings, however, the latter were also higher than expected.
Obtaining this parameter in the laboratory consists of
just determining the pre-consolidation stress, and for this
study this was done using the compressibility curves of the
consolidation and KD triaxial testing type, since geoestatic

Figure 1 - Plant location of the tests.
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Figure 2 - OCR calculated from oedometric compression testing and DMT.

stress is just calculated. This calculation does not take into
account the effects of suction acting on the material and
may lead to significant errors in results. Another aspect to
be noted is preconsolidation as a result of compaction is affected by aspects such as roller weight, leg shape and size
or tire pressure, depending on the situation, and compaction
moisture.
Correlations proposed for OCR are based on the dilatometric ratio KD, which uses a calculated geostatic stress
value and excludes suction effects.

Table 1 - OCR calculated using method proposed by Marchetti &
Crapps (1981).
Depth (m)

Since both laboratory findings and values obtained
from correlation proved to be high, and neither took into account suction effects, an analysis including this parameter
was conducted to evaluate any effect it might have on results. However, this analysis was only applied to type k0
triaxial tests and the method proposed by Lunne et al.
(1989), due to their results being apparently providing a
better fit than expected.
Figure 3 shows characteristic curves to water retention related suction matrica a function of moisture obtained
for the studied soil.
For the results of the k0 test, the predetermined consolidation stress was maintained and suction added to geo-

OCR
DMT 2

DMT 4

DMT 5

0.2

14856.5

8671.0

5937.8

0.4

756.0

1026.3

598.9

0.6

322.2

250.3

1087.8

0.8

354.2

388.8

164.4

1.0

180.9

396.9

44.3

1.2

192.6

94.6

37.1

1.4

149.4

198.7

271.7

1.6

136.7

-

72.9
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static stress, so geostatic stress was then the sum of suction
stress and calculated geostatic stress. These suction values
were found as follows: with experimentally determined
moisture contents corresponding to the depth in question,
suction was obtained by reading on the appropriate characteristic curves.
For the results obtained using the method proposed
by Lunne et al. (1989) KD values were recalculated using
geostatic stress with suction effect. Having obtained these
values, new OCRs were determined, as shown in Fig. 4, together with the new laboratory OCRs.
The results obtained considering the suction effect on
geostatic stress and consequently on OCR, were substantially better than previous ones. However, the values found
up to 0.80 m depth show some scatter. This dispersion may
be due to unevenness in compression itself, since for the
compressed fill involved has really a pseudo OCR, i.e. a
state of pre-consolidation induced by compaction which
may vary slightly from point to point. The dispersion
shown may also be caused by variations in moisture and
therefore in suction across testing points. This hypothesis
was verified as described below.
An average of the OCR values obtained for the three
tests (DMT 2, 4 and 5) was calculated and the values found
were almost identical to those for DMT test 2 (Fig. 4). The
mean OCR results obtained were matched with the correlation of Lunne et al. (1989) for each point in the three tests,
and with known p0, effective vertical stress (s’vo) was deter-

mined. From this amount it was removed the portion of vertical stress due to own weight, thus leaving suction. The following is an outline of the verification:
OCR = OCR n = 0.3 × k

1.17
d

é
æ P
= ê0.3 × ç 0
ç s¢v
ê
è 0
ë

1.17

ö
÷
÷
ø

ù
ú \
(11)
ú
ûn

¢ +S
s¢v 0 = sVPP
where s’vpp = vertical stress due to own weight, or calculated vertical stress and S = suction.
Using the appropriate characteristic curves (representative of depth) and the suctions obtained, the corresponding moistures were found. Figure 5 shows moisture content
values determined directly in the laboratory and those
found via the characteristic curve, and also deviations between them.
Figure 5 shows that the moisture values found using
the characteristic curve are very close to the laboratory values, with a maximum deviation of 1.45%. This means that
OCR estimated by DMT does reflect the material’s properties. Note also that the results are more scattered in the
range up to 0.8 m depth, as are the OCR results, which confirms the initial hypothesis that OCR variation is mainly
due to moisture variations.
Since the moisture results obtained using characteristic curve were satisfactory, the same methodology was applied to obtain the degree of saturation, but this time using

Figure 4 - OCR values calculated with and without the effect of suction.
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Figure 5 - Moisture values obtained in the laboratory and those found using the characteristic curve, and deviations of moisture (in module)

the characteristic curves depending on the degree of saturation. The main aim of this procedure was to determine the
void ratio and therefore specific dry weight and degree of
compaction.
Knowing the degree of saturation, four different void
index profiles were determined for each test point, thus for
each profile using moisture values obtained in different
ways. The first used the moisture values found from characteristic curves (ecc), the second the average of the latter
(ecc average), the third laboratory values (ebellhole) and the fourth,
the average of the latter (ebellhole average). This artifice was used
in an attempt to find the values showing the best fit with
those calculated conventionally. Figure 6 shows the average of the results obtained.
Void ratios determined using the degree of saturation
obtained from the characteristic curve and those calculated
conventionally show a good fit down to 0.80 m depth, i.e. in
the range where the curve used corresponded to the level
altimetry 710,400 m. From this point, indices determined
using the new method diverged considerably from those
found by the conventional method. This was due to problems in determining void ratios during the filter paper test
for this depth, leading to unrepresentative results for the
soil studied.
Void ratios found for different soil moisture conditions were not greatly different, but the profile using moisture obtained from the characteristic curve proved to be a
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better option. Therefore the determination of this parameter
would be based on the DMT results and the characteristic
curves. However, the void ratio determination also requires
the real specific weight of grains, but a correlation between
this and the dilatometer test could be studied subsequently
in order to optimize the process.
Having determined void ratio, and having obtained
maximum dry density for the material studied, dry density
and degree of compaction (DC) was calculated. Figure 7
shows the values obtained for degree of compaction.
The values of the degree of compaction wee consistent and agree with each other and with those obtained in
the laboratory up to 0.80 m depth. What happens after that
is due to problems in executing the filter paper test, as explained above. The behavior obtained was as expected,
since the degree of compaction reflected the void ratio.
Generally, however, it was found that using DMT to determine the degree of compaction may be a good alternative,
since errors found up to 0.80 m depth were less than 1%, as
shown in Table 2. Equation 11 was used to define percentage error.
DMT - Laboratory
(12)
Error (%) =
´100
Laboratory
Strength and deformability parameters being known,
compaction control based soil-behavior may be executed.
However, the usual practice for this control is based on dry
density and therefore the degree of soil compaction, since
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Figure 6 - Void ratios obtained for different soil moisture conditions.

Figure 7 - Degree of compaction.

this means that liberation of the compacted layer is executed in accordance with predetermined limits, and does
not require more accurate analysis. This control procedure
does not faithfully represent fill properties and behavior.
Therefore, there is a crucial need for a method that will control compaction by providing both geotechnical parameters
and determining the degree of compaction, which is what
the dilatometer test may do.
An important point to consider is that inserting the
dilatometric flat in soil leads to compaction of the area
around the membrane, and along with reduced void ratio,
moisture tends to migrate (Camapum de Carvalho, 1985).
Both of which contribute to boost suction. Together with

the reduction of void ratio and moisture content there is an
increase in the degree of saturation, causing suction to vary.
However, there is no way of a priori indication whether it
will increase or decrease irrespective of the soil and the
characteristic curve shape itself.
Therefore, although the results shown point to the
possibility of using the dilatometer test in compacted soils,
it is essential to appraise the effect of dilatometer penetration on densification and water migration in different types
of compacted soil. Another need is to have well-defined
characteristic curves, knowing point-to-point void ratio and
moisture content, thus enabling more precise definition of
e.pF vs. degree of saturation curves proposed by Camapum
de Carvalho & Leroueil (2004).

Table 2 - Percentage error – laboratory degree of compaction values and average using DMT.

5. Conclusions

Depth (m)

Error (%)

0.2

-0.7

0.4

0.6

0.6

-0.8

0.8

-0.8

1.0

-8.0

1.2

-7.9

1.4

-7.2
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OCR estimates made using the dilatometer test
proved superior to those found by laboratory testing. However, laboratory results were also high. Therefore an accurate analysis was performed considering the effects of
suction on this parameter, obtained by both the k0 type
triaxial and the proposal of Lunne et al. (1989), which produced much more consistent values, thus highlighting the
importance of suction when evaluating the mechanical behavior of compacted solids.
However, the results still showed some dispersion,
and another aspect emerged on attempting to explain this:
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moisture variations were causing dispersion of OCR values
and based on the latter, by a retrospective analysis combined with characteristic curves, the soil’s void ratios may
be determined and hence its degree of compaction.
Dilatometer testing, together with the plotting of
characteristic curves representing the loan area used, could
provide a good means of controlling compaction of fills for
dams, based on soil behavior. Using this technique for
highway fills would be somewhat more complicated, since
borrow areas move frequently and an excessive flow of
tests could be generated.
Control of landfill compaction must be combined
with rational use of borrow area, since soil alteration profile
strongly affects mechanical and hydraulic behavior.
A point to note is that our comments herein are based
solely on testing in just one location. Further research on
different types of soil and compaction is needed to develop
methodology applicable to compacted soils in general.
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Laboratory Research on EPS Blocks
Used in Geotechnical Engineering
J.O. Avesani Neto, B.S. Bueno
Abstract. Geosynthetic geofoam has a cellular structure made of expanded polystyrene (EPS) and has been used as a
lightweight material for geotechnical use in embankments, bridges seat, base and sub-base of roads pavements and
infrastructure protection applications. This paper presents research data on EPS laboratory tests aiming to characterize
Brazilian EPS for geotechnical use. The mechanical tests comprised unconfined axial compression (with variation of
temperature, specimens dimensions and rates of deformation velocity), interface shear friction (EPS – EPS) and creep
under compressive load. A simple loss weight test by mice attack was also conducted in an attempt to quantify the damage
3
3
3
3
3
3
in samples of EPS by biological attack. Samples of 10 kg/m , 14.5 kg/m , 17 kg/m , 20 kg/m , 30 kg/m and 40 kg/m
3
densities with virgin material and 10 kg/m with recycled material were used. The results have shown that EPS has a great
strength in compression and creep solicitation and high interface friction strength despite its very low density, and good
geotechnical properties for applications in geotechnical engineering works. In the weight loss test it was found that the
mice only attach the material mainly for a specific situation.
Keywords: geofoam, EPS, compression strength, shear friction, creep, mice attack.

1. Introduction
The use of expanded polystyrene (EPS) and extruded
polystyrene (XPS) in civil engineering has already a recognized application in buildings due to then high thermal capacity, acoustic insulation and absorption of impacts and
settlements. However their use as geosynthetic has only recent applications.
In geotechnical engineering this material, manufactured in prismatic blocks named geofoam, has properties
that allow its use in many applications. The low density
EPS (approximately 100 times lower than the soil, a result
of its manufacturing process) and a relatively high mechanical strength give the EPS geofoam larger applicability in
embankments as a lightweight fill – especially in areas with
low bearing capacity soils and mainly as a base and
sub-base of road pavements and bridge seat (Horvath,
1994, Beinbrech & Hillmann, 1997, Piana, 1997 and Stark
et al., 2004), thermal insulation (Horvath, 1995) and compressible inclusion to alleviate pressures on walls and
slopes and infrastructure protection (Horvath, 1996, 1997,
Murphy 1997 and Ikizler et al., 2008).
In these applications, EPS blocks are submitted in
varied solicitations. Thus, it is necessary to study the response of the material when subjected to these solicitations,
both mechanical and hydraulically (Stark et al., 2004).
Horvath (1994) studied the behavior of cubic specimens of EPS-geofoam in axial compression and observed a
large influence of density on the compressive strength. He
proposed a correlation between the modulus of elasticity

and the density, and compared different suggestions of correlations from other authors.
Duskov (1997) performed compression tests in two
EPS-geofoam samples of 15 kg/m3 and 20 kg/m3 densities
and cylindrical shape (300 mm height and 150 mm diameter). The EPS strength values (defined for 10% strain) obtained were relatively high, despite the low density of the
material. The author also suggested a correlation between
the initial modulus of elasticity and the density. The speed
of tests also seemed to influence the EPS-geofoam strength.
This speed was also investigated by Duskov (1997 who
concluded there was an increase in the strength in function
of increased velocity. However, this strength increase was
not significant.
Stark et al. (2004) observed that specimens of cylindrical shape tended to show a lower modulus of elasticity
and yield strength value when compared with cubic specimens. They also tested samples of different sizes and the results showed that increasing the sample size there was a
significant increase in its modulus of elasticity. However,
the results were not conclusive and still require further investigations.
Bueno (2005) conducted compression tests in
EPS-geofoam (10 kg/m3 and 20 kg/m3) using cylindrical-shape specimens, with height/diameter ratios of 3:1
(h = 150 mm and d = 50 mm). The author concluded that the
samples did not reach rupture with the traditional patterns.
In such a configuration, the samples showed a lateral instability (buckling), which is evidence that the use of samples
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of cylindrical shape can mislead the real compressive
strength of the material.
Yeo & Hsuan (2006) performed unconfined axial
compression tests at different elevated temperatures. The
authors used five temperatures, ranging from 30 °C to
58 °C, with 7 °C intervals, and observed a decrease in
strength with increasing temperature and a bi-linear behavior, with a pronounced change of slope at 44 °C.
Hazarika (2006) suggested a constitutive model
based on various compression tests of EPS blocks of different shapes – cylindrical and cubic – and dimensions. The
author concluded that EPS geofoam applications can be
broadly divided into two categories: small-strain and large-strain, in which the desired constitutive (stress-straintime) properties vary depending on each application.
Sun (1997) performed creep tests in 50 mm cubic
samples of 18 kg/m3 density EPS. The stress levels ranged
between 30% and 70% of compressive strength at 5% strain
(85 kPa). The author observed that the creep deformation
effects were negligible at stress levels up to 30% of compressive strength (at 5% strain).
Duskov (1997) reported creep test results of cylindrical samples of EPS geofoam. He verified that the immediate strain (occurred on the first day) could represent values
above 50% of the total strain. The same behavior was observed by Sheeley (2000) with cubic specimens of 50 mm.
According to Horvath (1994), there are two shear
modes that are important to EPS blocks. The internal blocks
shear, that there is no apparent collapse of the samples and
are not frequent, and the shear of interface between blocks
(joint), which is an important factor of stability in works
with horizontal solicitations.
Sheeley & Negussey (2000) conducted interface
shear tests in EPS blocks (EPS – EPS) with no connection
and with a barbed connector plate. They observed that
barbed connector plates did not cause any increase in the
shear strength of EPS – EPS interface and concluded that
the difference in the shear strength between different foam
densities was only marginal.
Barrett & Valsangkar (2009) performed shear
strength tests in EPS geofoam blocks with no connections
and connected with barbed connector plates and with polyurethane adhesive. The authors found that the friction coefficient between blocks was consistent with the values
reported in the literature and conservative in terms of commonly used design values. Furthermore, they concluded
that the barbed connector plates did not provide any additional interface shear strength, but the polyurethane adhesive connector worked very well making the individual
blocks act as one large mass.
This paper introduces data on lab tests performed in
various EPS blocks with large density variation. The main
objective is to compare engineering data of the various EPS
bocks according to their density.
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2. Laboratory Tests
2.1. Samples
The nominal densities of the EPS blocks used in this
research ranged between 10 kg/m3 and 40 kg/m3. Prior to
the tests, all samples were placed in an acclimatized room
with temperature of 23 °C and relative air humidity of 50%,
for a period up to 24 h. The densities were then determined
in accordance with ASTM (2007). Table 1 summarizes the
data obtained. The variations of densities were small,
showing a standard deviation (S.D.) smaller than 2.0 with
an average value of 1.10 and coefficient of variation
(CV(%)) smaller than 5.9% with an average value of 4.60.
2.2. Unconfined axial compression tests
In the axial compression (ASTM, 2000) test all densities showed in Table 1 were used in cubes of 100 mm and
50 mm dimensions. The influence of speed was also verified. The rates of deformation tested were 5 mm/min,
10 mm/min, 15 mm/min, 50 mm/min and 200 mm/min.
The influence of temperature was also checked using
axial compression tests when EPS samples were incubated
in an environmental chamber for twelve hours. Temperatures in the range of 30 °C to 72 °C with 7 °C intervals
(starting from room temperature of 23 °C) were used.
2.3. Joint direct shear tests
It was used the equipment of direct shear testing in
soils (ASTM, 1998). EPS samples of 10, 20, 30 and
40 kg/m3 densities with virgin material and 10 kg/m3 with
recycled material were tested.
Figure 1 shows the main steps of the sample preparation.
Normal stresses of 10 kPa, 20 kPa, 30 kPa, 40 kPa,
50 kPa and 60 kPa were chosen since in most application
they can represent field situations.
2.4. Creep in compression tests
The creep in compression tests has been standardized
by ASTM (2001) and ASTM (1995).
Table 1 - Densities of tested samples.
Nominal density
3
(kg/m )

Measured density
3
(kg/m )

S. D.

CV
(%)

Max.

Min.

Aver.

10 (30% recycled)

15.4

12.0

13.0

0.6

4.4

10

13.1

10.3

11.7

0.7

5.6

14.5

15.5

14.0

14.7

0.4

2.5

17

20.0

16.6

18.8

0.6

3.3

20

25.5

20.7

22.2

1.2

5.3

30

38.6

30.3

33.2

2.0

5.9

40

43.7

38.6

41.0

2.0

5.0
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Figure 1 - Steps of sample preparation for direct shear tests of EPS joints: (a) shear box; (b) bottom sample of EPS placed in the box; (c)
top block of EPS placed into the shear box; (d) top plate and system to apply the normal load already placed on top of the sample.

The EPS specimens were cubes of 50 mm dimensions. Table 2 presents the densities used and the compression loads applied. Figure 2 shows the test performed.
2.5. Loss weight test by attack of mice
As the EPS material is used in works it may be in contact with animals and various biological agents, not just in
construction time but also in its lifetime, it was subjected to
a test to evaluate the loss weight of samples with contact
with mice.

Figure 3 shows a typical mouse (of Mus musculus
specie) used as the agent of damage to the EPS samples.
Two control variables that influence mice actions
were considered: the presence of food (food and water) and
straw for building their nest. The mouse can bite the specimens for feeding itself and extract material for the construction of its nest. There were three groups of tests to
determine the worst case in which the individual bites the
samples as much as possible: In the first case the mouse is
deprived of food and water and forced to nibble on the EPS

Figure 2 - Creep in compression tests.
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Table 2 - Densities and applied loads used in the creep in the compression tests.
Nominal
density
3
(kg/m )
10

17

20

30

Average
density
3
(kg/m )
11.7

18.8

22.2

33.2

Normal load Normal load applied /
applied (kPa) stress at 2% deformation (%)
10

30

20

60

40

115

60

170

20

25

40

50

60

75

80

100

20

15

40

35

60

50

80

70

20

10

40

20

60

30

80

40

as it is very hungry; in the second case the mouse can access
the food, but the straw is removed (deprivation of straw). It
is forced to bite the EPS sample to build its nest. In the third
case the mouse is deprived of both straw and food (total deprivation). Figures 4a and 4b show, respectively, an individual with total deprivation and straw deprivation.
The specimens used in the animal attack tests were
blocks of 100 mm x 100 mm x 50 mm dimensions and all
densities showed in Table 1. The exposure time of all tests
was 48 h.

Figure 4 - a) total deprivation; b) straw deprivation.

3. Results
3.1. Unconfined axial compression tests
Figure 5 shows the compression test result of the
30 kg/m3 density specimen in which the sample was a
100 mm cube.
According to several authors, the compressive
strength of the EPS-geofoam is determined at the strain
value of 10%. However, the typical behavior of the material, characterized by only one point (compressive strength

3

Figure 3 - Mouse used in this research.
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Figure 5 - Compression test result of 30 kg/m EPS-geofoam sample.
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at 10% strain), as seen in Figure 5, does not express its behavior adequately. The stress at 10% deformation is a parameter in the second straight-line just above the transition
point that is around 2% of deformation.
Therefore, based on Fig. 5 that can be considered a
typical stress x strain EPS-geofoam curve there is an elastic
region from the beginning of the curve and extending to a
value close to 2% of deformation, and a plastic part (over
about 2% of deformation). At this stage the material undergoes a hardening behavior. Consequently, in a compression
curve of EPS-geofoam one three distinctive points can be
observed: (a) a tangent modulus of the elastic phase taken at
1% of deformation; (b) a transition stress adopted as the
stress value at 2% of deformation – at this point there is a
change in the slope of the curve; (c) a tangent modulus of
the hardening stage for a strain above 2% (Fig. 6).
From about 350 compression tests performed, Figs. 7,
8 and 9 show the relationship between tangent modulus of
the elastic phase, transition stress and tangent modulus of
the hardening phase, respectively, varying with the density
of EPS blocks. These figures show a good relationship be-

Figure 6 - Three key parameters of compressive behavior.

Figure 7 - Tangent modulus of the elastic phase for EPS-geofoam
samples.
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tween density and modulus and stress. Based on these data
an EPS curve characterization by three key parameters is
proposed, as shown in Fig. 6.
Correlations between the tangent modulus of the elastic phase and the density of EPS blocks were proposed using data from other researchers (van Dorp, 1988; Eriksson
& Trank, 1991; Negussey & Sun, 1996; Duskov, 1997;
Horvath, 1997; Elragi et al., 2000; and Hazarika, 2006).
Figure 10 shows these correlations and compares them with
the one of this paper.
The curves obtained by Eriksson & Trank (1991),
Duskov (1997) and Avesani Neto (2008) are a nonlinear
power function of densities and elastic modulus in lowdensity cases. All the other curves are expressed as a linear
expression. The higher curve of modulus was obtained by
Elragi et al. (2000), followed by Duskov (1997) and the minor modulus was suggested by Negussey & Sun (1999).
The temperature influence on the compressive
strength can be visualized in Fig. 11. The strength value is
the average of three tests for each temperature.

Figure 8 - Transition stress for EPS-geofoam samples.

Figure 9 - Tangent modulus of the hardening phase for EPSgeofoam samples.
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Figure 10 - Different relationships between density and tangent
modulus of the elastic phase.
3

Figure 12 - Temperature influence in the 20 kg/m and 30 kg/m
EPS-geofoams.

3

Figure 12 shows that the strength reduction exceeds
20% for temperatures of 72 °C. There is also a linear trend
towards decreasing strength with increasing temperature.
The influence of the test speed and the specimens size
was verified in the compressive strength. However, in both
cases no significant influence of these variables was found
on the EPS-geofoam behavior. Since this influence was less
than 5%, the results were not analyzed.
3.2. Joint direct shear tests

Figure 11 - Compressive strength vs. different temperatures.

Figure 11 shows a significant influence of temperature on the compressive strength of EPS-geofoam of higher
density values (30 kg/m3 and 20 kg/m3) with strength reductions up to 20% for 50 °C changes in temperature. However, the material with lower density is not significantly
affected by temperature. This behavior can be explained by
the specimen density. Samples with higher density have a
smaller amount of voids filled with air and a greater portion
of polymer. This polymer portion is more significantly affected by the temperature change than the air in the voids,
resulting in a strength reduction with temperature increase.
A lower density has a greater amount of voids and a lower
portion of polymer; consequently the specimen is less influenced by the temperature change.
Figure 12 shows the relationship between the strength
obtained at each tested temperature and at the temperature
of reference (in this case 23 °C) only for the densities that
showed an appreciable loss of compressive strength
3
3
(20 kg/m and 30 kg/m ).
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The results of the joint direct shear testing in EPS
samples of 10 kg/m3 (with virgin and recycled material),
20 kg/m3, 30 kg/m3 and 40 kg/m3 can be seen in Figs. 13 to
17.
The EPS mechanical behavior in shear tes is similar
to the behavior of soil samples, as seen in these Figures.
There is a peak value to the shear stress, similar to overconsolidated soils, followed by a reduction of stress due to
change in the contact surface area of the blocks for the sample with higher densities (20 kg/m3, 30 kg/m3 and 40 kg/m3).
However, for the samples with lower density (10 kg/m3 vir-

Figure 13 - Data of a direct shear test performed in the 10 kg/m
(recycled) EPS sample.

3
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gin and recycled), the behavior is similar to normally consolidated soils, without a peak value.
Two failure envelopes were drawn from the tests data
for each material: one with the peak friction angle, which
was given the peak stress defined as the maximum shear
stress, and another, called here “residual” friction angle,
with a value of the shear stress corresponding to a displace-

ment of 15 mm. Figures 18 and 19 show the failures envelopes for peak and residual friction angles for each density
sample, respectively.

Figure 17 - Data of a direct shear test performed in the 40 kg/m
EPS sample.

Figure 14 - Data of a direct shear test performed in the 10 kg/m
EPS sample.

3

3

Figure 18 - Failure envelopes of EPS samples at the peak condition.
Figure 15 - Data of a direct shear test performed in the 20 kg/m

Figure 16 - Data of a direct shear test performed in the 30 kg/m
EPS sample.
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3

3

Figure 19 - Failure envelopes of EPS samples at the “residual”
condition.
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The friction angles obtained for all samples are relatively high for both peak and residual conditions, with values up to 41° (peak) and 30° (“residual”). Comparing the
values of the friction angles of samples in each case a visible increase with density at the peak condition is noted.
However, for the “residual” condition no significant change in the friction angle was observed with the density increase.
Comparing the results of the friction angles at peak
and “residual” conditions, a considerable reduction is observed for samples with higher densities (Table 3).
Table 3 shows a greater reduction in the friction angle
in the 30 kg/m3 sample, lower reduction in the sample of
10 kg/m3 virgin material, and conservation of the friction
angle value in the sample containing recycled material. An
explanation for this behavior is due to the contact surface of
the material containing recycled EPS (and the sample of
10 kg/m3 virgin material) which has a higher roughness on
the specimens surface that prevent the formation of a lower
friction efficiency region between the blocks and maintain
the shear stress value at larger displacements.
The results allowed observing there is proportionality
between the friction angle and the material density. For
higher density values there is an increase in the friction angle at peak condition and reduction at “residual” condition.
Thus, it is possible to establish a relationship between the
average of friction angle (both for peak and “residual” conditions) with each sample for the average of density. These
relationships provided a linear correlation between these
two variables.
Figures 20 and 21 display the curves for the peak and
“residual” conditions, respectively and the equation of
better adjustment.
The figures show the proportionality between the
friction angle and density. Although the recycled material
has a higher density, it has poor mechanical characteristics
if compared with the virgin material.

Figure 20 - Relationship between peak friction angle and density.

Figure 21 - Relationship between “residual” friction angle and
density.

to 25, which indicate the nominal density, the average of
measured density (in parentheses), the applied load and the
relation between the applied load and the transition stress at
2% deformation.
Figures 22 to 25 allowed concluding that the tested
EPS material practically does not exhibit creep in compression. However the EPS geofoam has a significant value of
initial strain (over 80% of the total strain in all cases) independently of the density and percentage of load applied in
relation to the transition stress. A limited creep was observed in the cases whose relation between load applied and

3.3. Creep in compression tests
The creep in compression tests were performed for a
total time of 1000 h (about 42 days). The results of tests
with specimens of 10 kg/m3 (with virgin material),
17 kg/m3, 20 kg/m3 and 30 kg/m3 can be seen in Figures 22

Table 3 - Comparison between data of peak and residual friction angles tests.
Nominal density
3
(kg/m )

176

Average density
3
(kg/m )

f at peak
(°)

f at 15 mm of
displacement (°)

Reduction in
function of tanf (%)

10 (recycled)

13.0

28

28

0.0

10

11.7

30

26

15.5

20

22.2

33

27

21.5

30

33.2

37

26

35.3

40

41.0

41

30

33.6
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transition stress was over than 50%. For values for this ratio
below than 50%, the creep is only marginal.

Figure 25 - Results of compression creep tests performed in the
30 kg/m3 sample.

Figure 22 - Results of compression creep tests performed in the
3
10 kg/m sample.

The creep with a very low value can be explained by
the void reduction during the loading. After an initial deformation, the samples exhibit a void decrease, causing
strength improvement and reduced specimens creep.
Figure 26 shows the relationship between the recorded strains and the density of all samples for different
values of applied load in the same load exposure time
(1000 h).
The 10 kg/m3 sample exhibits a higher strain – almost
10% - for a load of 20 kPa (60% of the transition stress) after 1000 h of loading application. Moreover, the 17 kg/m3
sample showed greater strain only for a load exceeding
40 kPa (50% of the transition stress). However even for a
higher stress value such as 80 kPa, samples of 20 kPa and
30 kg/m3 showed small strains.
3.4. Loss weight test by mice attack

Figure 23 - Results of compression creep tests performed in the
17 kg/m3 sample.

Table 4 shows the result of loss weight test by mice
attack on EPS. This value of weight loss is for a one mouse
after 48 h of exposure with specimens.
Table 4 shows there are relatively high values of mass
loss only in the case of straw deprivation. For a better view
of the data, a chart with these values is shown in Fig. 27.

Figure 24 - Results of compression creep tests performed in the
20 kg/m3 sample.

Figure 26 - Relationship between strain and density for each applied load.

Soils and Rocks, São Paulo, 35(2): 169-180, May-August, 2012.

177

178

2

2

0.0067

Average

0.0068

1
0.0056
0.0057

1
0.0079
0.0080

1

1

0.012

0.0094

0.012

0.0095

5
0.016
0.017

33
Average
5
Average

24

32
0.0049

0.0047
0.0061

0.0072
5
0.0070
10 (recycled)

5
0.0057
0.0060
10

0.0066

38
0.0051
0.0083
0.0079
14.5

0.0081

3

19

44
0.0070

0.0076
0.0094

0.013
4

6

0.012

0.0089

0.012

17

20

0.0094

9
0.016

0.015

0.016

0.0095

40

Figure 27 - Result of all loss weight tests by mice attack.

30

Initial mass (kg) Final mass (kg)
Initial mass (kg) Final mass (kg)
Initial mass (kg) Final mass (kg)

Nominal density
(kg/m3)

Table 4 - Result of loss weight test by mice attack.

Loss (%)

Straw deprivation
Total deprivation

Loss (%)

Food deprivation

Loss (%)

Avesani Neto & Bueno

According the Fig. 27, the mass loss was small for
two of the case (total and food deprivations) and extremely
high in the case of straw deprivation because with the food
deprivation the individuals enter in a low activity state to
save energy. When there is no lack of food, the animal is in
its state of normal activity and attacks the EPS samples to
build its nest and generate physical comfort, as seen in
Fig. 28. It was observed that there is not a relationship between the samples densities and the mice attack.
It should be considered in this study, for reasons of
the available infrastructure for conducting the test, that the
individuals were confined with the material, which may
have aggravated the attack. However, it is important to observe that the value of mass loss was produced by only one
laboratory mouse in a 48 h period. For a colony with larger
and more aggressive wild rats and for a long period of time,
the mass loss would probably be higher. The approach of
this test, therefore, stands out for qualitative analysis of the
attack, and not for a precise quantitative research of the
mass loss value.
To visually quantify the attack of these animals in the
samples, Fig. 28 shows the specimens tested in each case: a
virgin specimen (before the test) and the specimens tested
under food deprivation, total deprivation, and straw deprivation, respectively from left to right.
Figure 28 shows the elevated attack on the specimen
tested under straw deprivation in comparison with the others deprivation. It must be emphasized that were used small
size samples in the tests. There are reports that in large
blocks – as occurs in real EPS apliccation – the rodents are
installed inside them in order to form nests. However, by
performing a correct cover of material with the soil in the
works, avoiding exposing the EPS, risk of these animals attack the blocks can be reduced.

4. Conclusions
Several mechanical tests such as unconfined axial
compression – with temperature variation, direct shear of
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• A limited creep was observed in the cases whose relationship between the applied load and the transition
stress was larger than 50%;
• The result of mass loss test by mice attack showed a large
loss in the specimen attacked. The most critical attack
was recorded under the straw deprivation condition
when the animal, in the presence of food, maintains the
state of high metabolism and attacks the samples to build
its nest and generate physical comfort;
• The values of the mass loss tests illustrate only a qualitative point of view of the phenomenon – proving the assertion of some practical cases – and not a quantitative
analysis.
Figure 28 - Tested specimens: a) before the test; b) food deprivation; c) total deprivation; d) straw deprivation.

block joint and creep in compression – were performed in
EPS geofoam samples with densities of 10 kg/m3 (virgin
and recycled), 14.5 kg/m3, 17 kg/m3, 20 kg/m3, 30 kg/m3 and
40 kg/m3 aiming at their applications in geotechnical engineering. A simple mass loss test by mice attack was also
conducted.
The main conclusions of this paper are:
• The current compressive strength definition (at 10%
strain) does not express adequately its behavior;
• The material presents a well-defined elastic phase under
2% compression strain;
• The EPS-geofoam compression characterization by
three key parameters (tangent modulus of elastic, hardening phases and transition stress) is relatively simple
and effective and can be used in subsequent tests;
• The results from compression tests with temperature
variation have showed a further influence on the EPSgeofoam strength of samples with densities of 20 kg/m3
3
and 30 kg/m with decreases of approximately 15% and
25%, respectively;
• The test speed and specimen size do not significantly affect the compressive strength results;
• The joint direct shear tests showed that the behavior of
high-density EPS is similar to that of overconsolidated
soils with a peak value of friction angle between 33° and
41°. For the lower-density EPS blocks, the behaviour
was similar to normally consolidated soils, with a postpeak friction angle between 28° and 30°;
• The shear strength and consequently the friction angle
and the failures envelope are directly proportional to the
sample density;
• The reduction in the friction angle values from the peak
to post-peak condition was high in EPS samples, reaching up to 30%. This reduction was more expressive at
higher densities.
• The initial strain controls the creep in the compression of
EPS;

Soils and Rocks, São Paulo, 35(2): 169-180, May-August, 2012.

Acknowledgments
The authors would like to acknowledge CAPES (Coordenação de Aperfeiçoamento de Pessoal de Nível Superior) for financing the research of the first author and the
Department of Geotechnical Engineering, especially the
Laboratory of Geosynthetics, Engineering School of Sao
Carlos, University of Sao Paulo (EESC – USP) for the technical support.

References
ASTM (2007) Standard Test Method for Dimensions and
Density of Performed Block – Type Thermal Insulation
– C 303-10. ASTM International, West Conshohocken,
Pennsylvania, USA, 3 pp.
ASTM (2000) Standard Test Method for Compressive Properties of Rigid Cellular Plastics – D 1621-10. ASTM
International, West Conshohocken, Pennsylvania,
USA, 5 pp.
ASTM (2001) Standard Test Method for Tensile, Compressive and Flexural Creep and Creep – Rupture Plastics –
D 2990-09. ASTM International, West Conshohocken,
Pennsylvania, USA, 20 pp.
ASTM (1998) Standard test method for direct shear tests of
soils under consolidate drained conditions – D
3080/D3080-11. ASTM International, West Conshohocken, Pennsylvania, USA, 9 pp.
ASTM (1995) Standard Test Method for Evaluating the
Unconfined Tension Creep Behavior of Geosynthetics
– D 5262-07. ASTM International, West Conshohocken, Pennsylvania, USA, 16 pp.
Avesani Neto, J.O. (2008) Characterization of Geotechnical Behavior of EPS through Mechanical and Hydraulic Tests. MSc Dissertation. Engineering School of
Sao Carlos, University of Sao Paulo, São Carlos, Brazil,
228 pp. (in Portuguese).
Barrett, J. & Valsangkar, A.J. (2009) Effectiveness of connections in construction. geotextiles and Geomembranes, v. 27:3, p. 211-216.
Beinbrech, G. & Hillmann R. (1997) EPS in road construction – Current situation in Germany. Geotextiles and
Geomembranes, v. 15:1, p. 39-57.

179

Avesani Neto & Bueno

Bueno, B.S. (2005) Experimental Evaluation of Mechanical Behavior of EPS samples. Technical Report, Laboratory of Geosynthetic, Department of Geotechnical
Engineering, EESC, USP, 34 pp. (in Portuguese).
Duskov, M. (1997) Materials research on EPS20 and
EPS15 under representative conditions in pavement
structures. Geotextiles and Geomembranes, v. 15:1,
p. 147-181.
Elragi, A.; Negussey, D. & Kyanka, G. (2000) Sample size
effects on the behavior of EPS Geofoam. Proc. the Soft
Ground Technology Conference, ASCE Geotechnical
Special Publication, 112. Noordwijkerhout, The Netherlands, pp. 280-291.
Eriksson, L. & Trank, R. (1991) Properties of Expanded
Polystyrene, Laboratory Experiments. Swedish Geotechnical Institute, Linköping, Sweden.
Hazarika, H. (2006) Stress-strain modeling of EPS geofoam for large-strain applications. Geotextiles and
Geomembranes, v. 24:2, p. 79-90.
Horvath, J.S. (1994) Expanded polystyrene (EPS) geofoam: An introduction to material behaviour. Geotextiles and Geomembranes, v. 13:4, p. 263-280.
Horvath, J.S. (1995) Non-earth subgrade materials and
their thermal effects on pavements: An overview.
Transportation Research Board, 74th Annual Meeting,
Paper No. 95-0069, Washington, 18 pp.
Horvath, J.S. (1996) The compressible inclusion function
of EPS geofoam: An overview. Proc. International
Symposium on EPS Construction Method, Tokyo,
pp. 71-81.
Horvath, J.S. (1997) The compressible inclusion function
of EPS geofoam. Geotextiles and Geomembrane,
v. 15:1-3, p. 77-120.
Ikizler, S.B.; Aytekin, M. & Nas, E. (2008) Laboratory
study of expanded polystyrene (EPS) geofoam used

180

with expansive soils. Geotextiles and Geomembranes,
v. 26:2, p. 189-195.
Murphy, G.P. (1997) The influence of geofoam creep on
the performance of a compressible inclusion. Geotextiles and Geomembranes, v. 15:1-3, p. 121-131.
Negussey, D. & Sun, M. (1996) Reducing lateral pressure
by geofoam (EPS) substitution. Proc. International
Symposium on EPS Construction Method. Tokyo,
pp. 202-11.
Piana, M. (1997) Construzione di strade, ferrovie ed aeroporti. Piana, M. (Ed.) Isolare le Fundazioni con I’EPS.
Be-Ma, Milano, pp. 57-81 (in Italian).
Sheeley, M. (2000) Slope Stabilization Utilizing Geofoam.
MSc Dissertation. Syracuse University, New York.
Sheeley, M. & Negussey, D. (2000) An investigation of
geofoam interface strength behavior. American Society
of Civil Engineers, Geotechnical Special Publication
No. 112. Proceedings of the Soft Ground Technology
Conference, Noorwijkerhout, The Netherlands.
Stark, T.D.; Arellano, D.; Horvath, J.S. & Leshchinsky, D.
(2004) Geofoam applications in the design and construction of highway embankments. NCHRP Document
65 (Project 24-11). TRB of the National Academies,
USA.
Sun, M.C. (1997) Engineering Behavior of Geofoam (Expanded Polystyrene) and Lateral Pressure Reduction in
Substructures. MSc Dissertation. Syracuse University,
New York.
van Dorp, T. (1988) Expanded Polystyrene Foam as Light
Fill and Foundation Material in Road Structures. The
International Congress on Expanded Polystyrene: Expanded Polystyrene, Milan.
Yeo, S.S. & Hsuan, Y.G. (2006) The compression creep behavior of an expanded polystyrene geofoam. Proc. 8º
International Conference on Geosynthetics. Yokohama, v. 4, pp. 1639-1642.

Soils and Rocks, São Paulo, 35(2): 169-180, May-August, 2012.

Contribution to the Design of Urban Pavement of Low
Volume Traffic Using the Dynamic Cone Penetrometer
H.P. Jordão, A.E.F.L. Lucena, M.B. Chagas Filho, J.K.G. Rodrigues, D.A. Gama
Abstract. The characteristics of the subgrade soil, obtained from laboratory and in situ tests, are of fundamental
importance to the design of pavements. The tests carried out in the field, such as CBR in situ, Bredboard and others,
represent more significantly the conditions of the soil. The Dynamic Cone Penetrometer (DCP) is an equipment of easy
use that has become an alternative to the pavement design. With that kind of equipment it is possible to determine the
resistance profile to the penetration of the layers of the compacted soil or in its natural state from the correlations
between this test and the CBR in situ. This work attemps to adequate a design method for urban pavements of low
volume traffic, using the results of the penetration index obtained with the DCP. The results indicate that the DCP
presents a high correlation with CBR in situ tests for A-2-4 soils, which can be used in pavement design of urban roads of
low volume traffic.
Keywords: design of pavements, dynamic cone penetrometer, CBR in situ.

1. Introduction

2.1. Determination of the soil capacity in situ

The search for new methods of pavement design aims
at greater savings or greater security when compared to traditional methods. Urban roads of low volume traffic must
be designed for such request and not the same way as highways, which causes larger amount of pavements.
One of the very first design methods, established by
the California Highway Department, in 1939, was based in
the CBR (California Bearing Ratio) and until today keeps
the same principles. The methods that use as parameters the
CBR in situ ME-47 (PMSP, 1999) and/or the Plate load
Test (ASTM D-1196, 2004), despite of favoring an analyses closer to reality, they become more costly and slower
due to the high cost of the equipments and its execution.
An alternative of using a more simple method and of
low cost is to use the Dynamic Cone Penetrometer (DCT),
and then, its correlation with the CBR in situ, which could
bring a great economy in the pavement of streets of low volume traffic.

Among the several existing methods for determining
the soil capacity in situ, the Dynamic Cone Penetrometer
(DCP) and CBR in situ are presented.

2. Pavement Project
To elaborate a pavement design it is necessary to perform geotechnical studies in the place, which involve studies of the subgrade and of occurrence of materials for
pavement that will suit as raw material in the execution of
the layers that constitute the pavement.
The aim of studying the subgrade of the roads is the
recognition of the soils and of its bearing capacity, for the
characterization of its various layers for the effect of the
pavement design.

2.1.1. Dynamic Cone Penetrometer - DCP
The development of the DCP arouse from the necessity of evaluating, simple and quickly, the subgrade
conditions of a certain pavement. The use of this equipment has gained more and more adepts in the last years in
a national and international scale, and consequently, the
necessity of having the analysis and results that generate
more trusty correlations becomes ever increasing (Amaral, 2005).
According to Alves (2002), this test does not require
great diggings or perforations, and consequently does not
interfere in the traffic of vehicles. This can be characterized
as a semi non-destructive test.
The Dynamic Cone Penetrometer (DCP) is an equipment which provides the rate of penetration carried out in
non-deformed soils or compacted materials.
The DCP is performed with the help of two people.
The length in millimeters that the rod penetrates in the soil,
in relation to a determined number of hits, is measured. The
results are noted in a pattern spreadsheet where it is indicated the depth versus the number of applied hits. The DCP
was designed to penetrate to a middle depth of 800 mm or
when rod extension is settled, it can reach a depth of
1.200 mm.
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According to Herrick & Jones (2001, apud Guedes,
2008) the measurements of the penetrometer cone can be
expressed as the number of hits by millimeter of penetration or as the agerage resistance of the soil by depth of the
penetrated soil. This approach does not presume uniformity
of the soil, simply generates an average resistance through
the depth penetrated by the cone. These average numbers
are more informative to soils, which are relatively uniform
inside the advance in the depth penetrated in each hit.
It is showed in a graphic the values of the readings obtained from the penetration versus the number of hits. Generally the number of hits is plotted in graphic in the abscissas axis, while the penetration, in the ordered axis (Fig. 1).
The DCP curve obtained represents the number of hits to
reach a certain depth.
The soil resistance in situ is represented by the penetration indexexpressed by:
Depth
(1)
DCP =
N. of Hits
Depending on the type of the material that constitutes
the layer of the pavement or its conditions of water content
and density, the inclination of the curve changes: when upright, it indicates materials with minor support capacity and
when closer to the horizontal, the greater will be its resistance.
2.1.2. CBR in situ
The CBR in situ test provides the resistance of the
soils, in field, when it is under a certain load. The test
method was developed by the United States Army Corps of
Engineers (USACE).
The equipment of the CBR in situ is composed by a
piston of penetration with 4.96 cm of diameter, ring dynamometer with capacity to 4000 kg sensible to 2.5 kg duly
calibrated, jack with capacity of 4 tons, capable of providing continuous addition of load, beam of reference with
1 meter of length, comparable watch with dispositive for its
fixing in the penetration piston, steel curled discs for over-

load, divided diametrically in two parts, with 2.268 kg of
total weight, with external diameter of 14.92 cm and inner
diameter of 5.39 cm and a heavy vehicle or anchor system
that provides an reaction equal or superior to 5 tons.
According to Yoder (1959, apud Berti, 2005) the test
is carried out by similar manner to the laboratory, where the
piston of 19.63 cm2 is forced to press the pavement and
compare to the load on the piston with the penetration
depth. According to Pattrol (2009), to a test in situ, the load
reaction is provided by the weight of a loaded truck. The
equipment is composed of a mechanic jack, adjusted to the
back part of the mobile laboratory, a dynanometric ring, the
piston and the connections.
The method of test ME-49/99 - Determination of the
Support Index of the Subgrade in situ, adopted by the Secretary of Public Roads of the city of São Paulo, determines
the support index in situ of the various layers of the pavement in its natural state.
According to the standard method, the equipment set
(piston, ring and jack) is arranged over the leveled surface,
in a way that it stays vertically below of the reaction point
of the loaded vehicle. The reference beam is placed leaned
by its extremities in two supports equally kept away from
the test place, in such a way that the deflectometer rooted in
the piston leans in the surface of the beam. Overload discs
that are often used in laboratorial CBR loading are placed
over the surface around the piston. The load application is
initiated with the velocity of 1.27 mm/min, carrying out the
readings, calculation of the pressures and graphic representation like the one carried out in the laboratorial test.
2.2. Correlation of results of the CPD with the CBR
The correlations between the DCP and CBR are obtained by the regression analysis of the results. According
to Karunaprema & Edirisinghe (2002), these patterns show
that there is an inverse relation between the DCP and the
CBR for the tested soils. The data can be analysed by linear,
log, exponential or bi-log (log x log). The mathematical
pattern that better describes the relation CBR X DCP is the
one of log x log, with the CBR being the dependent variable
and the DCP the independent variable, as given by:
log(CBR) = a + b. log (DCP)

(2)

where CBR = California Support Index (% in percentage), DCP
= Penetration Index of the DCP (mm/hit); and a and b = constants that can vary according to the author of the research.
Table 1 presents some equations of correlation between DCP and CBR.

3. Materials and Methods
3.1. Choice of the test locations

Figure 1 - Graphic of DCP.
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Several locations of different districts of Campina
Grande were chosen and studied, located in the state of
Paraíba, Brazil, encoded as shown in Table 2.
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Table 1 - Correlation DCP X CBR.
Correlations DCP X CBR
Author

Region of the studied soil

Equation of correlation

Trichês & Cardoso (1999)

Duplication of the BR-101/SC

log(CBR) = 2.710-1.250.log(CPD)
log(CBR) = 2.181-1.030.log(CPD)

Lima (2000)

Maringá/PR, Taubaté/SP, Palmas/To & São Carlos/SP

log(CBR) = 2.809-1.288.log(CPD)

Estado do Paraná

log(CBR) = 2.647-1.300.log(CPD)

Silva Junior (2005)

Airport of Parnaiba/PI - BR

log(CBR) = 2.717-1.247.log(CPD)

Harison (1987)

Indonésia cohesive and graned

log(CBR) = 2.810-1.320.log(CPD)
log(CBR) = 2.550-1.140.log(CPD)

Two inspection wells were dug in opposite sides to
the axes of the streets, aiming this way, a more representative character to the procedure of data acquisition. The
wells for physic and mechanic characteristics analysis of
the subgrade soil were dug in a depth where it found the natural soil, therefore the depths of the inspection wells varied.
All tests in situ were carried out in the month of July
of 2009. July is in the rainy period to this region, becoming
the best period for the study of the behavior of the soils of

the subgrade because it is more unfavorable for the pavement.
3.2. Procedures
The sequence of the works carried out during the experimental phase is illustrated in Fig. 2.
The tests carried out in laboratory and in situ, and its
respective Standards (Table 3).

Figure 2 - Sequence of activities carried out during the experimental phase of the work.
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Table 2 - Name of the streets and localization.

Table 3 - Laboratory tests.

Inspection well Street Name

District

Test

Standard

AL- 01

Alta Leite - PI-01

Prata

Preparation of the samples

NBR-6457 (ABNT, 1996)

AL- 02

Alta Leite - PI-02

Prata

Water content

ME-213 (DNER, 1994)

FBM - 01

Fernando Barbosa de Melo PI-01

Catolé

Grain size analysis

ME-080 (DNER, 1994)

Limit of liquidity

ME-122 (DNER, 1994)

FBM - 02

Fernando Barbosa de Melo PI-02

Catolé

Limit of plasticity

ME-082 (DNER, 1994)

JCC

José Carlos Cirino

Itararé

EGC - 01

Eurípedes Gomes da Cruz - PI-01 Araxá

Table 4 - In situ tests.

EGC - 02

Eurípedes Gomes da Cruz - PI-02 Araxá

Test

Standard

AB - 01

Almeida Barreto - PI-01

Santa Rosa

Clay Bottle

ME-092 (DNER, 1994)

AB - 02

Almeida Barreto - PI-02

Santa Rosa

Speedy

ME-052 (DNER, 1994)

DCP

ASTM D 6951-03

CBR in situ

ME-47 (City Hall of Sao Paulo, 1999)

The tests carried out in situ and its respective Standards are shown in Tables 3 and 4.

4. Presentation and Results Analysis
4.1. Tests in laboratory
The classification and characterization tests of the
collected samples were carried out for each inspection well.
The classifications of the samples obtained from the
subgrade soils were made according to the methods HBR
(Highway Research Board) and USCS (Unified System of
Classification of Soil) since these systems are more commonly used. The results are found in Table 5.
The results of the carried out test indicates that the
soils of the subgrade are predominantly a silty clay classified as A-2-4 and SM. The soil of the inspection well
FBM-01 fits as A-6 and CL, which characterizes sandy
soils, the soil of the well FBM-02 is A-4 and SC therefore a
sandy clay and the well EGC-02 characterizes as A-1-b and
SW that means gravel soil or well stuck clay.
Therefore, it is important to mention that the majority
of the analysed soils are classified as of good quality to be
used as subgrade in the pavement of streets, due to its behavior and for the possibility of stabilization with ligands.
4.2. Dynamic cone penetrometer
For each inspection well four penetrations were carried out with the DCP aiming to obtain a average index for
each one of these wells. In the execution of the test it was
considered the first hit of the hammer.

Table 6 presents the results of the average penetration
index obtained from the tests of the Dynamic Cone Penetrometer (DCP).
The results of the penetration indexes indicate a
higher resistance to the penetration of the tested soils in the
FBM-02 and AB-01, which are classified as sandy clay and
silty clay.
4.3. CBR in situ
The tests of CBR in situ were carried out in inspection
wells until it reached the depth necessary to find the natural
soil. The results are presented in Table 7.
It is possible to note that the higher values of CBR
were obtained in the inspection wells EGC - 02 and AB - 01
which have soils SW and SM.
4.4. Analysis of the results: CPD vs. CBR in situ
The results of the Penetration Index (DN) obtained
with the Dynamic Cone Penetrometer were correlated with
the values of the CBR in situ for each inspection well.
Table 8 presents the values of DCP and the respective
CBRs in situ.
The CBR in situ values are outlier because the locations, type of soils and confinement conditions are different.

Table 5 - Results of soil classification.
Classification
method

Inspection wells
AL-01

AL-02

FBM-01

FBM-02

JCC-01

EGC-01

EGC-02

AB-01

AB-02

HRB

A-2-4

A-2-4

A-6

A-4

A-2-4

A-2-4

A-1-b

A-2-4

A-2-4

SUCS

SM

SM

CL

SC

SM

SM

SW

SM

SM
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Table 6 - Results of the tests of the Dynamic Cone de Penetrometer.
Penetration index - DN - (mm/hit)
Inspection well
DCP

AL- 01

AL- 02

FBM - 01

FBM - 02

JCC

EGC - 01

EGC - 02

AB-01

AB - 02

18.40

15.00

6.40

18.60

17.30

11.70

12.50

9.50

13.50

Table 7 - Results of the test of CBR in situ.
CBR in situ
Inspection well
CBR (%)

AL- 01

AL- 02

FBM - 01

FBM - 02

JCC

EGC - 01

EGC - 02

AB - 01

AB - 02

24.83

38.9

16.58

14.62

24.27

38.14

53.27

59.1

40.71

Table 8 - Results of the CPD to the respective CBR in situ.
Inspection well

DN (mm/hit)

CBR in situ (%)

AL- 1

18.40

24.83

AL- 2

15.00

38.90

FBM - 1

6.40

16.58

FBM - 2

18.60

14.62

EGC - 1

11.70

38.14

EGC - 2

12.50

53.27

AB - 1

9.50

59.10

AB - 2

13.50

40.71

JCC

17.30

24.27

Figure 3 - Correlation between DCP x CBR in situ.

4.5. Proposed urban pavements design method
As shown in Table 5, the found soils were in its majority, A-2-4 kind, because it is a silty clay. Therefore, the
results of the DCP and CBR in situ were correlated to the
soils A-2-4 kind.
Figure 3 shows the correlation graphic of the DCP x
CBR in situ to the materials classified according to the
HRB as A-2-4 that are silty clays.
The regression equation correlating the CBR in situ
and DCP indexes, relating the curve of the graphic, from
the adopted model will be (Eq. 3):
log (CBR) = 2.98-1.257.log (DCP)
or
CBR = 950.55.CPD-1,257

(3)

Table 9 presents, in a detailed form, the results of the
CBR obtained by means of the equations determined by the
correlations in function of the penetration indexes of the
DCP to the soils A-2-4.
Analysing the values of the calculated CBRs by the
proposed equation the values are quite closer to the ones
found in field, except by the wells FBM - 01, FBM - 02 and
EGC - 02 where it is found soils silty and gravel types.
It is also observed, that the founded equation is equivalent to the known values in the bibliography, presented in
Table 1.
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The method suggests the design of urban pavements
based in the following characteristics:
• with two tracks of traffic variation: very light and light
traffic;
• in the structural characteristics of the subgrade, obtained
in the field, in case of this research the acquired results
with the test of the DCP, expressed in penetration index
(mm/hit);
• in the thicknesses recommended by U.S. Corps of Engineers for urban pavements with low volume traffic;
• and in designed cross sections of urban pavements types
suggested by the City Hall of São Paulo (PMSP), what
allows a quick convergence to a determinate kind of
pavement.
The presentation of the design method proposed
obeys to the following sequence: subgrade, traffic and the
layers of the pavement.
4.5.1. Subgrade
The subgrade soil will be presented by its capacity of
support that is given from the results of the test with DCP
considering, to the calculation of the penetration index with
the first hit of the hammer.
This procedure is not applied to the calculation of the
total thickness of the pavement in case of subgrades with
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Table 9 - Values of CBR, obtained from the equation of correlation to the soils A-2-4, in function of the penetration indexes obtained with the CPD.

is recommended to adopt k = 1 to the sub-base or reinforcement of the subgrade, when necessary.
4.5.4. Pavements thicknes design

Well

DN (mm/hit) cons. o 1° hit

CBR (%)

AL- 01

18.40

24.44

AL- 02

15.00

32.69

log(CBR) = 2.98 -1.257 log(DCP) ®

FBM - 01

6.40

92.17

FBM - 02

18.60

24.11

EGC -01

11.70

43.19

æ CBR ö
DCP = ç
÷
è 950.55 ø

EGC - 02

12.50

39.73

AB - 01

9.50

56.10

AB - 02

13.50

36.06

JCC

17.30

26.41

penetration indexes superior to 134.75 mm/hit, because,
with these results it is obtained subgrades with low capacity
of support (CBR £ 2%). In this case the subgrade soil must
be substituted by soil with CBR ³ 5% and expansion £ 2%.
4.5.2. Traffic
The traffic in the urban-road design was classified in
two kinds to essentially residential streets:
• Very Light Traffic - essentially residential streets, with
no forecast of bus traffic, and can occasionally exist, passages of trucks in a number not superior to three (03) per
day, per traffic lane, characterized by a typical number N
of 10000 (104) requests of the pattern simple axis to the
life time of 10 years (Senço, 1997).
• Light Traffic - streets of essentially residential characteristics, forecasting the bus traffic, and can occasionally
exist, passages of trucks or buses in number not superior
to fifty per day, per traffic lane, characterized by a num5
ber N - operations equivalence, typical of 100000 (10 )
requests of the pattern simple axis (8.2 ton), to the life
time of 10 years (Senço, 1997).
4.5.3. Pavements layers
The pavements layers are considered in function of
the structural equivalence coefficient, which is a number
that relates the thickness of the layer, constituted of pattern
material, with the equivalent thickness of the material that
will effectively compose this layer.
According to Senço (1997), the pavement layers have
an effective thickness (ER) equal to the sum of the layer
thicknesses and an equivalent thickness (Eq), calculated by
the sum of the product of the effective thicknesses of the
layers by the respective structural equivalence coefficients
of the materials that compose them.
The proposed coefficients of structural equivalence
(k) are based and exposed by the method of the DNIT (former DNER) and by the design method of the City Hall of
São Paulo (PMSP). The values are presented in Table 10. It
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The value of the CBR is obtained from Eq. 3 of the
correlation with the DCP.
(3)

- 1 1 . 257

With the established correlation, it is predicted the
value of the DN correspondent to each CBR and then it is
obtained the thicknesses to each penetration index.
The total thicknesses of the pavement to this method
were obtained based in the abacus of the U.S. Corps of Engineers. By means of the proposed equation (Eq. 3), it is
found the penetration index (mm/hit) of the DCP, in function to the values of CBR (%) and the values of the thicknesses to each traffic presented in Table 11 or in the abacus
of Fig. 3.
With the total thickness necessary for the pavement
(ETOTAL), according to the traffic (T), the option was
made for one of the design alternatives, where it is obtained the thickness of the covering + base thickness (ERB
or Eq). The thickness of the sub-base corresponds to the
difference between the total thickness and the equivalent
thickness (ESUB = ETOTAL - Eq). The equivalent thickness is the sum of the layers thicknesses multiplied by the

Table 10 - Structural equivalence coefficient (k) to various materials (Source: Silva Júnior, 2005).
Type of material

Symbol Coefficient - k

Revestment of the asphaltic concrete

CA

2.0

Revestment of the thin concrete

CM

2.0

“Binder” or Pre-mixtured by heat

BI

1.8

Base of soil-cement

SC

1.7

Base or revestment pre-mixtured by
cold, of dense graduation

PMF

1.4

Asphaltic revestment of penetration

PI

1.2

Articulate Pavement of concrete

PA

1.2

Base of bituminous macadame

MB

1.2

Granular Base

BG

1.0

Base of hydraulic macadame

MH

1.0

P

1.0

BCS

0.9

A

1.0

Revestment cobblestone type in
pavement stone
Selected Running Gravel
Clay

Obs: Old pavements of pavement stone, when recovered with bitumen mixtures, the value of k can vary from 1.2 to 1.8 in function
of the behavior, bulging and sealing of the pavement stones.
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Table 11 - Total thicknesses of the pavement in function of the
values of CBR, obtained based in the abacus of U.S. Corps of Engineers.
CBR (%)

DN (mm/ hit) Total thickness of pavement (cm)

5. Conclusions

Traffic
Very light

Light

2

134.78

60

70

3

97.62

46

57

4

77.65

39

48

5

65.02

34

42

6

56.24

30

37

7

49.75

27

33

8

44.74

24

30

9

40.74

22

27

10

37.46

20

25

12

32.40

17

22

15

27.13

15

18

17

24.56

13

16

20

21.58

11

14

25

18.07

9

12

30

15.63

8

10

Comercials vehicles by day in a direction
Máx. 3

Máx. 50

respective structural equivalence coefficients of the same
type project.
It is important to mention that for the proposed abacus
that all the materials of layers of the pavement have structural equivalence coefficient equal to one (k = 1).
Figure 4 presents the abacus for the design of the total
thickness of the pavement.
With the value of the penetration index (axis X) obtained with the Dynamic Cone Penetrometer and in function of the kind of traffic (Very Light or Light), one finds
the total thickness of the pavement in cm (axis Y).

Figure 4 - Abacus of design of the total thickness of the structure
of the pavement in function of the penetration index of the DCP,
and of the traffic (T), to the proposed method Very Light Traffic.
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By this proposed design method for urban pavements
it becomes possible from the Dynamic Cone Penetrometer,
as a tool to evaluate the support capacity of subgrade soils,
to design streets pavements of low volume traffic.

The DCP, unlike the CBR in situ, is a practical test,
quick and more economical due to its easy execution and
semi-destructive nature, with no great movement of soil.
When the tests of DCP and CBR in situ correlate each
other to all kind of soils found in the inspection wells, there
is no practical correlation between them. This is due to the
fact that the conditions found in field, to each kind of soil,
are diverse enough because they present countless variables
(variation of the water content, density, grain size, kind of
soil, confinement state, etc.).
The correlations found in this work serve only to the
penetration indexes obtained with the DCP and the values
of CBR in situ to the soils A-2-4 and SM. Therefore, these
correlations do not necessarily serve to other kind of soils.
The creation of an abacus in the urban pavement design method aims to simplify the design practice, leaving
little margin to the variant studies, converging quickly to a
project-type economically recommended.
The result of the proposed method suggests smaller
thicknesses to the pavement when compared to the ones obtained by the DNIT method. This results in lower costs
when talking about the execution.
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Engineering Geological Mapping in the Basaltic Cuestas,
São Paulo State, Brazil
A.E.S. de Abreu, O. Augusto Filho
Abstract. Some difficulties of performing an engineering geological mapping task in sites where residual and transported
sandy soils are widespread are discussed in this paper. The study area is located in the municipality of Analândia in the
southeast of Brazil. In this region landscape evolution is dominated by scarp retreat and relief inversion processes. As
transported and residual soils have very similar grain size distributions, the results of geotechnical tests performed on both
kinds of soils are very similar. Understanding the regional landscape evolution was essential for performing the mapping
task. The method used combined aspects of engineering geological mapping based on synthetic and analytical approaches
and it is strongly supported by field observations. The expected engineering behaviors of the mapped units are presented.
Some of the units correspond to colluviums that occupy hilltops, a geomorphological position were they would not be
expected. Moreover, the “stone lines” are common features in the area and their identification clearly defines the
unconsolidated material as allochtonous. However, they are not always located at the bottom of the colluvial deposits, and
sometimes they are not present at all or show lateral discontinuity. Some other characteristics are distinctive of these
widespread deposits.
Keywords: residual and transported sandy soils, “stone line”, relief inversion, “Basaltic Cuestas”.

1. Introduction
The purpose of engineering geology is to provide basic information for the planning of land-use and for the design, construction and maintenance of civil engineering
works. A map provides the best impression of a geological
environment, including the character and variety of engineering geological conditions, their individual components
and their interrelationships (UNESCO, 1976).
Maps are primarily instruments for arranging, storing, transmitting and analyzing information about the spatial distribution of attributes. Spatial extrapolation or the
assertion that place B has the same set of attributes known
at place A, even though not all the attributes were measured
or observed at B, is one of the transformations to be made
by the specialist, when constructing a map (Varnes, 1974).
Interpreting the units genetically is essential to allow reliable extrapolation of data.
This paper outlines the engineering geology of an
area in the “Basaltic Cuestas”, a typical landscape in São
Paulo State, in the southeast of Brazil, and it presents the
expected geotechnical behavior of each mapped unit.
Emphasis is placed on the experiences and specific
difficulties of performing an engineering geological mapping task of the residual and transported sandy soils in a
subtropical area where several different sandstone formations outcrop and which is affected by cliff retreat and relief
inversion processes.

The experience gained in this research should prove
useful in other areas with similar engineering geological
conditions and weathering profiles of the “Basaltic Cuestas” geomorphologic province, which occurs in three different countries in South America (Paraguay, Uruguay and
Brazil).
Mapping the area also aimed at gathering information
about the physical environment to support land use planning. The use of the engineering geological data gathered in
this case study for land use planning is discussed in Abreu
& Augusto Filho (2012).

2. Study Area
The study area is located in the southeast region of
Brazil, in São Paulo state (Fig. 1) and comprises the municipality of Analândia with a total area of 327 km2. It is situated in a phanerozoic sedimentary basin called Paraná Basin. The Pirambóia, Serra Geral, Botucatu and Itaqueri
geological formations outcrop in the area (Table 1).
Most of the study area is located in the geomorphological province called “Basaltic Cuestas”, with altitudes ranging from 760 to 1020 m a.s.l. Only the south and
central areas along the Corumbatai river are located in the
“Peripheral Depression”, with altitudes ranging from 560
to 760 m a.s.l. (Fig. 2).
The Basaltic Cuestas are an erosive feature of the
Paraná basin border and are considered to have been
formed in the Tertiary in the São Paulo state area (Fulfaro,
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Table 1 - Simplified stratigraphic column of the study area

Figure 1 - Location of the study area.

1975). In Analândia, this geomorphological province corresponds to two cliff systems, sometimes separated from
one another: the lowest one is supported by the diabases of
the Serra Geral Formation and ranges from 760 to 800 m.
The upper one is supported by the Botucatu sandstone, with
altitudes ranging from 800 to 900 m.
Melo et al. (1998, apud Melo & Cuchierato, 2004)
recognized five planation surfaces having regional extent in
the region, which can be interpreted as pediplains formed
during Paleogene, Neogene and Quaternary in arid or semi-arid climates. Only three of them occur in the study
area. Planation surfaces “A” and “I” were formed during
the Paleogene and are located in the Basaltic Cuestas geomorphological province. Their altitudes range from 800 to
880 m (surface “I”) and above 1,000 m (surface “A”).
Planation surface “B” was formed during Neogene and is
situated in the Peripheral Depression geomorphological
province. Its altitude ranges from 700 to 780 m.
According to the Koeppen classification, the predominant climate is type Cwa (humid mesotermic subtropical),
with hot and rainy summers, as well as mild dry winters.
The average precipitation is 1,350 mm/yr. Most of the
study area was assigned as a protected area in 1983 due to
its scenic beauty, as well as the remnants of local flora and
fauna.

3. Method
The method used in this research combined characteristics of different existing methods of engineering geological mapping and it was presented in details by Abreu &
Augusto Filho (2009). Basically, this method joined aspects of the synthetic approach, which is used by several researchers, such as Culshaw et al. (1990), Schalkwyk &
Price (1990) and Nakazawa (1995), and aspects of the ana-
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Formation

Age

Lithology

Itaqueri

Tertiary

Siltstone, sandstone,
claystone

Serra Geral

Jurassic-Cretaceous

Basalt and diabase

Botucatu

Jurassic-Cretaceous

Sandstone

Pirambóia

Triassic

Sandstone

lytical approach, used by UNESCO (1976), Zuquette et al.
(2004, 2009) and others. A Geographical Information System – GIS (Arcview) was used to combine information on
surface and subsurface investigations and laboratory tests.
The mapping task was done on two different scales: a
regional scale (1:50,000), covering the whole municipality,
and a local scale (1:10,000), covering the urban area where
geological hazards proved to be more intense. This progressive elaboration and zooming in of the mapping task was
performed by other authors, such as Cerri et al. (1996) and
the ZERMOS program by the French Laboratoire de Ponts
et Chausse’s, Paris (Antoine, 1977).
The engineering geological mapping was carried out
in three stages: the first stage comprised desk work and
aimed at gathering the information already available for the
area (government agencies, private consulting firms and research institutes), interpreting the aerial photographs and
producing the digital elevation model. Field activities were
undertaken, aiming at understanding the most significant
geological processes occurring in the area (synthetic approach). This first stage determined the relevant attributes
for the engineering geological mapping.
The second stage consisted of field activities and desk
work needed to map these attributes (bedrock, unconsolidated materials and slope), as well as drawing the preliminary engineering geological map (analytical approach).
Special attention was drawn in this stage to defining the
typical weathering profile for each engineering geological
unit and to deciding which soil samples could be regarded
as representative of the respective profile.
The third stage comprised sampling and testing the
materials representative of each typical weathering profile.
Transfering geological data into geotechnical behavior involved an analysis of the test results and of the geological
processes observed in the area, and relied on previous experience of the mapping team. This stage led to reviewing the
unit division proposed on the second stage and drawing the
final engineering geological map of the area (regional
scale).
At this point, the urban area had already been identified as an area where unit detailing was necessary and the
second and third stage activities were undertaken for mapping the urban area on a local scale. Data processing and final map preparation were carried out digitally using GIS
tools.
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Figure 2 - Regional relief of the study area.

The approach proposed by Vaz (1996) was used to
describe the weathering profiles. It comprises tropical soils
and is based on a life-long experience in dealing with engineering geology in building and repairing dams, roads and
tunnels in all kinds of rocks. This classification is based on
the origin of the materials and encompasses transported and
residual soils. In the study area, the transported soils consisted of alluviums, colluviums and talus.
For the in situ materials, the weathering profiles were
divided into two significant horizons: residual soil, which
corresponds to diggable material, and rock, which corresponds to rippable and blastable materials. The residual soil
was subdivided into eluvial soil, which is homogeneous
and shows no more traces of the original rock, and
saprolite, which is heterogeneous and shows properties inherited from the parent rock.
The rock horizon was subdivided into weak weathered rock (WWR), hard weathered rock (HWR) and fresh
rock (FR). WWR corresponds to a rippable, considerably

Soils and Rocks, São Paulo, 35(2): 189-198, May-August, 2012.

weakened material, in which discoloration is penetrative.
HWR and FR correspond to blastable material. FR is the
material unchanged from the original state and HWR is the
material that shows slight discoloration and weakening, especially along fractures. A description of a weathering profile does not necessarily include all these five subdivisions.
Weak rocks typically show only the more weathered horizons, while hard rocks usually develop a complete weathering profile.
A total of 151 outcrops were described. Twenty disturbed and 20 undisturbed samples were collected. Samples
were taken from slide planes, excavations, quarries and
road cuts. Bearing in mind that it is crucial to transfer geological data into mechanical parameters, and to work with a
minimum budget at the same time, few samples were taken
for each unit, after considering which outcrops could be regarded as representative of the weathering profile for each
unit.

191

Abreu & Augusto Filho

The Atterberg limits, grain size distribution, unit
weight, specific gravity and void ratio were determined in
accordance with ASTM standards. The “activity” of the
soils, as defined by Skempton (1953), was calculated.
The results of 115 m of boreholes with Standard Penetration Tests (SPT) performed in the urban area and 122 m
performed in a nearby quarry were also considered for the
characterization of the units.

4. Mapped Engineering Geological Units
Twelve individual engineering geological units were
defined in the study area based on their origin, composition
and expected geotechnical behavior. As expected for a subtropical climate, most of these units correspond to unconsolidated materials. Only two of them are characterized as
fresh rock domains. The main characteristics of these engineering geological units are described as follows:
4.1. Unit 1- Recent alluvium
This includes loose soil deposits which occupy the
river floodplains. They consist of clayey sands with light to
dark grayish colors, sandy dark gray organic clays and
brownish clayey gravels. These layers tend to be discontinuous and saturated. The engineering difficulties expected
for this unit are low bearing capacity and differential settlements, as well as flooding prone areas.
4.2. Unit 2 - Recent talus
These deposits occupy the cliff footslopes in the present landscape. They consist of sandstone blocks, basalt-core
gravels and a sandy or clayey sandy matrix, in variable proportions. The watertable forms at the bottom of the deposits.
The geological processes associated with this unit are rotational landslides, especially in the rainy season, and creep.
4.3. Unit 3 - Sandy colluvium
These are terrestrial deposits, 5 to 15 m thick. They
are composed of non plastic brownish or orange sands, with

massive porous fabric, classified as SP-SM or SW-SM in
the Unified Soil Classification System (USC).
They occur at the hilltops and slopes of broad hills
with slopes ranging from 0 to 20% and elevations ranging
from 680 to 880 m (Fig. 2). Melo & Cuchierato (2004)
wrote about the origin and characterization of these deposits, which are regarded as quaternary colluvial-eluvial covers, and assigned them to the Santa Rita do Passa Quatro
Formation.
“Stone lines” can usually be identified in these deposits. They should indeed be called “stone layers”, as proposed by Morrás et al. (2009), because they are a threedimensional body. In the study area these “stone lines” are
flat or undulating sub-horizontal surfaces, which parallel
the slope surface only when the slope is gentle. The gravel
in the “stone lines” is formed of basalt, silica cemented
sandstone, iron oxides cemented sandstone, ferricrete angular fragments and rounded quartz cobbles. The matrix is
sandy, showing the same characteristic of the layers above
and underneath the “stone line”. Its thickness varies from
0.1 to 0.6 m and it can either show large lateral continuity
(over a hundred meters) or it can be discontinuous. It may
appear at the bottom of the deposit, but it is also often observed in the middle of it (Fig. 3) and sometimes there are
various “stone line” levels in the same deposit.
These deposits have low bearing capacities and high
compressibility, as stated by the SPT N values, which range
from 0 to 9. They are prone to linear erosion and shallow
translational slides. They are mined for the foundry and
construction industries. Moreover, circular slides are common in road cuts.
4.4 Unit 4 - Clayey-sandy colluvium
These are tertiary-quaternary terrestrial deposits,
which are over 7 m thick. They are composed of red brownish clayey sands, with massive porous fabric, classified as
SC or SC-SM in the USC. They often present a “stone line”,
with the same characteristics of the “stone lines” described

Figure 3 - Stone line in the middle of the sandy colluvium. A: Outcrop general aspect. B: Close view.
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for the sandy colluviums (unit 3), except that the matrix is
of clayey-sandy material.
This unit occupies the hilltops at the southwest of the
study area, with elevations ranging from 780 to 870 m a.s.l.
(Fig. 2). A colluvial origin is not expected for this geomorphological position, but the presence of the “stone
lines” suggests an allochthonous origin for these covers.
These deposits are expected to have low bearing capacities and to behave as collapsible soils. They show little
tendency to linear erosion and shallow translational slides
are common in road cuts. This material is very adequate for
fills, especially when impermeability is desirable.
4.5. Unit 5 - Sandy-gravelly colluvium
This unit comprises various layers of transported soils
with different grain sizes and thicknesses (0.05 to 3 m) that
are interpreted as remnants of old talus or alluvial fan deposits, formed at the footslope of ancient (eroded) cliffs.
The most common layers are sands, gravelly sands, sandy
gravels or clayey sandy gravels, with gravels composed of
basalt, silica cemented sandstone, iron oxides cemented
sandstone and ferricrete angular fragments and rounded
quartz cobbles. Coal grains are also common and sandstone
blocks occur rarely.
Where the gravel layers are thick, this material is extracted to be used for dirt road conservation, and the exposed layers are now prone to accelerated erosion. It is not
always possible to determine the lateral extent of these deposits, unless large excavations are made, and this was not
the aim of the present study. Nonetheless, site specific investigations in correlated areas must be aware of the possibility of its occurrence.
Engineering difficulties expected when handling
these deposits are heterogeneities for excavation and for
foundations (rock blocks immersed in a clayey-sandy matrix).
4.6. Unit 6 - Duricrusts of the Itaqueri Formation
The duricrusts correspond to tertiary nodular ferricretes that occupy the highest elevations of the study area,
at the top of angular narrow hills. They comprise a 3 m
thick layer formed in a more arid climate which is now being weathered under present climatic conditions. The ferricrete is a rippable material and it has been used by local
farmers for dirty road conservation. The residual soil developed over this layer is eluvial homogenous brown silty
clayey sand (SM) only 0.5 m thick. Coal grains are common in this soil. This unit is expected to have a high bearing
capacity for shallow foundations and very low susceptibility to linear erosion.
4.7. Unit 7 - Residual soils of the Itaqueri Formation
(non duricrusts)
This unit occupies the moderate to very steep slopes
of the angular narrow hills, which occur in the study area in
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altitudes ranging from 940 to 1050 m. It corresponds to the
weathering profiles developed over the conglomerates and
conglomerate sandstones of the Itaqueri Formation. These
profiles are uniformly weathered, and can be over 4 m deep
in moderate and moderately steep slopes and only 2 m deep
in steep to very steep slopes. In fact, no fresh rock has been
identified in the outcrops. Only eluvial soils and saprolites
were described.
The saprolite developed over the conglomerates
shows inherited fabric: the matrix corresponds to a white
and red silty sand (SM – sampled material), where the
weathered gravel of the original conglomerate can be
clearly identified. This horizon shows higher activity than
all the other soils in the area and swells with moisture variations. The eluvial soil developed from the conglomerates is
red clayey silty sand (SC-SM – sampled material).
The conglomerate sandstones showed no eluvial soil,
and the saprolite showed clear inherited interbedded layers:
sandy clays (CL-ML – sampled material) and sandygravels.
These soils can be excavated, but there are cobbles of
ferricrete and quartz on the surface, so mechanized agriculture has to be done carefully. They are moderately prone to
linear erosion. Swelling in the silty sands of the saprolite
horizons and creep in the steep and very steep slopes have
been observed in this unit. These soils are expected to have
low bearing capacity and moderate compressibility.
Pearched watertables occur.
4.8. Unit 8 - Residual soils of the Botucatu sandstones
They are composed of brownish non plastic sands,
with massive fabric, classified as SP-SM. The weathering
profile can be up to 20 m deep and is very permeable and
homogenous. These soils occupy the tops and slopes of
broad hills, with slope angles ranging from 0 to 20% and elevations ranging from 840 to 890 m a.s.l. They are expected
to have low bearing capacities and high compressibility.
They are prone to linear erosion and shallow translational
slides are common in road cuts.
4.9. Unit 9 - Botucatu sandstone cliffs
This unit corresponds to the outcrops of silica cemented sandstone in the cliffs that surround the hills in the
study area. They correspond to the upper cliff described
previously. Residual soil up to 1 m thick may be present
and corresponds to clean sand. Slab and block failures are
common geological processes. The fresh Botucatu sandstone is used in neighboring areas as dimension stone.
4.10. Unit 10 - Residual soils of basalts and diabases
(Serra Geral Formation)
The basalts and diabases which occur in moderate to
moderately steep slopes in the area (angles ranging from 6
to 20%) show thin weathering profiles (2 to 5 m deep). The
rock mass is typically corestone weathered and the eluvial
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soil is clayey, classified as MH, with a high void ratio. This
material is used to maintain dirt roads. Linear erosion and
creep are the most frequent processes in this unit.
4.11. Unit 11 - Diabase cliffs and steep slopes (Serra
Geral Formation)
The diabases hold the lower scarp and neighboring
steep slopes in the study area. The weathering profiles are
corestone, usually less than 1 m deep, or the fresh rock is
covered by recent colluvial soil. Slab and block failures and
shallow translational slides are typical.
4.12. Unit 12 - Residual soils of the Pirambóia Formation
This unit is mainly composed of non plastic sands
(classified as SM-SW soils), gravelly sands and clayey
sands. These soils occupy the tops and the slopes of broad
hills in altitudes ranging from 560 to 840 m.
The unit can be subdivided into three subunits, according to slope angles and corresponding erosion susceptibility (0%-12% - low tendency to erosion; 12%-20% moderate tendency to erosion and 20%-40% - high tendency to erosion). This subdivision was based on a statistical analysis of the distribution of the existing linear erosions lengths in the various slope angle ranges.
The weathering profile can be over 30 m deep, showing only eluvial soil, saprolite and WWR horizons up to this
depth. WWR is of interest as raw material for the glass industry. Saprolite and eluvial soil are of interest for the
foundry industry. Eluvial soils give SPT N values of 3 to 9
and are up to 6 m thick. Saprolites give SPT N values of 7 to

13 in the first three meters and 28 to impenetrable to the
SPT for another 3 to 4 meters, where they reach the WWR
layer.
These soils are moderately permeable and develop
pearched watertables over the clayey layers. Piping is a
common process. They are diggable materials expected to
have low bearing capacity for shallow foundations and to
show high compressibility. Natural slopes with positive
breaks show rotational landslides.
Table 2 presents the area distribution of the engineering geological units in the study area and summarizes their
expected geotechnical behavior. Tables 3 and 4 present the
results of the laboratory tests for the soils considered to
stand for units 3, 4, 6, 7, 8, 10 and 12.
Units 1, 2 and 5 were not sampled, because they correspond to naturally discontinuous and heterogeneous materials and a few samples would not be representative of
their variability. Units 9 and 11 were not sampled either,
because no tests were performed on fresh rocks. Units 7 and
12 show significant variability in terms of grain size and
only the most significant (or widespread) layers have been
sampled.
Figure 4 illustrates the spatial relationships between
the engineering geological units mapped using a south to
north cross section of the study area.
Unit 3, which corresponds to sandy colluviums,
stands out for covering over 50% of the land area. Residual
soils of the Pirambóia Formation (Unit 12) also cover a significant municipal land area.

Figure 4 - Cross section of the study area with the mapped engineering geological units.
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Table 2 - Engineering geological units and their expected geotechnical behavior.
Engineering geological units

Expected geotechnical behavior

Municipal land
area (%)

1-Recent alluvium

Low bearing capacity for shallow foundations and differential settlements.
Diggable material. Areas subjected to annual flooding.

2.3

2-Recent talus

Rotational landslides, especially in the rainy season, and creep. Heterogeneities
for excavation and for foundations.

1.9

3-Sandy colluviums

Low bearing capacity for shallow foundations and high compressibility.
Diggable material. High tendency to linear erosion. Shallow translational slides
and circular slides in road cuts.

50.5

4-Clayey-sandy colluviums

Low bearing capacity for shallow foundations and collapse. Shallow translational
slides in road cuts. Material is diggable and very adequate for fills, especially
when impermeability is desirable.

5.6

5-Sandy-gravelly colluviums

Heterogeneities for excavation and for foundations. This material is exploited for
dirt road conservation. Accelerated linear and laminar erosion takes place in exposed areas.

0.2

6-Duricrusts of the Itaqueri
Formation

Rippable material, which has been used for dirt road conservation. High bearing
capacity for shallow foundations and low susceptibility to linear erosion.

1.5

7-Residual soils of the Itaqueri
Formation

Swelling in the silty sands of the saprolite horizons. Creep in the steep and very
steep slopes. Low bearing capacity for shallow foundations and moderate compressibility. Perched water tables occur. Moderately prone to linear erosion.
Diggable material, but there are cobbles of ferricrete and quartz on the surface, so mechanized agriculture must be done carefully.

7.4

8-Residual soils of the Botucatu
Formation

Low bearing capacity for shallow foundations and high compressibility. Prone to
linear erosion. Shallow translational slides in road cuts.

2.0

9-Botucatu Formation cliffs

Slab and block failures. Fresh Botucatu sandstone is quarried as dimension stone.

5.0

10-Residual soils of basalts and Linear erosion and creep are the most frequent processes in this unit.
diabases (Serra Geral Formation) Heterogeneities for excavation and for foundations. Typically corestone weathered material used to maintain dirt tracks.

1.8

11-Diabase cliffs and steep
slopes (Serra Geral Formation)

Slab and block failures. Shallow translational slides.

2.6

12-Residual soils of the
Pirambóia Formation

Perched water tables over the clayey layers are common. Piping is expected.
Diggable material. Low bearing capacity for shallow foundations and high compressibility. Natural and man-made slopes show rotational landslides. Erosion susceptibility varies from low to high, depending on slope angle. Weak weathered
rock horizons are of interest for the glass industry. Eluvial soils and saprolites are
of interest for the foundry industry.

19.2

Table 3 - Engineering geological units, grain size distribution and Unified Soil Classification (USC).
Engineering geological units

Grain size distribution (%) (according to ASTM D422-63)
Gravel

Sand

3-Sandy colluviums

0-2

88-90

3

5-9

SP-SM (SW-SM)

4-Clayey sandy colluviums

0-1

67-77

6-8

16-25

SC (SC-SM)

2

49

20

29

SM

6-Itaqueri Formation – Duricrusts

Silt

USC

Clay

7- RS* Itaqueri Formation

0-9

39-67

10-20

10-44

CL-ML; SC-SM;

8- RS Botucatu Formation

0

65-91

4-20

5-15

SP-SM

10-RS Serra Geral Formation

0

3

24

73

MH

12-RS Pirambóia Formation

0-2

77-90

4-13

4-10

SW-SM

(*)RS = residual soil.

Soils and Rocks, São Paulo, 35(2): 189-198, May-August, 2012.

195

Abreu & Augusto Filho

Table 4 - Engineering geological units, field density (rnat), field dry density (rd nat), specific gravity (rs), field void ratio (enat), liquid limit
(wL), plastic limit (wP) and activity of the clay fraction (A).
Engineering geological units

rnat (g/cm3)

3-Sandy colluviums
4-Clayey sandy colluviums
6-Itaqueri Formation – Duricrusts
7- RS* Itaqueri Formation
8- RS Botucatu Formation

rd nat (g/cm )
3

rs (g/cm )
3

wL (%)

wP (%)

A

1.573-1.675 1.505-1.618 2.791-2.833 0.729-0.854

-

NP

-

1.427-1.676 1.322-1.587 2.722-2.849 0.775-1.145

21-32

15-18

0.28-0.67

1.627

1.445

2.780

enat

0.924

1.455-1.775 1.300-1.588 2.848-2.986 0.880-1.191

37

29

0.33

39-64

25-44

0.36-2.86

*

2.625

*

*

-

NP

-

10-RS Serra Geral Formation

1.668

1.217

3.156

1.593

98

46

0.80

12-RS Pirambóia Formation

1.636

1.544-2.780

2.786

0.804

-

NP

-

(*)RS = residual soil; * = sample was damaged during transportation.

Some of the units have economic or scenic importance, even though they account for a small land area. For
instance, Unit 9 (Botucatu sandstone cliffs) accounts for the
scenic beauty of the area and for the income from tourism.
Unconsolidated materials of units 5 (sandy-gravelly colluviums), 6 (duricrusts of the Itaqueri Formation) and 10 (residual soils of the Serra Geral Formation) are used for dirt
road conservation in the rural areas.

5. Discussion
One of the most challenging aspects of the performed
mapping task was to identify the origin of the various sandy
unconsolidated materials which occur in the area and to
map their continuity. As described previously, units 3, 4, 8
and 12 are composed mainly of sandy materials (over 65%
of their grain size distribution).
As weathering profiles developed over sandstones are
relatively simple, when compared to those developed over
igneous and metamorphic rocks (Price, 1995), one would at
first expect that mapping the engineering geological units
in the study area would be an easy task.
The fact that the landscape in the area is marked by
cliff retreats implies that transported soils are widespread in
the study area and mapping their distribution makes the
mapping task much more complicated.
Moreover, there are two separated cliff systems in the
study area, which are locally joined in one escarpment. This
implies that the terrestrial transported unconsolidated materials (talus and colluviums) derived from the retreat of the
upper cliff system may occupy the hill tops of the lower
cliff system, and that characterizes a process of relief inversion. Figure 5 is an interpretation of how the landscape
evolved in the area during Paleogene and Neogene adapted
from Vaz (1997).
This is typical of Unit 4 in part of the study area
(Fig. 4). Materials classified as Unit 4 can be easily distinguished from the other sandy materials, both in field work
and when comparing laboratory test results, because their
clay content (minimum 16%) is sufficient to give them
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plasticity and this alters their geotechnical behavior significantly. Moreover, the material shows a distinctive red
brownish color, when compared to the other yellowish
sandy materials which characterize units 3, 5, 8 and 12.
However, as they occupy hill tops and show this particular
color, they have been mapped as residual soils derived from
diabases in some of the previous work done in the area.
Identifying “stone lines” has proved that they are terrestrial
transported soils derived from the weathering of basalts and
sandstones in the upper cliff retreat process. As the area is
undergoing relief inversion, “stone lines” occupy hilltops
nowadays.
Units 3, 8 and 12 are all composed mostly of nonplastic unconsolidated materials classified as SW-SM-SP
soils. Figure 6 shows a comparison of their grain size distribution, highlighting the difficulty in distinguishing one
from the other, considering the test results only. This situation could even be expected, as the sandy colluviums are
basically transported soils formed by sandstone cliff retreats. In other words, Unit 3 is a transported soil derived
from materials of Unit 8, which explains their similarities.
Unit 12, although not directly related to the origin of Unit 3
(except locally), is composed of sandy soil profiles, which
can mistakenly be interpreted as belonging to Unit 3, if their
origin is not properly identified.

Figure 5 - Schematics of landscape evolution in the study area
(m.y.a. = million years ago).
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and has occasionally an interbedded clayey-sandy layer or
a sandy-clayey layer, and thus it can be identified in the
field and in comparing test results.

6. Conclusion

Figure 6 - Range grain sizes of the engineering geological units:
sandy colluviums (3); residual soils of Botucatu formation (8) and
residual soils of Pirambóia formation (12).

Although their expected geotechnical behavior is
similar, especially for units 3 and 8, it is important to map
these materials as separate units. Understanding their genesis is essential to defining their spatial distribution and extrapolating expected behaviors for land-use planning and
engineering design purposes. Field work is essential to distinguish between these two units. The sandy colluviums
(Unit 3) show a distinctive porous massive fabric with scattered quartz pebbles (4-64 mm). In the residual soils of the
Botucatu Formation (Unit 8) the fabric is massive, but less
porous, and the quartz pebbles are not common.
Identifying a “stone line” is a decisive factor in considering the sandy material as transported, but unfortunately this is not always possible. On one hand, because the
“stone line” is not always present in the deposit and on the
other hand, because sometimes the outcrop is not high
enough to show the “stone line”. “Stone lines” covered by
1.5 up to 10 meters of sandy material were identified in the
study area.
There is much controversy in the literature about the
origin of “stone lines” and results obtained so far suggest
that there may exist allochthonous and autochthonous “stone lines” (Braucher et al., 1998; Lichte & Behling, 1999;
Brown et al., 2004; Morrás et al., 2009). The characteristics
of the “stone lines” in the study area suggest that they are
allochthonous, in accordance with Melo & Cuchierato
(2004). The cobbles in the “stone lines” are clearly transported material, because they include siliceous and iron cemented sandstone and laterite fragments, similar to those
that occur in Unit 6 on hilltops of the upper cliff system
(highest elevations of the area).
Moreover, in many outcrops more than one “stone
line” was identified, which proves that they are not necessarily located at the bottom of the transported material layer
and belies common sense that their identification characterizes the end of the deposit (e.g. Landim et al., 1974; Giacheti et al., 1993).
Mapping Unit 12 and separating it from the other
sandy materials is relatively easy and clear, because it
shows greater variability in grain size distribution (Fig. 6)

Soils and Rocks, São Paulo, 35(2): 189-198, May-August, 2012.

The method used for this mapping task combines the
characteristics of other different methods presented in the
technical literature and is able to gather sufficient information about the geological setting of a region, while working
with a minimum budget. It combines field and laboratory
work, as well as data from superficial and subsurface investigations.
Twelve engineering geological units have been
mapped in Analândia. The expected engineering properties
of these units, as well as the geotechnical problems which
occur in the area were presented. Because the study area is
part of a larger, geologically and geomorphologically similar terrain, the anticipated problems here are relevant to
other similar areas.
As the area is almost entirely covered by sandy soils,
one could first expect that there would be no significant differences in their response to the various engineering tasks.
However, this study has shown that, although these soils
have similar behavior, they also show distinctive characteristics. Understanding their origin is the only way of reliably
extrapolating their characteristics and mapping their lateral
continuity and spatial distribution.
In the Analândia municipality, some of these sandy
soils are colluviums and occupy geomorphological positions were they would not be expected (hilltops). Their position in the present landscape is explained by the fact that
the area is undergoing relief inversion. Understanding the
evolution of the regional landscape is essential for mapping
these units.
These tertiary-quaternary colluviums are widespread
in the border of the Paraná Basin in the southeast of Brazil
and play an important role in engineering. On one hand, it
has been determined that there are three different kinds of
colluviums in the area: sandy colluvium, clayey sandy colluvium and sandy gravelly colluvium. On the other hand, it
has been shown that it is impossible to distinguish between
residual soils developed over the sandstones and the sandy
colluvium, based only on currently used geotechnical tests
(grain size distribution and Atterberg limits). Understanding the occurrence of these deposits in the present landscape and observing their undisturbed characteristic in
natural or artificial cuts is essential for mapping their spatial distribution.
Moreover, it has become clear that “stone lines” are
not always located at the bottom of the colluvial deposits,
and sometimes they are not present at all or show lateral
discontinuity. Identifying a “stone line” clearly defines the
unconsolidated material as allochtonous, but this is not the
only distinctive characteristic of these deposits. Their mas-
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sive porous fabric is also an important characteristic, which
must be observed in field work.
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Simulation of the Mechanical Behavior of Fiber Reinforced
Sand using the Discrete Element Method
R.Q. Velloso, M.D.T. Casagrande, E.A. Vargas Junior, N.C. Consoli

Abstract. The general characteristics of granular soils reinforced with fibres have been reported in previous studies and
have shown that fibre inclusion provides an increase in material strength and ductility and that the composite behaviour is
governed by fibre content, as well as the mechanical and geometrical properties of the fibre. The present work presents a
numerical procedure to incorporate fiber elements into an existing discrete element code (GeoDEM). The fiber elements
are represented by linear elastic-plastic segments that connect two neighbor contacts where the fiber is located. These
elements are characterized by an axial stiffness, tensile strength and length. The effect of the addition of fibers was
evaluated numerically by comparing the stress-strain behavior of a pure sand with and without fibers. These simulations
showed that the addition of fibers provides a significant increase in strength for the mixture in comparison with strength of
the pure sand.
Keywords: DEM, fiber-reinforced soils, biaxial tests.

1. Introduction
Past research has demonstrated that inclusion of fibers significantly improves the engineering response of
soils. Gray & Ohashi (1983) studied the mechanics of fiber-reinforcement in cohesionless soils and showed that inclusion of fibers increased peak shear strength and ductility
of soils under static loads. A number of factors such as fiber
content, orientation of fibers with respect to the shear surface, and the elastic modulus of the fiber were each found to
influence the contribution of fibers to the shear strength.
Later work (e.g. Maher & Gray, 1990; Maher & Ho, 1993;
Morel & Gourc, 1997; Consoli et al., 1998, 1999, 2002,
2004, 2005, 2007a, 2007b, 2009; Zornberg, 2002; Vendruscolo, 2003; Michalowski & Cermák, 2003; Heineck et
al., 2005; Casagrande, 2005 and Casagrande et al., 2006)
has improved understanding of the mechanisms involved
and the parameters affecting the behavior of fiber reinforced soils under static loading conditions.
Within this context, the Discrete Element Method
(DEM) was used in the present work, as a modeling tool for
analysis of micro-scale reinforced soil, to understand how
these materials interact. In particular evaluation was made
of the behavior of soil-polypropylene fibers mixtures, when
compared to a non-reinforced soil.
DEM was introduced by Cundall (1971) for the analysis of rock mechanics problems and later specialized to
granular media by Cundall & Strack (1979). Since then, the

DEM has been utilized to represent the mechanical behavior of pure sands subjected to different loading conditions
(Belheine et al., 2009; Plassiard et al., 2009 and Zhao &
Evans, 2009). However, little work has been reported on
the behavior of sand mixed with fibers using DEM. One of
these studies, Maeda & Ibraim (2008) used DEM for the
study of granular soils reinforced with fibers. In the approach adopted by these authors, fibers were modeled as
particles themselves connected by contact bonds possessing tensile and shear strength but no restriction to rotation,
behaving as hinge connections.
A two dimensional DEM simulation of the mixture of
granular soil and fibers was carried out by implementing a
special procedure to take into account the fiber-soil interaction. This implementation was carried out in the numerical
code GeoDEM (Velloso, 2010) which is a general purpose
discrete element code. Numerical results under biaxial
compression are presented and discussed.
DEM is a method that carries relatively high computational costs. Simulation times for a fair sized problem
may take hours or even days to process. However, the proposed formulation for inclusion of fibers inside the granular
mass does not alter in a significant way the demands in
computing power.
The main objective of the present work is to describe
and to evaluate the proposed procedure for the inclusion of
fibers into the DEM.
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2. Fiber Modeling Inside the Discrete
Element Method
2.1. The discrete element method
Motion of particles and their interaction are modeled
in the present work by the Discrete Element Method
(DEM) implemented in the GeoDEM code (Velloso,
2010). DEM was introduced by Cundall (1971) for the
analysis of rock mechanics problems and later specialized
to granular media by Cundall & Strack (1979). In this
method, Newton’s second law is used to describe the motion of an individual particle. The equation that governs the
translation motion of an individual particle i is:
mi =

dv i nc i
= å Fcij + Fgi + F fi
dt
j =1

(1)

where mi e vi are respectively mass and velocity of particle
i, nci is the number of contacts of particle i. Forces acting on
particle are gravitational force (Fgi), contact forces between
particles i and j (Fcij), forces due to fibers (Ffi).
The equation that governs the rotational motion of
particle i is:
Ii =

dwi nc i
= å T ij
dt
j =1

(2)

where wi is the angular velocity of particle i, Ii is the moment of inertia of particle i, and Tij is the torque generated
by the contact forces between particles i and j. Motion Eqs.
1 and 2 are integrated using a central difference scheme.
Details of expressions for accelerations, velocities and displacements can be found in Cundall & Strack (1979).
The mechanical (macroscopic) behavior of a particular material is simulated in DEM through constitutive models associated to each contact (through the force-displacement relationship). By using the adopted constitutive
model, the contact forces between two particles can be determined. In the present work, a linear elastic-perfectly
plastic (sliding) behavior, whose graphical representation
is shown in Fig. 1, was adopted.
The contact force Fc can be decomposed in normal
FcN and shear forces FcS :
Fc = FcN + FcS

(3)

Normal force is given by:
FcN = K N UN n

(4)

where KN is contact normal stiffness, n is the normal vector
to the contact plane and UN is the superposition between
particles.
UN = R1 + R2 - d

(5)

being R1 e R2 particle radii in contact and d the distance between particles centroid.
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Figure 1 - Linear elastic-perfectly plastic (sliding) model at particle contact.

The shear force is determined in an incremental form.
When a contact is formed, the shear force is initially zero
and the subsequent shear displacements result in increments of this force:
DFcS = k s v sc Dt

(6)

being v sc the relative velocity in the shear direction at the
contact, ks the contact shear stiffness and Dt the time interval. In DEM application to sands, tensile forces at the contact are not allowed and therefore:
if UN < 0 then FcN = FcS = 0

(7)

The sliding model between particles is defined by the
friction coefficient (m) that limits the shear force to a maximum value given by:
FcSmax = m FcN

(8)

If FcS ³ Fcsmax , sliding occurs making:
FcS = FcS

FcSmax
FcS

(9)

After calculations of the contact forces, these are
transferred to the particles and used in Eqs. 1 and 2. Equations 1 and 2 correspond to dynamic conditions. Natural dynamic systems contain some degree of damping otherwise
the system would oscillate indefinitely. Various types of
damping have been proposed in the solution of problems
using the DEM. For the quasi-static problems, such as the
ones included in the present work, local, non-viscous
damping is indicated. Details of characteristics of different
forms of damping can be found in Figueiredo (1991) and in
the user’s manual of the code PFC2D (Itasca, 2002).
2.2. The fiber element
In this work, it is proposed the addition of fiber elements in the code GeoDEM (Velloso, 2010). The implementation is carried out by the addition of fiber elements in
GeoDEM through the use of linear elastic- plastic segments
connecting two neighboring contacts as shown in Fig. 2
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can be generated stochastically, whose distribution are described by average and standard deviation values for length
and direction. Fibers can be generated in the whole domain
or in specific and prescribe regions.

3. Results
A granular sample 5 mm wide and 10 mm high
formed by circular particles having an average diameter of
0.25 mm and a 20% porosity was generated and is shown in
Fig. 4. The micromechanical parameters, shown in Table 1,
were calibrated in a way to obtain the stress strain behavior
of a sand having an effective friction angle of 30°, and
Young’s modulus of approximately 10 MPa for a confining
stress of 100 kPa. One hundred fiber elements having a
length equal to five times the average diameter of the particles were generated in random directions of the sample.
Figure 2 - Graphical representation of fibers between contacts.

(Ferreira, 2010). These fiber elements are characterized by
axial stiffness, tensile strength and fiber length.
The relative displacement of these contacts generates
a force that is transmitted to each pair of particles that forms
the contact. The force due to the fiber is calculated as:
Ff = K f ( L f - L f 0 ) n f

(10)

where Ff is the fiber related force to be transmitted to the
particles, Kf is the fiber stiffness, Lf is the present length of
the fiber segment, Lf0 is the initial length (at the moment the
fiber was generated) of the fiber segment and nf is the unit
vector in the direction that connects the two neighboring
contacts. If the fiber segment shortens, (Lf < Lf0), the fiber
force is zero, that is, the fiber only transfers forces to the
particles when subjected to tensile forces. If the force calculated by Eq. 10 in a fiber segment is larger than the tensile
strength of the fiber, the fiber force becomes zero, this fiber
segment is disabled, indicating failure of the fiber at this
point. With the addition of the fiber elements, the calculation cycle of DEM is shown in Fig. 3.
The generation of fibers is carried out after the granular medium reaches an equilibrium configuration. Fibers

Figure 4 - Granular sample containing fibers (in green, see electronic version).

Table 1 - Micromechanical parameters of particle contacts.

Figure 3 - Calculation cycle in the DEM.

Soils and Rocks, São Paulo, 35(2): 201-206, May-August, 2012.

Normal stiffness (KN)

50 MN/m

Shear stiffness (kS)

25 MN/m

Friction coefficient (m)

0.45
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The axial stiffness of the fibers is 100 MN/m and their tensile strength is 10 kN.

ening, that is, fibers fail completely when reaching their
tensile strength.

Figure 5 shows the stress-strain curves obtained from
the numerical simulations of a sample of pure sand and one
of pure sand with the inclusion of fibers. One is able to observe a significant increase in strength with the addition of
fibers. This increase in strength is also reflected in in the
strength envelope represented in Fig. 6. Figure 7 shows the
influence of the fiber stiffness in the mechanical behavior
of the tested samples. One is able to note that an increase in
stiffness of the fibers, as implemented in the present work,
has the effect of increasing both strength and stiffness of
samples (reflected by their Young’s modulus).
Experimental work (Casagrande, 2005) has shown
that the addition of fibers increase both strength and ductility of sandy soils. The increase in ductility was not observed in the numerical simulations carried out. A possible
reason for this discrepancy is related to the elasto-plastic
model adopted for the fibers. This model incorporates soft-

Figure 6 - Strength envelopes obtained in the numerical simulation of pure sand and sand with fibers.

Figure 5 - Stress-strain curves obtained in the numerical simulation of pure sand (left hand side) and san with fibers (right hand side).
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Figure 7 - Stress-strain curves obtained in the numerical simulation of sand with fibers having different axial stiffnesses.

4. Conclusions
This work presented a simple procedure for the inclusion of fiber elements in the discrete element formulation.
In the proposed procedure, the fiber element is represented
by a virtual segment connecting particles.
Numerical simulations of biaxial compression tests
were carried out in samples of sand and sand mixed with fibers. These simulations showed that the addition of fibers
provides a significant increase in strength for the mixture in
comparison with strength of the pure sand.
However, the increase in ductility due to the addition
of fibers as reported in the literature was not fully observed
in the numerical simulations, indicating that the constitutive model adopted for the fibers has to be improved in order to reproduce all features observed in the experimental
work
A 2D simulation has some limitations to the system,
such as simulating the actual interaction between the granular material and the fibers and their continuity. All phenomena implemented for the 2D case can be extended to 3D
case; however, the 2D model has shown, in a satisfactory
case, the increase in soil strength with fibers insertion.

References
Belheine, N.; Plassiard, J.P.; Donzé, F.V.; Darve, F. &
Seridi, A. (2009) Numerical simulation of drained tria-

Soils and Rocks, São Paulo, 35(2): 201-206, May-August, 2012.

xial test using 3D discrete element modeling.
Computers and Geotechnics, v. 36:1-2, p. 320-331.
Casagrande, M.D.T. (2005) Behavior of Fiber-Reinforced
Soils Under Large Strains. PhD Thesis, Universidade
Federal do Rio Grande do Sul, Porto Alegre (in Portuguese).
Casagrande, M.D.T.; Coop, M.R. & Consoli, N.C. (2006)
Behavior of a fiber-reinforced bentonite. Journal of
Geotechnical and Geoenvironmental Engineering, v.
132:11, p. 1505-1508.
Consoli, N.C.; Casagrande, M.D.T. & Coop, M.R. (2007a)
Performance of a fiber reinforced sand at large shear
strains. Géotechnique, v. 57:9, p. 751-756.
Consoli, N.C.; Heineck, K.S.; Casagrande, M.D.T. &
Coop, M.R. (2007b) Shear strength behavior of fiberreinforced sand considering triaxial tests under distinct
stress paths. Journal of Geotechnical and Geoenvironmental Engineering, ASCE, v.133:11, p. 1466-1469.
Consoli, N.C.; Prietto, P.D.M. & Ulbrich, L.A. (1999) The
behaviour of a fibre-reinforced cemented soil. Ground
Improvement, ICE, Thomas Telford, v. 3:1, p. 21-30.
Consoli, N.C.; Casagrande, M.D.T.; Thome, A.; Rosa, F.D.
& Fahey, M. (2009) Effect of relative density on plate
tests on fibre-reinforced sand. Géotechnique, v. 59:5,
p. 471-476.
Consoli, N.C.; Montardo, J.P.; Prietto, P.D.M. & Donato,
M. (2004) Effect of material properties on the behaviour of sand-cement-fibre composites. Ground Improvement, ICE, Thomas Telford, v. 8:2, p. 77-90.
Consoli, N.C.; Casagrande, M.D.T. & Coop, M.R. (2005)
Effect of fiber reinforcement on the isotropic compression behaviour of sand. Journal of Geotechnical and
Geoenvironmental Engineering, v. 131:11, p. 14341436.
Consoli, N.C.; Montardo, J.; Prietto, P.D.M. & Pasa, G.
(2002) Engineering behavior of a sand reinforced with
plastic waste. Journal of Geotechnical and Geoenvironmental Engineering, ASCE, v. 128:6, p. 462-472.
Consoli, N.C.; Prietto, P.D.M. & Ulbrich, L.A. (1998) The
influence of fiber and cement addition on behavior of a
sandy soil. Journal of Geotechnical and Geoenvironmental Engineering, v. 124:12, p. 1211-1214.
Cundall, P.A. & Strack, O.D. (1979) A discrete numerical
model for granular assemblies. Géotechnique, v. 21:1,
p. 47-65.
Cundall, P.A. (1971) A computer model for simulating progressive, large scale movements in blocky rock systems. In: Proc. Symp. Int. Soc. Rock Mech., Nancy 2,
pp. 129-136.
Ferreira, C.A. (2010) Study of Mechanical Behaviour of Fiber Reinforced Soil by Discrete Element Method. MSc
Dissertation, Departamento de Engenharia Civil, Universidade Católica do Rio de Janeiro, Rio de Janeiro (In
Portuguese).

205

Velloso et al.

Figueiredo, R.P. (1991) Application of Dynamic Relaxation Procedures for the Solution of Geotechnical Problems. MSc Dissertation, Departamento de Engenharia
Civil, Universidade Católica do Rio de Janeiro, Rio de
Janeiro (In Portuguese).
Gray, D.H. & Ohashi, H. (1983) Mechanics of fiber reinforcement in sand. Journal of Geotechnical Engineering, ASCE, v. 109:3, p. 335-353.
Heineck, K.S.; Coop, M.R. & Consoli, N.C. (2005) The effect of micro-reinforcement of soils from very small to
large shear strains, Journal of Geotechnical and Geoenvironmental Engineering, ASCE, v. 131:8, p. 10241033.
Itasca Consulting Group (2002) PFC2D Particle Flow
Code in 2 Dimensions Theory and Background.
Maeda, K. & Ibraim, E. (2008) DEM analysis of 2D fibre-reinforced granular soils. Proc. 4th Int. Symp. on
Deformation Characteristics of Geomaterials, Atlanta,
pp. 623-628.
Maher, M.H. & Gray, D.H. (1990) Static response of sands
reinforced with randomly distributed fibers. Journal of
Geotechnical Engineering, ASCE, v. 116:11, p. 16611677.
Maher, M.H. & Ho, Y.C. (1993) Behavior of fiber-reinforced cemented sand under static and cyclic loads.
Geotechnical Testing Journal, ASTM, v. 16:3, p. 330338.
Michalowski, R.L. & Cermák, J. (2003) Triaxial compression of sand reinforced with fibers. Journal of Geotechnical and Geoenvironmental Engineering, ASCE,
v. 129:2, p. 125-136.
Morel, J.C. & Gourc, J.P. (1997) Mechanical behavior of
sand reinforced with mesh elements. Geosynthetics International, v. 4:5, p. 481-508.
Plassiard, J.P.; Belheine, N. & Donzé, F.V. (2009) A spherical discrete element model: calibration procedure and
incremental response. Granular Matter, v. 11:5, p. 293306.

206

Velloso, R.Q. (2010) Numerical Analysis of Fluid Mechanical Coupling in Porous Media Using the Discrete Element Method. DSc. Thesis, Departamento de Engenharia Civil, Universidade Católica do Rio de Janeiro,
Rio de Janeiro (In Portuguese).
Vendruscolo, M.A. (2003) Behavior of Plate Load Tests on
Soil Layers Improved with Cement and Polypropylene
Fiber. PhD Thesis, Universidade Federal do Rio Grande
do Sul, Porto Alegre (in Portuguese).
Zhao, X. & Evans, M. (2009) Discrete simulations of laboratory loading conditions. International Journal of Geomechanics, v. 9:4, p. 169-178.
Zornberg, J.G. (2002) Discrete frame work for limit equilibrium analysis of fiber-reinforced soil. Géotechnique,
v. 52:8, p. 593-604.

List of Symbols
m: mass of particle
v: velocity of particle
Fg: gravitational force
Fc: contact force
Ff: fiber force
w : angular velocity of particle
I: moment of inertia of particle
T: torque
FcN : contact normal force
FcS : contact shear force
KN: contact normal stiffness
n: normal vector to the contact plane
UN: superposition displacement
R: particle radius
d: distance between particles centroid
v sc : relative velocity in the shear direction at the contact
ks: contact shear stiffness
Dt: time interval
m : friction coefficient
Kf: fiber stiffness
Lf: length of the fiber segment
Lf0: initial length of the fiber segment
nf: unit vector in the direction that connects the two neighboring contacts
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