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Laboratory Parameters of a Soft Soil Deposit in Macaé, Brazil
L.M.M. Póvoa, P.N.C. Nascimento, P.C.A. Maia
Abstract. This article presents the geotechnical parameters from a laboratory investigation of a Quaternary sedimentary
deposit located in a low-lying area of Macaé, Rio de Janeiro (RJ), Brazil, and, when possible, compares these parameters
with those from field tests and other Brazilian studies on soft soils. The deposit is described in terms of its geological origin,
physical, chemical and mineralogical characterization, compressibility, consolidation and strength. To that end, a series of
laboratory tests were performed, including physical, chemical and mineralogical characterization, conventional and
special consolidation, and triaxial tests. The results obtained made it possible to determine the geotechnical properties
considered essential for improving knowledge on the behavior of this layer. Differences between laboratory and field
parameters were observed, and the geotechnical characteristics of the Macaé deposits were found to be similar to those of
other Brazilian soft soils.
Keywords: laboratory tests, Macaé, soft soil.

1. Introduction
Soft soil sedimentary deposits formed in the Quaternary period are common along the Brazilian coast. These
soils normally exhibit high compressibility, elevated organic matter content, low bearing capacity and low penetration resistance.
In Brazil, a number of studies on Quaternary soft soils
have been conducted over the last 50 years in cities such as
Santos, Rio de Janeiro, Porto Alegre, Recife and Belém.
These studies resulted in a data bank on geotechnical characterization of soft deposits that has been systematically
used by engineers in these regions.
In the Norte Fluminense mesoregion, particularly in
the low-lying part of the city of Macaé, there is an extensive
Quaternary sedimentary deposit, which has been used to
expand the urban area, due mainly to the development of
the oil and gas industry.
In contrast to the rest of the Brazilian coast, studies on
the geotechnical parameters for these soils are scarce in the
Norte Fluminense region, especially in Macaé, and constructive problems are observed in this region due to the
lack of knowledge concerning the properties of the soft
soils from Macaé.
In this respect, the present study shows the results
(geotechnical parameters) from laboratory tests performed
on the Quaternary sedimentary deposit located in a lowlying area of Macaé, Rio de Janeiro. When possible, the results are compared to parameters from field tests and other
studies on soft soils.

2. Brazilian Sedimentary Deposits
The literature contains a number of studies on soft
soil deposits aimed primarily at increasing knowledge on
the behavior of geotechnical structures, including investigations in Rio de Janeiro state, such as Almeida & Marques
(2002), Santos (2004), Crespo Neto (2004), Sandroni &
Deotti (2008), Baroni (2010), Queiroz (2013), Marques
(2008), Lima & Campos (2014), Lima (2007), Baldez
(2013) and Carneiro (2014).
Some of these studies enabled Futai et al. (2001) to
develop simple stratigraphic profiles to facilitate profile
comparisons (Fig. 1). Additionally, Fig. 1 shows the profiles created in the present study, which complement those
developed by Futai et al. (2001). It is important to underscore that the Sarapuí deposit is the main Brazilian reference in terms of soft soils. Several studies have been
carried out in Sarapuí, including Ortigão (1975), Antunes
(1978), Sayão (1980), Gerscovich (1983) and Sandroni
(1993).
The profiles in Rio de Janeiro state demonstrate that
layers of sand and sandy clay are usually just below the soft
soil, and that the soft soil has a thickness ranging from 5 to
15 m. Costa Filho et al. (1985) found that the water table in
clays in the low-lying regions of Guanabara and Sepetiba
bays coincides with the level of the terrain in most profiles,
with slight variations throughout the year.
In addition to the Quaternary sedimentary deposits of
Rio de Janeiro state, other deposits along the Brazilian
coast have been investigated, including Santos (SP), Porto
Alegre (RS), Florianópolis (SC), Itajaí (SC), and Porto de
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Figure 1 - Geotechnical Profiles of Soft Soils in different states in Brazil.
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Saupe (PE), among others. General profiles in Brazil reveal
that the clay layers may be thicker than those in Rio de Janeiro state and, once again, that the layers containing sand
and silty sand are just below the soft layer. The soft soils in
the stratigraphic profiles have been extensively investigated, and the geotechnical parameters are summarized in
the Annex (Futai et al., 2001).

3. Macaé Sedimentary Deposit
The study area is located in the sedimentary deposit
on the low-lying region of Norte Fluminense, in the city of
Macaé (Fig. 2). The study area is near the Macaé River,
coming from the environmental protection area of Nova
Friburgo, flowing for approximately 136 km and discharging in the Atlantic Ocean.
According to Martin et al. (1997), the study area is
denominated by a coastal Quaternary cover that is related to
the last cycles of marine transgression and regression,
which occurred along the coast of Brazil.
Dantas et al. (1998) reported that the continental Quaternary sediments in this area may be the result of intense
erosion, which dissected the Serra do Mar escarpment and
elevated areas of the coastal lowland.
According to Dantas et al. (1998), the study region is
part of the coastal plains domain of the coastal lowland,
which contains marine and fluvial-lagoon plains of sedimentary origin, namely alluvial and colluvial soils.

Marine plains are formed by a succession of subhorizontal sandy ridges, with a wavy microrelief of less
than 5 m caused by marine sedimentation.
Fluvial-lagoon plains consist of organic clayey soil
from paleolagoons, with flat, difficult-to-drain surfaces and
a sub-outcrop phreatic zone.

4. Experimental Program
A battery of simple recognition probes was conducted
to determine local stratigraphy. The investigation points are
located in the Imburo, Linha Verde and Virgem Santa deposits (Fig. 2). The experimental program for each area is
described in Table 1 and the typical stratigraphies obtained
from the probes are shown in Fig. 3.
Table 1 - Experimental program.
Tests

Imburo

Linha
Verde

Virgem
Santa

SPT

6

12

4

-

-

Physical characterization

Complete

Minerological characterization Complete
chemistry characterization
Consolidation

7

Triaxial

2

-

-

CPTU

-

2

2

Experimental embankment

2

-

-

Obs: Field investigations are presented for discussion purposes
and are not the objective of the study.

Figure 2 - Geographic location and Geological Map of the Norte
Fluminense mesoregion, INEA, 2010.
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Figure 3 - Stratigraphic profile of the points investigated.
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The undisturbed soft soil samples were collected using Shelby samplers (diameter = 100 mm and
length = 600 mm) at maximum depths of 4.5 m. Although
sampling was not performed at great depths, preliminary
SPT and CPTu indicated a homogeneous layer and the samples are therefore considered representative.
The water table in general is quite shallow (about
0.5 m). Since these sites are surrounded by rivers or lagoons, the upper layer is peat, dredged material, or uncontrolled fills.
4.1. Mineralogical chemistry
The light grey odorless soft soil of Macaé has an
organic matter content of approximately 7%. X-ray diffraction analyses at different deposit sites identified the presence of quartz, kaolinite and smectite.
Chemical and mineralogical analyses were conducted
on samples from different depths of the sedimentary deposit. X-ray fluorescence spectrometry revealed that the
soil contained a higher proportion of silicates (45.3%) and
aluminates (28.1%) than the other samples, which likely indicates the existence of quartz and clay minerals such as
kaolinite, smectite and illite.
Sorption complex analysis found a mean cation exchange capacity (CEC) of 83, suggesting that the samples
exhibited reactivity. Moreover, associating CEC values
with the clay minerals contained in the clay structure indicates the presence of smectite and vermiculite.
The mean indices of Ki and Kr, obtained by the molar
ratios SiO4/Al2O3 and SiO4/ (Al2O3 + Fe2O3) respectively,
were 2.7 and 2.5, suggesting the presence of 2:1 clay miner-

als. The mean SiO2 and Al2O3 contents were 26% and 16%,
respectively, similar to the values reported by Campos
(2006) for soft soil from the Industrial Zone of Santa Cruz,
Rio de Janeiro.
Therefore, the mineralogical characterization of the
soil is compatible with chemical analyses, since both indicated the presence of smectite.
The pH in water varies from 4.8 to 6, the range established by Coutinho (1986) for soft clays from Barragem de
Juturnaíba, RJ. The mean value in electrical conductivity
analyses was 4.5, corroborating the results of Lima et al.
(2012) for soft clay in Rio das Ostras, RJ.
4.2. Physics
Soft soil from Macaé is composed, on average, of
65% clay, 34% silt and 1% sand. Figure 4 shows the profiles of liquidity limit (wL), plasticity index (Ip), water content (wn), initial void ratio (e0) and natural specific weight
(gnat). To determine the liquidity limit, the test was conducted using samples with their natural water content and
no previous drying, in contrast to the standard. The decision
not to dry the samples beforehand was based on the guidelines of Bjerrum (1973), who reported that liquidity limit
and plasticity testing in silty clay with organic matter
should be performed using samples in their natural state,
since drying affects the plasticity of clay.
The water content of the surface layer (0.15 to 0.75 m
deep) is 80.8%, with values ranging from 187.7% to
217.7% for the deeper layers.
The specific natural weight was approximately
3
12.6 kN/m ; however, the specific weight of the surface

Figure 4 - Physical properties of soft clay.
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layer was slightly higher than 14.9 kN/m . The differences
in water content and specific weight in the surface layer can
be explained by the seasonal water level variations in this
layer.
The void index in the surface layer is 2, ranging from
4.8 to 5.7 in the rest of the soft soils, indicating that the deposit is composed of compressible soil (Póvoa et al., 2016).
Relative grain density (Gs) was 2.6, showing a slight
increase in depth. This behavior suggests there is no significant variation in minerology across the profile. The same
observation was made by Lima & Campos (2014) for the
region of Guaratiba, RJ.
The Skempton activity index classified all depths analyzed as active, except for the surface layer, which was
classified as normal.
The geotechnical characterizations are compatible
with chemical analyses, since cation exchange capacity
(CEC) values were in line with Skempton activity indices.
4.3. Characterization of compressibility
Póvoa (2016) performed seven incremental oedometer consolidation tests (two types): conventional (AEI-1,
AEI-2, AEI-3, AEI-4 and AEI-5), and with secondary compression (AEI -6 and AEI-7).
The conventional tests lasted 24 h for each loading
stage and until readings stabilized at unloading. Consolida-

tion with creep testing differed from conventional testing in
that the loading stage lasted 72 h (AEI -6 and AEI-7).
Figure 5 shows that the consolidation curves of the 7
samples tested exhibit similar behavior. Two conventional
tests (AEI-3, AEI-4) and one with creep measurement
(AEI-7) for a depth between 2.1 and 2.7 m showed that the
sample had a tendency to declining void indices if the loading stages were higher. This is also observed for depths between 1.3 and 1.9 m, where a test with a 24-h loading stage
(AEI-5) and another lasting 72 h (AEI-6) were performed.
The behavior of the soft clays studied in laboratory
may be affected by sample remolding. Coutinho (1976)
was a pioneer in studying the quality of clay samples in
Brazil. This was followed by other investigations, such as
those by Ferreira (1982) and Martins & Lacerda (1994).
Technical studies conducted by Coutinho (1986),
Mesri & Choi (1985), Ferreira and Coutinho (1988) and
Martins & Lacerda (1994) reported that the virgin compression behaves curvilinearly rather than rectilinearly for good
quality samples.
The findings of Martins & Lacerda (1994) agree with
those of Coutinho (1986) for soft soil from Sarapuí I, in
which the S-shaped curve is characteristic of a good quality
sample. In order to validate the results of consolidation tests
performed in the present study, the quality of test specimens was assessed based on the criteria of Lunne et al.

Figure 5 - Comparison between effective stress and void index curves.
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(1997), Oliveira (2002), Coutinho (2007) and Andrade
(2009). However, quality was only evaluated for consolidation tests with 24-h loading stages because the classification criteria considered the over consolidation ratio (OCR).
This parameter depends on pre-consolidation stress which,
in turn, is influenced by loading time. Five samples were
classified as very good to excellent and one as good to fair,
based on the criteria of Lunne et al. (1997) Oliveira (2002)
and Coutinho (2007), and very good to good according to
Andrade (2009).
4.3.1. Cs, Cc and Ca indices
Figure 6 shows a summary of some of the parameters
obtained in oedometer tests, where Cs and Cc are the recompression and compression indices, respectively. Figure 6
also depicts Cs and Cc corrected using the method proposed
by Schmertmann (1955), which takes remolding into account. In general, the corrected Cc parameters increased by
an average of 19% and Cs parameters declined by an average of 12%, values similar to those reported by Oliveira
(2002).
Soft soil compressibility is normally assessed using
Cc/1 + e0 values, given their much smaller dispersion and,
according to Martins et al. (2006), should be considered
representative of natural soft clay compressibility, rather
than Cc.
Furthermore, the coefficient of secondary compression was obtained via the time vs. void index curve for each
loading stage, based on the slope of the straight line at the
end of primary consolidation, for samples AEI-6 and

AEI-7. Their effective stress behavior is presented in Fig. 7.
This graph shows that Ca increases with a rise in stress,
reaching a peak and then declining. This behavior was also
observed by authors such as Ladd (1973), Coutinho &
Lacerda (1994) and Campos (2006). The variation in coefficient Ca was similar to that reported by Feijó (1991) for
the coefficient of secondary compression of clay from Sarapuí. For the first loading stages, Ca values were very low,
similar to those obtained by Campos (2006), who established a coefficient of secondary compression of 0.02% for
the first stages. Andrade (2009) found a very small Ca value
for effective vertical stress, which was half the pre-consolidation stress.
Mesri & Godlewski (1977) proposed that Ca/Cc is
constant, whereas Mesri (1973) suggests that the coefficient of secondary consolidation declines with effective
vertical stress.
Martins & Lacerda (1989) hypothesized that Ca
should decrease over time and tend towards zero.
Secondary consolidation has been widely studied, but
there is still no consensus concerning this phenomenon
(Futai, 2010).
4.4. The cv coefficient
According to Yu (2004), the coefficient of consolidation is one of the most difficult soil properties to measure in
geotechnical engineering. It can be obtained from laboratory tests, in situ tests and retro analyses. In the present
study, the coefficients of consolidation were measured in

Figure 6 - Compressibility parameters of one-dimensional consolidation tests.
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Figure 7 - log s‘ vs. Ca curves of consolidation tests with creep
measurement.

conventional oedometer consolidation tests and compared
to values obtained in piezocone dissipation tests.
The horizontal coefficients of consolidation were estimated from the dispersion of excess pore-pressures in the
piezocone tests and defined according to Houlsby and
Teh’s method (1988) and the standard procedures proposed
in the literature (Lunne et al., 1997; Schnaid, 2009).
These horizontal coefficients of consolidation (ch)
correspond to the soil properties in the preconsolidated
range, since the material surrounding the cone is submitted
to high strain levels during penetration, and then behaves
like soil in recompression (Baligh & Levadoux, 1986). Coefficient of consolidation values in the overconsolidated
range were calculated for 50% pore-pressure dissipation at
the cone shoulder, and the t50 values were obtained from Du
vs log t curves using the time factor T * 50 = 0.245. Next,
the method proposed by Jamiolkowski et al. (1985) was
used to estimate ch values in the normally consolidated
range and transform them into the vertical coefficients of
consolidation.
Figure 8 shows the vertical coefficient values estimated through consolidation and piezocone tests. The cv
values estimated using piezocone tests varied from 6.7 x
-8
-7
2
10 to 2.4 x 10 m /s. The average cv values estimated by
consolidation tests in Imburo were similar to those estimated by piezocone tests. In addition, the overall average
-7
2
of the consolidation coefficients was 1.2 x 10 m /s, which
is in line with those found by Lima & Campos (2014) for
the region of Guaratiba - RJ.
Figure 8 shows a difference between the cv results obtained in the field using the CPTU test and those found in
the laboratory applying the oedometer test. The ratio between coefficients cv in situ and cv in laboratory ranges from
6 to 15, corroborating the bibliography for similar soils.

Soils and Rocks, São Paulo, 41(1): 3-16, January-April, 2018.

Figure 8 - Convergence of the vertical coefficients of consolidation, CPT 01 and CPT 03.

According to Lacerda & Almeida (1995) and Spotti (2000),
this ratio for soft soil from Sesc/Senac-RJ varies between
20 and 30, the same as that observed by Gerscovich (1983)
and Ortigão (1980) for clay from Sarapuí. Baroni (2010) recently obtained a relation of 6 for the Barra da Tijuca region.
One of the reasons suggested by Almeida et al. (2005)
for the difference between cv in situ and laboratory values is
the influence of secondary consolidation. The authors subsequently agreed with Teixeira (2012), who reported that
the fact test specimen deformability is not consistent with
the real condition makes it difficult to assess the coefficient
of consolidation in the laboratory and comparatively analyze the values.
4.5. The K coefficient
Figure 9 shows the permeability coefficient values
obtained in consolidation and dissipation tests in the CPTU.
It is important to underscore that Robertson’s (2012), Eq. 1,
was used to estimate the permeability coefficient via dissipation and piezocone tests:
k=

cn g n
M

(1)

where M is the oedometer modulus. As expected, the
k coefficient declines with a rise in vertical stress (s’v) due
to the decline in void index with an increase in s’v.
4.6. Characterization of undrained shear strength
The undrained shear strength of soil can be determined in laboratory tests, in situ tests and analyses in the
same way as the vertical coefficient of consolidation. In the
present study, undrained strength was measured in uncon-
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Table 2 - Field and laboratory ratio of a number of embankments
in Brazil.
Site

Su in situ/Su lab

References

Itaguaí - RJ

Queiroz (2013)

1.40

Sesc/Senac - RJ

Lacerda and Almeida
(1995), Spotti (2000)

1.2-1.5

Sarapuí - RJ

Gerscovich
(1983), Ortigão (1980)

0.77-2.30

Recife - PE

Bello (2004)

1.5

Coutinho (1986)

1.23

Póvoa (2016), Nascimento
(2016)

1.17

Juturnaíba - RJ
Macaé - RJ

5. Summary of the Geotechnical and
Mineralogical Properties of Macaé - RJ
The deposit is described in terms of its geological origin, physical characterization, compressibility, consolidation and strength. Table 3 presents a summary of the main
geotechnical and mineralogical properties obtained for the
compressible layer of Macaé - RJ. It is important to underscore that the surface layer parameters were not included in
the average.

6. Conclusions
Figure 9 - Variation of the permeability coefficient vs. effective
stress.

solidated undrained (UU) triaxial tests using a retroanalysis
of an instrumented embankment in the same deposit induced to rupture, as described by Nascimento et al. (2016).
This procedure was used to validate the estimated undrained shear strength calculated by a limited number of
triaxial tests.
Undrained shear strength measured by UU triaxial
tests varied between 6 and 7.5 kPa. When these results were
related with the Su of 8.8 kPa obtained by Nascimento et al.
(2016) in a retroanalysis, a ratio between 1.2 and 1.5 was
found between Su in situ and Su in laboratory. This field and
laboratory ratio for undrained shear strength agrees with
that obtained by different authors and deposits, as shown in
Table 2.
Laboratory test results are generally lower than their
field counterparts, corroborating the reports of Almeida et
al. (2005) and Coutinho (2007). The latter associates this
difference with sample disturbance, equipment conditions
and the test procedures used.
The undrained shear strength values obtained for Macaé corroborate those reported by Spannenberg (2003) for
Baixada Fluminense, Oliveira (2006) for Florianópolis and
Sayão (1980) and Almeida et al. (2005) for Sarapuí.
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This study presented and discussed the geotechnical
parameters from laboratory tests of a Quaternary sedimentary deposit located in a low-lying area of Macaé, Rio de Janeiro (RJ). The results led to the following conclusions:
• The sedimentary deposit, formed during the Quaternary
period, is related to the last transgression and marine regression cycles. The thickness of the compressible layer
varies between 5 and 12 m and the surface layer is signif-

Table 3 - Summary of the geotechnical and mineralogical properties of Macaé - RJ.
Minerals

Kaolini, smectite and quartz

wn (%)

201 ± 13.7

wL (%)

186 ± 14

Ip (%)

186 ± 14
121 ± 14

% clay
gnat (kN/m )

12.5 ± 0.1

3

7 ± 0.2

% OM

5.3 ± 0.4

e0
*CR = Cc/(1 + e0)
2

cv (m /s) x 10
Su (kPa)

-7

0.47 ± 0.04
1.29 ± 0.6
7.5 ± 1.5

*Values not corrected by the Schmertmann (1955) method.

Soils and Rocks, São Paulo, 41(1): 3-16, January-April, 2018.

Laboratory Parameters of a Soft Soil Deposit in Macaé, Brazil

•

•

•

•

•

•

•

•

icantly affected by the natural variation in the water table
in the area.
The geotechnical and mineralogical characterizations of
the soil are compatible with the chemical analyses, indicating the presence of smectite clay minerals.
According to consolidation tests, the soft soils are slightly preconsolidated, with mean OCR of 1.8, the compression ratio (CR) varied from 0.42 to 0.52, considering
Schmertmann’s (1955) correction, and mean CR was
0.47, suggesting highly compressible soil.
The behavior of log s’v x Ca curves of consolidation tests
with creep measurement was also observed by authors
such as Ladd (1973), Coutinho & Lacerda (1994) and
Campos (2006).
A comparison of the vertical coefficients of consolidation obtained from oedometer consolidation tests and
CPTu tests indicates that the methods were adequate.
-8
-7
The magnitude of cv aaried from 2.45 x 10 to 2.4 x 10
2
m /s.
The results of undrained shear strength, determined in
UU triaxial tests, were satisfactory, since they were similar to those obtained in embankment retroanalyses. In
this respect, the mean undrained shear strength estimated
for the deposit was 8 kPa.
The ratio between field and laboratory vertical coefficients of consolidation for undrained shear strength
showed that the values obtained in field tests are higher
than their laboratory counterparts, and that those for
Macaé are compatible with the bibliography for similar
soils.
The main geotechnical and geological parameters found
for soft soil from Macaé - RJ are summarized in Table 3
and suggest a close approximation with the experimental
data reported in the literature for soft quaternary soils on
the Brazilian coast.
The present article is the first to characterize the Macaé
deposit. As such, it does not eliminate the need for further laboratory and field investigations to better characterize the properties of the layer.
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Appendix
Table A - Geotechnical properties of soft soils in Brazil, modified from Futai et al., 2001. (Part 1).
Site

Rio das Ostras

References

Juturnaiba

Itaipú

Lima et al. (2012) Coutinho (1986) Carvalho (1980)
Pinheiro (1980)

Thicknesses (m)

Cajú

Rua Uruguaiana

Botafogo

Cunha (1988)

Vilela (1876)

Lins & Lacerda
(1980)

1-6.8

7

10

12

9

6

wn (%)

100-200

15495.6

240 ± 110

88

54.8 ± 1 9.5

35

wl (%)

99-150

132 ± 44

175 ± 83

107

71 ± 30

38

Ip (%)

53-106

64 ± 22

74 ± 30

67

40 ± 22

11

47-66

60.7 ± 12.74

39.4 ± 10.11

28

gn (kN/m )

12-15

12.5 ± 1.87

12 ± 1.85

16.1 ± 1.39

17.04

% OM

7-11

19 ± 10.63

32.63 ± 20.46

e0

2.6 -5.2

3.74 ± 1.98

CR = Cc/(1 + e0)

0.4-0.46

0.31 ± 0.12

0.09 - 0.14

0.07 ± 0.06

1-9

1 - 10

% clay
3

Cs /Cc
2

cv (cm /s) x 10

-4

14.81

2.56 ± 1.04

6.72 ± 3.1

2.38

1.42 ± 0.36

1.1

0.41 ± 0.12

0.267

0.31 ± 0.15

0.16

0.21

0.19

5

30

Table A - Geotechnical properties of soft soils in Brazil, modified from Futai et al., 2001. (Part 2).
Site
References
Thicknesses (m)

SESC/ SENAC

Baixada de
Jacarepaguá

Duque de Caxias
(REDUC)

Crespo Neto
(2004)

Cunha (1988)

Spannenberg
(2003)

3- 12

Sarapuí

Sarapuí II

Almeida & Marques Francisco (2004)
(2002)
and Alves (2004)

Itaguaí (RJ)
Queiroz (2013)

11 - 13

12

6

2-7

wn (%)

72 - 500

35.8 - 84.4

74.9 - 133.87

143 ± 21.7

183.5

84

wl (%)

70 - 450

39 - 87

113.7

120 ± 18

158.2

70

Ip (%)

47- 250

12 - 49

85

73 ± 16

105.4

40

% clay

28 - 80

25 - 55

35

70

77

13 - 14.3

13.1 ± 0 49

12.1

gn (kN/m3)

12.5

% OM

5 - 13.9

e0
CR = Cc/(1 + e0)
Cs /Cc
2

cv (cm /s) x 10

-4

6.6 ± 1

14.7
1.3 -15.8

1 - 11.1

1.94 - 3.55

3.71 ± 0.57

2

0.29 - 0.52

0.54

0.41 ± 0.07

0.25

0.17 - 80

0.1

0.15 ± 0.02

2

9

1
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Table A - Geotechnical properties of soft soils in Brazil, modified from Futai et al., 2001. (Part 3).
Site

Santa Cruz
(Coast)

References

Aragão (1975)

Santa Cruz

Santa Cruz

PAN (Barra da Tijuca)

Western Region
(RJ)

Santos (2004) Campos (2006) Macedo (2004) Sandroni Bedeschi (2004)
e Deotti (2008)

Eastern Region
(RJ)
Crespo Neto
(2004)

Thicknesses (m)

15

5 - 15

5 - 15

5 - 16

7.5

2 - 11.5

wn (%)

112

31 - 161.4

114 - 119

116 - 600

102 - 500

72 - 410

wl (%)

60

18 - 161.4

56 - 121

100 - 370

97 - 368

23 - 472

Ip (%)

32

2.6 - 118

25 - 77

120 - 230

42 - 200

11 - 408

52 - 62

36.7 - 64.6
11.6 - 12.5

11.2 - 12.3

11 - 12.4

% clay
gn (kN/m )
3

13.24

% OM

13.13
0.41- 10.4

1.2 - 4.13

e0

3.09

1.94 - 2.64

3.16 - 4.79

4.8 - 7.6

4.3 - 9

3.8 - 15

CR = Cc/(1 + e0)

0.32

0.23 - 0.26

0.19 - 0.45

0.36 - 0.5

0.32 - 0.48

0.27 - 0.46

Cs /Cc

0.1
2

cv (cm /s) x 10

-4

0.2 - 18.2

0.07 - 0.14
62.5 - 80.3

0.4 -1.2

0.1 - 0.6

Table A - Geotechnical properties of soft soils in Brazil, modified from Futai et al., 2001. (Part 4).
Site

Barra da
Tijuca Recreio

Guaratiba

References

Baroni
(2010)

Lima & Campos
(2014)

Thicknesses (m)

2 - 21.8

Hercílio Luz Air- Pirajubaé, Florianópolis Municipality
port, Florianópolis
(SC)
of Itajaí
(SC)
(SC)
Espíndola
(2011)

Oliveira
(2006)

Baran
(2014)

10-20

Port of Santos
SFL Clays
Massad
(1994)
< = 50

wn (%)

191 - 670

34 - 184

75 - 93

120

93 -133

75 - 150

wl (%)

147 -521

61.5 -148

38 - 87

105 - 165

37 - 54

40 - 150

Ip (%)

95 - 308

39 -100

20 - 54

60 -100

15 - 28

20 - 90

13 - 16

13.5 - 16.3

% clay

23 - 93

gn (kN/m )
3

10.01 - 12.7

13.1-18.5

% OM
e0
CR = Cc/(1 + e0)
cv (cm /s) x 10

16

-4

> 60

14 - 15

13.2 -14.2

2.8 - 6.2

5-6

2 - 2.4

3 - 4.5

1.9 - 3.6

2-4

0.18 - 0.4

0.33 - 0.51

4 -12.4

0.85-4.69

0.31 - 0.54

0.11-0.46

0.03 - 0.04

0.26 -0.45

0.3

0.02 - 0.07

0.08 -0.14

1-10

0.14 - 0.89

1-5

Cs /Cc
2

12 - 19

0.018 - 19.8

8 - 12
0.28 - 39.10
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A Contingency Solution using Jet Grouting Barrier
for a Dam under Risk of Piping in Brazil
S.M. Ludemann, R.S. Garcia, M.G.T. Barbosa, A.L.B. Cavalcante
Abstract. During routine inspection works in 2006 inspectors found resurgences of water at the toe of a small embankment
dam named “Ribeirão do Gama”, located at Brasília - DF. After technical visits, geotechnical engineers characterized these
groundwater leakages as a piping process at an early stage. Intervention only began in 2015 due to obstacles that
occasionally happen in public works. In consequence, the piping problem worsened. A geotechnical consultancy was
contracted to design a solution. After analysis of field conditions, the consultancy decided to build overlapping columns by
the Jet Grouting method. This paper presents a case study of the project and works treatment, detailing its design,
construction, and monitoring.
Keywords: cut-off, earth dam, jet grouting, piping.

1. Introduction
According to the account of the oldest inhabitant of
the region, the “Ribeirão do Gama” dam was constructed in
the second half of the 1950s, simultaneously with the start
of the construction of the federal capital of Brazil, Brasília.
Brasília’s government probably built this geotechnical
structure to form a reservoir to serve as water supply for the
necessary earthworks at the time. In this context, a dike was
built with features of a temporary work and therefore had
no sealing nor drainage devices, as would be normal in a
permanent dam.
The dike formed a scenic lake of a considerable volume of water after the finalization of the main earthworks
of Brasília. As there was a residential area near “Ribeirão
do Gama”, the dike was kept and later heightened, to allow
the water surface also to increase, therefore configuring the
dike as a small embankment dam. Later, already inserted in
the “Fazenda Água Limpa”, a property of the University of
Brasília (UnB), the outlet water was used for agricultural
purposes, providing water to the horticultural village “Vargem Bonita”, and for human consumption downstream.
Thus, the dam became a permanent structure.
“Ribeirão do Gama” dam has a length of 290 m and a
height of 15 m. It has a concrete side channel spillway located in its right abutment and a volute siphon water intake
in its left abutment, for Vargem Bonita’s supply. Figure 1
presents the aerial view of the site.
After 60 years of the construction of the embankment
dam, in a routine inspection carried out in 2006, the technicians from UnB noted several points of leaking water at the
toe of the downstream dam slope and eroded soil particles.

This fact, coupled with the advanced state of surface degradation of the upstream4 and downstream slopes, caused
concern. A geotechnical engineering professor at UnB,
Professor Pedro Murrieta, visiting the location, stated this
situation had a high risk of developing a failure caused by
piping, as had already occurred in many embankment dams
in Brazil and abroad.
Because of difficulties in the contracting process, the
recovery of the “Ribeirão do Gama” dam started only in
2015, when the risk of piping, which grew from six points
of leakage in 2014 to fifteen in 2015, couldn’t be ignored
and a solution had to be implemented. The next sections
present the main aspects of the design, and the construction
works.

2. Treatment of a Dam with Risk of Piping
Failure
Piping is a form of hydraulic failure, which is common in cases where erosion of soil by seepage forces occurs. Initially, it appears as a point of upwelling water,
eroding the earth mass internally, carrying grains. The internal erosion results in the formation of a tube, usually in
the form of a pipe. Hence this phenomenon was named piping.
These seepage forces are applied by unit volume,
having the magnitude of j = gw . i, where gw is the specific
weight of water, and i is the hydraulic gradient, which is
given by i = DH/DL, where DH is the hydraulic head loss
along the length DL.
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Figure 1 - Aerial view of the site (yellow line represents the axis of the dam).

In earth dams, it is not uncommon to have regions
where the permeability coefficient ki is higher than the average permeability keq, making this region with higher permeability a preferential path to water flow. The flow velocity v
is higher in this region and, therefore, the erosion of finer
soil particles is more probable than in other regions. Consequently, the spacing between grains is higher, raising the
maximum permeability of the region affected by this phenomenon.
When piping is progressing, the tendency is the upwelling of water in the dam’s downstream surface and a
point erosion, creating a hole into the affected volume of
soil. As time goes by, the hole, resembling a pipe, progresses into the earth mass in a way opposite to the normal
flow of the dam. As already described, this phenomenon is
known as piping, generally defined as heave, internal erosion or backward erosion (Richards & Reddy, 2007). In
earth dams, it mainly occurs in the middle section of the
dam and also in its foundation. In recent history, there have
been accidents due to piping in several earth dams. One of
the most notorious episodes was in the Teton Dam, in the
United States of America, in 1976 (Richards & Reddy,
2007).
As a reparation measure in similar occurrences, where there was evidence of a possible piping failure, an invasive ground improvement method is executed locally. The
ground improvement methods applied in such situations
consist in the alteration of the mechanical properties of the
in-situ soil, giving to the earth mass and/or to the foundations better resistance, lower compressibility, and lower
permeability.
Nevertheless, before the application of the most recommended techniques to obtain the desired results, such as
Jet Grouting and Deep Soil Mixing, an assertive diagnosis
of the problem was necessary. The diagnosis was performed using a detailed inspection of the upwelling water
points, a topographic and bathymetric characterization of
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the dam slopes and the fulfillment of geotechnical surveys,
lab and field tests which will allow to adequately typify the
characteristics of the site underground and reduce risks
(Lee & Ishihara, 2016).

3. In Situ Soil Geotechnical Description
Geologically, the Gama Hydrological basin is settled into the silty-slate unity Grupo Paranoá. Geotechnical
investigations done in the dam showed its foundations
consisted of peat of very soft consistency, with a thickness
between 2.0 m to 5.0 m, on the main axis of the dam, overlaying a layer of a reddish clayey alluvium, of soft consistency, with a thickness between 1.0 m to 5.0 m.
Downstream, into the clayey soil region, appears a layer
of sandy alluvium, of loose consistency, which could contain gravels, with thickness up to 6.0 m. Below these alluvium layers existed a layer of residual soil, constituted by
a variegated color sandy silt, of medium consistency,
which could contain boulders, with thickness between
1.0 m (downstream and under the dam crest) to 6.0 m (upstream), overlying a layer of saprolite and the top of the
rock matrix.
Regarding the dam, its foundation had different characteristics from the fill body, giving evidence that for its
implementation the silty-sandy clay material was just dumped to allow the free traffic of the utilized equipment to
construct the dam. Due to this procedure, the fill lower portion material had a soft consistency, with N values between
2-7 blow counts.
Also, due to the consolidation of the clayey alluviums, it is hypothesized there was a posterior complementation of the fill on the dam’s crest. In Fig. 2 these observations are summarized in a typical section of “Ribeirão do
Gama” dam, outlined based on the available borehole
logs.
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Figure 2 - Typical geotechnical section (Peg 9+00 m).

4. Diagnosis
4.1. Dam stability analysis
4.1.1. Geotechnical parameters
Piezocone field tests and laboratory tests (natural
moisture, natural density, Atterberg limits, permeability
and triaxial test CIU type) were necessary to obtain the
geotechnical parameters of shear strength of the local underground layers. For the strength parameters of the cut-off
columns, idealized as a possible solution for the flow problem, values were adopted from the literature (Nikbakhtan &
Osanloo, 2009; Saurer et al., 2011). Permeability parameters were firstly estimated from permeability values of previous projects; then they were calibrated with data obtained
from piezometers already installed on site. Table 1 shows
the values adopted in this design. Consolidation tests were
also performed.

tle, for which an additional fill on the crest of the dam was
necessary to maintain the original elevation.
4.1.3. Stability analysis
A stability analysis was performed since it was not
clear if the dam would be stable in the long term. The Simplified Bishop method was used, aided by the software
Slide 5.0 (Rocscience - Canada), with automatic search of
the critical surface.
4.1.4. Initial state - End of construction
The graphical output of the stability analysis of the
dam condition at the end of its construction is shown in Fig.
3, resulting in a safety factor of 1.06. It appears from this result that this dam was most likely built in stages, the first
stage being the dumped landfill and the second stage the
upper compacted embankment, confirming the chronology
informed by locals.
4.1.5. Situation at the time of design

4.1.2. Adopted assumptions
The dam stability was studied by simulating the probable situation existent at the end of its construction to assess
the adopted geotechnical parameters, considering at the
time that the lower fill clayey layer was normally consolidated. Therefore, it had a lower resistance than noticed in
tests conducted under the dam, probably similar to the resistance observed in the piezocone results on the dam
downstream; also, it had a thickness higher than detected by
surveys executed in the dam axis. Over the years, the clay
layers were consolidated, making the dam foundation set-
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In the situation at the time of the design studies, the
clayey and peaty soil under the soil structure was considered lightly consolidated. Thus, considering a gradation of
resistances in the clay layers and estimating a critical phreatic line near the surface, the resulting safety factor is
equal to 1.92, as shown in Fig. 4.
4.1.6. Conclusions about the stability analysis
The safety factor has undergone an increase in its
value over time due to the strength gain caused by the consolidation of the clayey soil. Thus, considering the safety
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Table 1 - Adopted geotechnical parameters.
Specific weight g
3
(kN/m )

Su
(kPa)

Cohesion c’
(kPa)

Friction angle f’
(°)

Permeability k
(m/s)

Compacted landfill

17.0

-

33.0

37.0

2.0 x 10

Dumped landfill

16.0

-

17.0

37.0

6.0 x 10

Sandy alluvium

16.5

-

5.0

25.0

5.0 x 10

Residual soil

18.0

-

20.0

30.0

3.0 x 10

Saprolite

19.0

-

30.0

35.0

2.0 x 10

Sand filter drain

17.0

-

5.0

30.0

1.0 x 10

Gravel toe drain

19.0

-

5.0

40.0

5.0 x 10

Cut-off columns

18.0

-

40.0

30.0

1.0 x 10

Normally consolidated organic clay

14.0

17.0

-

-

5.0 x 10

Lightly consolidated organic clay 1

15.0

25.0

-

-

2.0 x 10

Lightly consolidated organic clay 2

16.0

40.0

-

-

1.0 x 10

Normally consolidated clayey alluvium

15.5

40.0

-

-

5.0 x 10

Lightly consolidated clayey alluvium

16.0

60.0

-

-

2.0 x 10

-

-

-

-

1.0 x 10

Material

‘Impervious’ rock

factor at the time of the design as satisfactory regarding the
general stability of the dam, it was concluded that the main
problem of the dam was water loss by the interface between
the dumped landfill layer and the transition layers, with a
potential risk of failure by piping.
Therefore, to reduce the flow of water significantly
through the dam body, it was decided to make a cut-off. To
make curtains with very low permeability in the studied
dam, Slurry Walls, Deep Soil Mixing (DSM) and Jet Grouting techniques were considered, solutions much employed
in this kind of work efficiently.
After analysis of field conditions, it was decided to
build Jet Grouting columns. The reason for this choice

-7
-6
-5
-6
-6
-3
-3

-12
-8
-8
-8
-8
-8

-12

stems from the fact that the solution in Jet Grouting would
impose less critical stability conditions to the dam because
of the lower weight of the necessary equipment and due to
the fact that its execution method does not require much excavation in the dam body, aspects the solution in diaphragm
walls did not meet. Further, supports the choice the fact Jet
Grouting implementations, double fluid in the present case
above, are efficient in forming columns in soil-cement with
suitable permeability coefficients (AGI, 2012).
Croce & Modoni (2007) reviewed the subject and
presented accounts of remediation of existing dams, furnishing the design and construction details. Moreover,
Sembenelli & Sembenelli (1999) presented details of simi-

Figure 3 - End of construction stability analysis (FS = 1.062).
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Figure 4 - Stability analysis of the dam’s initial state (FS = 1.92).

lar cutoff projects, allowing to design the proposed Jet
Grouting cut-off. The 706 columns, with 80 cm diameter
each, were to be built 40 cm overlapped in a single continuous row, with depths ranging from 10 to 22 m, from the
crest of the dam to its foundation. The single row cut-off
design, running through the body of the dam, which is unprecedented in the author’s knowledge of an advanced piping case in an existing dam, was possible due to the higher
overlap of the columns (half of the diameter) than other
cut-offs. Nevertheless, there was still a risk that the inherent
variation of the diameters of the Jet Grouting columns
would affect the overlapping and water tightness of the
cut-off. The Jet Grouting cut-off was associated with a toe
drainage system and the recovery of the downstream slope
by a new fill to mitigate this risk.
4.2. Flow analysis of the proposed solution
As the main design concern was to assess the water
flow through the body and foundation of the dam after the
implementation of the Jet Grouting cut-off, the solution
was analyzed by the Finite Element Method (FEM). FEM
was assisted by the Slide software using the flow net calculation mode. Table 1 shows the coefficients of permeability
adopted.
4.2.1. Permeability parameters calibration
As the permeability parameters were just estimated, it
was decided to calibrate them with available field measurements of the dam’s seepage flow. Fourteen Casagrande hydraulic piezometers were already installed prior to the start
of the intervention, disposed as shown in Fig. 5. Table 2
presents the readings values.
With the data from Table 2, the flow nets of the embankment were drawn, adjusting some of the soil permeability parameters and the downstream headwater level to
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Table 2 - Piezometers readings before the intervention.
Piezometer

Peg (m)*

Piezometer depth (m)

Water level
recorded (m)

P1

2+0.00

6.68

4.20

P2

5+0.00

15.33

2.90

P3

9+0.00

22.10

6.00

P4

N. I.

4.18

1.70

P5

N. I.

3.35

1.60

P6

N. I.

3.45

3.20

P7

15+0.00

7.70

2.90

P8

15+0.00

9.85

2.90

P9

9+0.00

10.00

4.20

P10

5+0.00

11.30

4.10

P11

2+10.00

3.75

2.00

P12

5+0.00

12.60

1.00

P13

9+0.00

16.20

1.14

P14

15+0.00

8.14

On top

Peg: Piezometer location, e.g. 2 + 0.00 m represents 40 m from
datum.
N.I.: Not informed in Fig. 5.

arrive at a combination that could best match the observed
in situ water heads provided by the piezometers.
4.2.2. Flow net for the situation at the time of design and
for the proposed solution
With the calibrated parameters and the geotechnical sections drawn, the design and definition of flow
nets for each peg of the dam (i.e., each section 20.0 m
spaced) was possible. Table 3 presents the estimated
flow rates per dam section, before and after the imple-
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Figure 5 - Piezometers location in situ (P represents the piezometers and M the surface marks).
Table 3 - Flow rates estimate by the dam’s sections in the condition at the time of design and the estimate after the project implementation.
3

Input (I)

Output (O)

7.11 x 10

-7

7.11 x 10

-7

1

9.70 x 10

-7

7.14 x 10

-7

2

1.18 x 10

-6

0

3

Initial flow rate (m /s/m)

Peg 9+00 m

Design flow rate (m /s/m)
D

Input (I)
-7

0.00
2.57 x 10

1.16 x 10

-6

1.70 x 10

-8

-6

1.49 x 10

-6

1.77 x 10

-7

-6

3

1.67 x 10

4

2.03 x 10

1.37 x 10

0.00

8.83 x 10

4.84 x 10

-11

1.59 x 10

-10

9.67 x 10

-11

6.24 x 10

-11

1.59 x 10

1.10 x 10

-6

1.93 x 10

-10

1.87 x 10

-10

5.54 x 10

-12

-6

1.47 x 10

-6

1.32 x 10

-6

2.24 x 10

-10

2.24 x 10

-10

0.00

1.47 x 10

-6

1.73 x 10

-6

4.56 x 10

-7

4.56 x 10

-7

0.00

1.40 x 10

-6

1.81 x 10

-6

1.81 x 10

-6

0.00

1.83 x 10

-6

1.52 x 10

-6

1.52 x 10

-6

0.00

1.75 x 10

-6

1.68 x 10

-6

6.88 x 10

-8

8

4.33 x 10

-6

2.94 x 10

-6

9

4.20 x 10

-6

2.37 x 10

-6

10

4.67 x 10

-6

2.26 x 10

-6

2.41 x 10

-6

11

4.68 x 10

-6

4.22 x 10

-6

4.54 x 10

-7

1.45 x 10

-6

1.41 x 10

-6

3.38 x 10

-8

-6

1.98 x 10

-6

3.37 x 10

-6

1.18 x 10

-6

9.65 x 10

-7

2.15 x 10

-7

-6

12

5.36 x 10

13

5.11 x 10

3.41 x 10

-6

1.70 x 10

-6

1.67 x 10

-10

1.38 x 10

-10

2.94 x 10

-11

-6

2.96 x 10

-6

9.36 x 10

-7

1.29 x 10

-10

1.01 x 10

-10

2.72 x 10

-11

-6

1.04 x 10

-10

-11

14

3.90 x 10

15

1.97 x 10

1.36 x 10

-6

6.10 x 10

-7

-6

1.18 x 10

-6

2.10 x 10

-7

1.15 x 10

-7

8.12 x 10

-7

3.00 x 10

-11

7.43 x 10

16

1.39 x 10

17

8.12 x 10

-7

4.50 x 10

-7

-7

4.06 x 10

-7

-3

6.88 x 10

-4

4.50 x 10
4.06 x 10

7.13 x 10

-11

3.31 x 10

-9

5.68 x 10

-11

1.10 x 10

-11

2.85 x 10

-11

4.59 x 10

-11

2.24 x 10

-11

2.63 x 10

-11

-11

0.00

4.87 x 10

0.00

-7

4.06 x 10

-7

-4

2.00 x 10

-4

4.06 x 10

3.52 x 10

mentation of the proposed solution. The input flow rate
(I) is the flow rate which occurs in the vertical section
where the upstream piezometric elevation (+1,065.00 m)
is the same as the reservoir level. The output flow rate
(O) is the one that flows under the toe of the downstream
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-7

-11

-8

3.20 x 10

1.04 x 10

9.07 x 10

-10

6.10 x 10

-6

3

-7

-10

7.70 x 10

-6

2.79 x 10

19

8.96 x 10

0.00

-6

6

Total (m /s)

7.09 x 10

-7

1.97 x 10

2.68 x 10

18

7.10 x 10

-7

D

-6

5
7

7.11 x 10

-7

7.11 x 10
-7

Output (O)

-4

2.07 x 10

-9

0.00
6.40.10

-6

slope. The outflow by the dam’s downstream surface,
called D, is the difference between the input and output
flow rates, (I) and (O), not only in the previous condition,
before the treatment, but also in the final condition of the
project. In Fig. 6 the results are graphically presented,
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Figure 6 - Flow rates estimate per dam section.

and in Fig. 7 the input and output sections are presented
schematically.
Figure 6 shows the proposed solution would substantially decrease the downstream water loss, almost eliminating the existent flow in the dam’s foundation.
4.3. Stability analysis of the proposed solution
The most critical section refers to Peg 9 + 0.00 m,
which is the location with the lowest downstream ground
level and the highest thickness of organic peat.
Figure 7 presents the estimated flow net by that section. Adopting the strength parameters shown in Table 1, a
stability analysis of the downstream slope at Peg 9 + 0.00 m
was made. The graphical output of this stability analysis is
presented in Fig. 8, resulting in a factor of safety FS = 2.00,
considered satisfactory.

4.4. Conclusions regarding the proposed solution
According to design estimates, the Jet Grouting cutoff will decrease the leakage in the dam’s foundations by
80% and the water flow near the dam’s toe by 98%. The remaining water flow will be collected by the draining bed
and by the toe drain. Thereby, the design controlled and
hampered the downstream leakage problem and the piping
process.

5. Solution Implementation
5.1. Implementation methodology
Despite the proven efficacy of the chosen solution for
cut-offs, this solution was in a single row, not in two or
three rows as in other projects (Sembenelli & Sembenelli,
1999; Croce & Modoni, 2007; Guatteri et al., 2012). In
“Ribeirão do Gama” dam the execution team was con-

Figure 7 - Predicted flow net (Peg 9+00 m).
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Figure 8 - Stability analysis of the dam’s final state (FS = 2.00).

cerned mainly with two aspects, besides the recommended
Jet Grouting control factors by AGI (2012):
• significant heterogeneity condition of the subsoil, with
the presence of peat;
• possible lack of overlapping between columns.
It is added to these difficulties the existence of buried
water intakes and tree roots in the dam body, additional
triggering factors which can increase the probability of a
failure by piping.
To surpass these aforementioned challenges, as whole soil-cement columns were formed with the parameters
defined in the project, there was a need to follow rigorous
methods of execution and control recommended by ABEF
(2012) to avoid deviation and diameter variation of the columns, which can occur in Jet Grouting works (Croce &
Modoni, 2007). Thus, the method of implementing Jet
Grouting columns was analyzed to obtain sufficient information to achieve an engineering solution with high performance. The execution of Jet Grouting columns can be
subdivided into three steps, as shown in Fig. 9.
• Ground drilling by rotation of the rods set, usually of
10 cm diameter, and triconed drill bit mandrel, parallel
with the water flow (500 l / min) until the design depth. A
metallic sphere closes the water injection nozzle;
• Grout injection at high pressures, which was enveloped
by compressed air, to produce a high speed combined
stream, eroding the ground and providing the interaction
of cement grout with the earth mass;
• The rotational rise of the drill stem with step increase, rotation and speed calibrated to obtain columns with the
desired parameters.
Several precautions are recommended to minimize
instabilities of the Jet Grouting treatment of earth mass. Not
only the parameters recommended by AGI (2012) must be
considered, but also the diameter of the rod, the type of drill
bit, the volume of the drilling water and the internal mechanism of the injection machinery to be used. These factors
were considered for the choice of the Jet Grouting equipment.
Another aspect observed for the execution was the
process of formation of columns. Because they are not
formed immediately, as the Jet Grouting process forms col-
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umns with sufficient hardness to resist lateral injections
only after a curing process of 48 hours, the execution
method required columns spaced in a manner so that the execution of a column did not interfere with the curing of the
other, as shown in Fig. 10.
According to AGI (2012), this method of making alternate boreholes, called “fresh in hard”, shown in Fig. 10,
requires special control. This caution is justified because of
the possibility of the so-called “shadow effect” between the
columns, a phenomenon caused by the difficulty of the jet
to erode the earth mass outlining the primary columns (P),
with the possibility of formation of secondary columns (S)
with a diameter lower than desired. Then, after forming and
curing the primary columns, the space between them, formed by secondary columns, was filled until achieving the
design’s desired overlapping. So sometimes the injection of
secondary columns was done with slightly higher pressures
than those used in primary columns.
5.2. Execution and control parameters
The technology parameters were monitored to obtain
0.8 m diameter columns with a permeability coefficient low
enough to reduce the water flow through the dam foundation, besides presenting adequate compressive strength. For
this it was considered the AGI (2012) and ABEF (2012)
recommendations; also, the experience of the designer and

Figure 9 - Jet Grouting methodology (U.S. Army illustration by
Todd Plain/Released).
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found near those described in the geological investigations
used in the preparation of the project.

6. Monitoring and Instrumentation of the
Implementation
Figure 10 - “Fresh in hard” method, in which primary (P) columns are built first to the posterior closing of the Jet Grouting curtain with the implementation of secondary (S) columns (AGI,
2012).

the contractor in works of Jet Grouting was crucial. Thus,
Table 4 presents the initial parameters.
After the establishment of these parameters, trial columns were made in a location with a similar geology of the
dam site but unaffected by piping. The design predicted
bentonite as an additive meant to improve the water tightness of the cut-off, as seen in Guatteri et al. (2012). Nevertheless, as the bentonite slowed the curing process, and
there was a risk of washout of the mix, it was decided not to
utilize the bentonite and lower the w/c ratio to 0.7. Thus,
these corrected parameters were adopted to perform the
work, yielding an average soil-cement column diameter of
0.8 ± 0.1 m, mitigating the washout of the mix, as shown in
Fig. 11.
Due to the heterogeneity of the subsoil, the operation
parameters were reassessed continuously and compared
with the design parameters to ensure the Jet Grouting process formed columns with the desired diameter, permeability, strength, uniformity and spacing. The injection
pressure was carefully monitored, so the inherent instability of the Jet Grouting process was minimized, reducing the
risk of new communication paths between the upstream
and the downstream of the dam.
Another object of observation in work was the reflux
mud, arising from drilling with water since from the coloring of this mud was possible to estimate if the soil was

Table 4 - Initial Jet Grouting parameters.
Parameter
Rise step of the rods (m)

0.05

Rod rise velocity (m/s)

0.006

Rod rotation (rpm)

8

Rod rotations per step (rpm/step)

1.07

Nozzle diameter (m)

2.5

Nozzle number

2

Grout injection pressure (MPa)

15

Air pressure (MPa)

1

3

Grout flow rate (m /s)

-3

1.2 x 10

w/c - by weight

1.0

Bentonite addition by weight (%)

2.0
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6.1. Initial considerations
The recovery of “Ribeirão do Gama” earth dam, required particular attention, due to the exacerbated process
of subsurface retro erosion and because during the dam
construction works, at the end of the 1950s, the implementation wasn’t carefully accompanied, a fact that led to formation of soil layers with improper parameters for an
embankment dam. According to data from Perini (2009),
36% of zoned earth dams’ failures are by piping.
In this case study, besides the fact the dam had shown
several signs of subsurface retro erosion, the structure also
had several trees downstream, with water intakes passing in
its middle section, factors which could disturb its recovery.
Furthermore, the design of the Jet Grouting cut-off constructed in a single continuous row for an advanced piping
problem was unprecedented.
Thus, due to the high risk of the dam recovery solution implementation, adequate instrumentation and monitoring specifications were necessary. In this way designers
and contractors could take expeditious technical decisions
correctly and have greater confidence in the pace of work.
6.2. Instrumentation
Bassett (2012) classifies the instrumentation of geotechnical works into three types: passive monitoring, realtime monitoring for building control and monitoring for
safety. In the case of “Ribeirão do Gama” dam, the instrumentation falls in the first two classes, since there were previous calculations concerning the behavior of the flow
passing through the dam in the design phase and also a
real-time instrumentation for adjustments of execution parameters based on data of piezometers and displacements.
Consequently, if measurements from different field instruments were different from the input values previously calculated, remedial actions could be made.
Therefore, to provide monitoring with sufficiently accurate reporting provision for the evaluation of “Ribeirão
do Gama” dam, electric vibrating wire piezometers, surface
marks, and inclinometers were installed.
The design required the installation of piezometers
for evaluating the performance of the work regarding the
flow, so water passing through the dam had similar parameters of magnitude and direction provided by the project.
Moreover, it was possible to assess if the intervention resulted in the expected water head drop, with the elimination
of the piping process, also assessing if the constructed
cut-off could stop the flow through the dam body. For this,
the designers set with the topography team key points for
installation of equipment: the abutments, the places where
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Figure 11 - Trial Jet Grouting columns.

the points of piping manifested with more intensity and
places near the water intakes.
Regarding the surface marks and inclinometers, they
were installed to provide data related to the local and global
stability of the dam.
The surface marks were sensitive enough for small
movements of the downstream slope to be detected, so that
the Jet Grouting works could be optimized. Thus, the surface marks provided data from the vertical movements of
the dam embankments and propitiated the detection of unstable ground, which required extra caution.
Meanwhile, the inclinometers with two axes of measurements, monitored dam movements in the horizontal,
normal and longitudinal directions, complementing the leveling of surface marks, allowing a three-dimensional analysis of displacements. The design required the installation of
inclinometers in critical sections where stability was the
main concern, especially those dam sections resting on peat.
Thus, through the analysis of the instrumentation
data, collected twice daily, the monitoring and evaluation
of the behavior of the dam were possible, and the execution
team could make adjustments into the previously established executive sequence.
6.3. Monitoring
The design required constant monitoring of the dam
to aid the continuation of the work. With the continuous
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evaluation of data generated by instruments, more confident technical decisions could be made. In Figs. 12 to 15, it
is presented examples of plots generated by the monitoring
at the time of the intervention.
These instruments generated necessary data for the
accompaniment of the works. Nevertheless, since the Jet
Grouting process leaves the object of its intervention momentarily less stable, by eroding a soil column before the
strength of the JG column is fully set, it was required a
careful observation of regions on the vicinity of the equipment, complementing the instrumentation.
The inclinometers sometimes displayed anomalous
behavior. However, such behavior, as noticed by the execution and instrumentation team, originated from movements
and activities of the equipment employed in the works.
Some explanations of unexpected behaviors detected from
the instrumentation data were made possible.
It was concluded that the effects reported were mainly
due to the action of the Jet Grouting machine, as its execution sequence may induce small cracks and vibrations from
the high pressures used in the injection process of this type
of treatment.
From this continuous monitoring by the team involved in the recovery of “Ribeirão do Gama” dam, an
abandoned anthill, of large dimensions, inside the dam
body, was detected as a generator of instabilities. The discovery of the anthill led to detection of other voids nearby
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Figure 12 - Settlement (m) vs. Time (s) chart generated by surface marks M1, M2, and M3 data. Figure 5 shows these marks.

Figure 13 - Elevation (m) vs. Time (s) chart generated by the data collected by the electric piezometer 13 (P13), located on Peg 9+00 m.

due to long tree roots existing downstream of the dam. In
addition to the concern regarding the anthill and the unpredicted voids, the peat layer presented thickness worryingly greater than forecasted by the geotechnical investigations.
Thus, regarding the analysis of these additional data
which allowed to conclude that the original situation had
worsened, the Jet Grouting treatment process had to be temporarily halted in this region, and consolidation grouting of
the area was made. This consolidation was executed with a
similar methodology to dams’ foundations grout cut-offs to
avoid possible new paths of preferential seepage and to fill
the soil cavities in the affected stretch. The injections were
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composed of a cement slurry and injected at low pressures,
as recommended by Zirlis et al. (2015).
To monitor the effect of the new treatment on the dam
and the effectiveness of the grout injections, charts which
correlated the volume of injected grout with the topography
were made from the injection reports (Zirlis et al., 2015), as
illustrated in Fig. 16.
Upon visual observation of the work, from the instrumentation data analysis and the grout injections reports, it
was possible to conclude that the treatment was effective;
thus, the Jet Grouting intervention in this region was resumed, as it was, finally, enough consolidated.
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Figure 14 - Example of Depth (m) vs. Displacement (mm) chart from accumulated data generated by inclinometers in the longitudinal
direction of the water flow. Different lines and symbols represent each measurement day.

Figure 15 - Example of Depth (m) vs. Displacement (mm) chart from accumulated data generated by inclinometers in the normal direction of the water flow. Different lines and symbols represent each measurement day.

7. Results
7.1. Initial considerations
The success of geotechnical works is quite complex
to be assessed. As ground is usually an anisotropic medium,
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heterogeneous, particulate and presenting non-linear behavior, obtaining genuinely representative parameters of
the executed work would require a larger sample than financially allowed. Thus, the evaluation of the effectiveness
of the recovery of “Ribeirão do Gama” dam assumes that a
macroscopic analysis is sufficient for the problem.
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Figure 16 - Grout injection control. Z axis in total grout liters injected.

7.2. Obtained parameters evaluation
For assessing if the recovery of the “Ribeirão do
Gama” dam was successful, the resulting parameters of the
executed treatment were evaluated and compared with those previously estimated in the design phase. Thus, besides
the observation of instrumentation data and a detailed visual analysis, samples of 15 m from four columns (1% of
the total) were taken and analyzed regarding their degree of
fracturing. In these four columns, which were selected in
the passages in which there was more significant uncertainty regarding the formation and integrity of the soilcement, tests of water loss were conducted, with methodology adapted from Porto (2002).
As for the instrumentation, the data collected by the
electric VW piezometers provided the main indication of
the effectiveness of the designed cut-off waterproofness.
There were points in the dam, near the spillway, where the
water level was below the depth of piezometer tips; therefore, the piezometers did not detect any water head. In other
piezometers, hydraulic load values obtained were many
times smaller than the expected in the design phase, a fact
that attested to the proper overlapping of the Jet Grouting
columns and the appropriate level of waterproofing provided by the treatment.
Surface measurements were made to assist the visual
analysis, done with the main objective of evaluating the diameter of the column, expected to be 0.8 ± 0.1 m. Although
the measurement of the surface diameter of the columns
does not give a clear indication of the size of the lower portion of the columns, this information, along with the hydraulic load measured at the dam’s downstream, was
enough to indicate there was sufficient overlapping between the columns.
The design predicted the diameter of the lower portion of the columns would have sufficient size to provide
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overlapping between them. This expectation justifies itself
due to the fact the earth mass, until the saprolite layer depth,
had a resistance low enough for the Jet Grouting process to
form columns of more than 0.8 m diameter. Still, there was
doubt whether the executed columns had an appropriate degree of impermeability. For this, in addition to the analysis
of piezometric data, the fracturing of the column cores and
the results of the water loss tests performed in the four sampled columns were analyzed.
For the evaluation of the fracturing and quality of
core samples from Jet Grouting columns, Yoshitake et al.
(2003) proposed an alternative to the RQD method: the CRI
(Core Recovery Index). This approach, idealized from the
RQD classification, is based on visual examination of Jet
Grouting column cores. Yoshitake et al. (2003) showed a
correlation of uniaxial resistance to different types of cores.
In this work, although our main concern was with the permeability coefficient, the presentation of the classification
of the cores withdrawn is justified by the data generation
for future CRI correlations with the permeability parameter
of the sample and because the CRI also has a qualitative nature.
Therefore, from the analysis of four cored boreholes,
one exemplified in Fig. 17, the quality of the samples with
0.1 m diameter extracted using rotary core drilling equipment was evaluated regarding the general appearance of the
treatment.
The analysis, based on the CRI evaluation method,
indicated high-quality treatment samples at a depth of
9.1 m, with a majority share of level 1 material (few cracks,
solid and predominantly homogeneous) and level 2 material (presence of clay fractions). After this stretch, there is
the peat layer; although the execution could make columns
of the required diameter, there is the presence of material
level 3, of fractured nature. Anyway, according to CRI criteria, the executed treatment can be characterized as highquality.
However, for obtaining the permeability coefficient,
the methodology adapted from Porto (2002) was used. The
Jet Grouting columns were tested each 3 m, measuring water losses in 5 sections, totaling 15 m of depth. In each 3 m
section, upward pressures, with a value multiple of 25 kPa,
until obtaining a peak value of 150 kPa, were applied and
then decreased to analogously correspondent pressures until reaching the previous minimum value of 25 kPa.
In the four tested drilled boreholes, the highest specific water loss was 1.98.10-6 m3/s/m/kPa, in column 317, in
the passage between 3 and 6 m, where peat occurred.
Among the tested columns, the highest permeability had a
magnitude of 10-6 m/s, again in the section where peat existed. In the piezometers, it is clear there was a load drop in
the readings of instruments downstream of the executed Jet
Grouting columns, but this fall was less than expected by
the model adopted. Still, the executed treatment proved entirely satisfactory, having the resurgences of water down-
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Table 5 - Piezometer readings before and after the intervention.
Piezo
meter

Figure 17 - Core sample from rotary drill borehole the Jet Grouting column number 186 (from the 706 executed).

stream ceased completely by the time of its completion in
June 2016.
To complement the data and assess the current performance of the dam, further measurements were performed in
the piezometers in October 2017, two years after the beginning of the treatment. Table 5 summarizes the results.
It is evident there was a further water head drop in the
readings of instruments downstream of the executed Jet
Grouting columns, even though the measurements were incomplete due to vandalism and obstructions in the piezometers. This further head drop is probably related to the
slower dissipation of pore pressures in the peat layers.

8. Conclusion
It is advisable to inspect geotechnical works routinely
after its implementation, especially dams as required by
Brazilian laws. It was in one of these inspections the exposed problem was detected promptly, avoiding an accident which could have catastrophic consequences.
A successful geotechnical design depends fundamentally on proper diagnosis, which must be based on visual inspection and if possible in field and lab tests to obtain
adequate constitutive parameters.
The execution of the proposed works must be monitored using the proper installation of specially selected
monitoring and control instruments, allowing adjustments
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Peg
(m)*

Piezometer Water level re- Water level
depth (m) corded before recorded after
treatment (m) treatment (m)

P1

2+0.00

6.68

4.20

6.68 (Dry)

P2

5+0.00

15.33

2.90

N.A.

P3

9+0.00

22.10

6.00

N.A.

P4

N. I.

4.18

1.70

N.A.

P5

N. I.

3.35

1.60

N.A.

P6

N. I.

3.45

3.20

N.A.

P7

15+0.00

7.70

2.90

N.A.

P8

15+0.00

9.85

2.90

7.20

P9

9+0.00

10.00

4.20

7.05

P10

5+0.00

11.30

4.10

7.17

P11

2+10.00

3.75

2.00

N.A.

P12

5+0.00

12.60

1.00

N.A.

P13

9+0.00

16.20

1.14

N.A.

P14

15+0.00

8.14

On top

N.A.

Peg: Piezometer location, e.g. 2 + 0.00 m represents 40 m from
datum.
N.I.: Not informed in Fig. 5.
N.A: Not available due to vandalism or obstruction.

to the original design as soon as required to keep the execution phase safe and to minimize the probability of failure of
the executed works.
In the present case study, the treatment of a piping
process using a Jet Grouting cut-off with an adequate degree of waterproofing has shown to be satisfactory as the
treatment eliminated downstream points of upwelling water.
The proposed solution also had a downstream toe
drainage system which would be responsible for conducting the remaining flow by a proper path, after the completion of the treatment. This redundancy is necessary for
situations like these because even if a failure occurred in the
Jet Grouting impervious system, the resulting flow from
this failure would be collected by the downstream drainage
system, which would adequately conduct the flow to the
natural bed of “Ribeirão do Gama”, without impacting the
stability of the embankment.
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One-Dimensional Consolidation Considering Viscous Soil
Behaviour and Water Compressibility - Viscoconsolidation
P.E.L. Santa Maria, F.C.M. Santa Maria
Abstract. The aim of this paper is to draw attention to experimental evidence which may contribute to the understanding of
the viscous behaviour of soft soils and, above all, present the equation for primary one-dimensional consolidation
including the soil viscous resistance and the compressibility of water, with its analytical solution. Initially, a generic
equation is presented, in which any constitutive relationship of viscous resistance vs. strain rate may be incorporated. This
study, in particular, considers two constitutive relationships: the first, represented by a two-parameter hyperbola with a
horizontal asymptote, and the second, represented by a linear relationship which characterizes the soil behaviour as
Newtonian. The hyperbolic constitutive relationship was derived from consolidation test results where the viscous
resistance was inferred. For this case, the equation was numerically integrated using the software MAPLE 2017. For the
linear relationship (Newtonian behaviour), the equation was integrated analytically and its solution presented. Finally, the
results of several analyses are presented and compared with results obtained experimentally as well as with classical results
of Taylor (1942) and Terzaghi & Frölich (1936).
Keywords: compressibility of water, one-dimensional consolidation, pore pressure, two-parameter hyperbola, viscous resistance.

1. Introduction
The aim of this paper is to draw attention to experimental evidence that may contribute to the understanding
of the viscous behaviour of soft soils (Taylor & Merchant,
1940; Taylor, 1942; Lacerda, 1976; Martins, 1992) and,
most of all, to present an equation and its analytical solution
for primary one-dimensional consolidation which considers the viscous resistance of the soil and the compressibility
of the water in the voids. The drive behind this study surfaced during an experimental research performed at COPPE-UFRJ with the aim of understanding how the coefficient K0 varies during secondary consolidation. The
one-dimensional consolidation tests performed with a K0
cell, designed by COPPE showed that at the beginning of
each loading step, the pore pressure measured at the base of
the sample was very low, increasing gradually with time
until it reached a maximum, from which it decreased until
finally reaching total dissipation. The solution proposed by
Taylor (1942), which takes into account the viscous resistance component of the soil, was used to interpret the results, albeit this solution does not explain the initial pore
pressure variation. The initial conjecture at that time was
that this behaviour was due to the combined effect of the
viscous resistance with the compressibility of water. For
this to be true, it was believed that at the beginning of the
test, the volumetric strain would lead to an increase in pore
pressure with time, since the viscosity of the soil would pre-

vent any process to occur instantly. Simultaneously, due to
the high strain rates at this stage, the mobilized viscous resistance would be high, just sufficiently to alongside the resistance corresponding to pore pressure and effective frictional stress, satisfy the equilibrium condition. It is worth
emphasizing that the component corresponding to the frictional effective stress would be, at this stage, much smaller
than the pore pressure, since the stiffness of water is many
orders of magnitude superior to that of the soil. With the
progress of time, the drainage of the sample leads to a decrease in the pore pressure and an increase in the effective
frictional stress. The strain rate, which has dropped monotonically, results in a reduction in the effective viscous
stress. Thus, the growth rate of the pore pressure decreases,
tending to zero (when the growth rate of the effective frictional stress equals the drop rate of the effective viscous
stress) and, from then on, decreasing until the pore pressure
is completely dissipated, at the end of the test.
Despite the existence of solutions which consider
both the viscous resistance as well as the compressibility of
the fluid in the study of one-dimensional consolidation, an
analytical solution which considers both these mechanical
phenomena combined could not be found within technical
literature.
The solution proposed in this paper is able to predict
reasonably well the pore pressure variation throughout the
test during primary consolidation.
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2. Viscoconsolidation
In perfect analogy with disciplines which incorporate
viscous behaviour to classical Solid Mechanics, such as
Viscoelasticity and Viscoplasticity, in this paper the term
viscoconsolidation is used to define the study of onedimensional primary consolidation where the viscous and
hydrodynamic behaviours occur simultaneously, including
the effects of the compressibility of the water in the voids.
In this case, both the viscous resistance and the hydrodynamic resistance work delaying the strain, making it occur
as a function of time during primary consolidation until, at
the end of the process, only the frictional resistance takes
part in the process and the strain rate cancels out. Naturally,
this is not precisely what is actually happening. It is known
that the strain rate continues to exist after the end of primary
consolidation, during secondary consolidation, until it finally comes to an end.
According to Tsytovich & Zaretsky (1969), the best
way to assess the influence of viscous resistance of a soil,
also called structural resistance by the authors and plastic
structural resistance by Taylor (1942), is through the pore
pressure measured in an undisturbed soil sample submitted
to a compression test. For this purpose, a coefficient b0 is
defined as b0 = u0/Ds, where u0 is the initial pore pressure
submitted to loading Ds. These authors highlight the consideration of volumetric strain as a result of the unsaturation of the soil for cases with degrees of saturation
above 90%. Figures 1 (a), (b) and (c) illustrate some experimental results of pore pressure variation with time in samples with degrees of saturation of 95% and 98%. It may be
observed that, in most loading steps, there is an initial
growth in pore pressure, up to a maximum value, followed
by a decrease leading to total dissipation. Zaretsky (1972)
observes that, although this behaviour was present in soils
with degrees of saturation smaller than 100%, it was also
verified in tests carefully prepared to guarantee total sample saturation.
Suklje (1969) presents curves for pore pressure vs.
time obtained from consolidation of a normally consolidated lacustrine chalk with degrees of saturation of 96%
and 92%, whose shapes resemble those of Tsytovich &
Zaretsky (1969).
Due to its extremely low compressibility when compared to the compressibility of the soil structure, water is
considered incompressible in most of the analyses of behaviour of saturated soils in Soil Mechanics. The bulk
modulus of elasticity of degassed water at 20 °C is
2.15 ´ 103 MPa. It is also known that this modulus varies at
different temperatures and pressures. However, when dealing with pore water in layers of soil below the water level,
the situation is significantly different as, in these cases, not
only may there be microscopic air bubbles, but also dissolved gases in the soil. According to Tsytovich (1987), a
degree of saturation just under 100% increases signifi-
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cantly the compressibility of pore water and the bulk modulus of elasticity of water, K, in this case may be estimated
with the equation:
K=

pa
1- S

(1)

where: pa = atmospheric pressure, S = degree of sample saturation.
It is easy to understand that a one-dimensional consolidation test performed on soil with viscous behaviour
and compressible water in the voids may be elementarily
represented by a rheological model composed of a Maxwell
and a Kelvin model connected in parallel, as shown on
Fig. 2.
The Kelvin model (a linear spring element and a linear viscous dashpot element connected in parallel) represents the soil with viscous behaviour and the Maxwell
model (a linear spring element and a linear viscous dashpot
element connected in series) represents the hydrodynamic
behaviour of the compressible water under vertical drainage.
It is worth stressing that the time-dependent representation of the hydrodynamic behaviour by a linear function
of its velocity, although a simplification, does not invalidate the purpose of this modelling, which is to present the
aspect of the progress of the pore pressure with time.
The model’s differential equation for a constant loading s0 obtained by the equilibrium of forces may be written
as follows:
s0
d
1 é Eh 3 + Kh 3 + KEt ù
e(t) +
=0
ê
ú e(t) dt
h2 ë
h 3 + Kt
h2
û

(2)

whose solution for the initial condition e(0) = 0 is:
h3
E
t
é
ù E
h
h2
h2
t
- 3
ê s 0 ( Kt + h 3 ) × e
ú - h2 t
e(t) = êò
dtú e
× ( Kt + h 3 ) h 2 (3)
h2
ê0
ú
ë
û

The total resistance components may be represented
as:
pore pressure:
u(t) =

Kh 3
e(t)
h 3 + Kt

(4)

frictional resistance:
s¢f (t) = Ee(t)

(5)

viscous resistance:
s¢v (t) = h 2

d
e(t)
dt

(6)

Figure 3 shows a result for the variation of pore pressure with time, obtained by Eqs. 3 and 4, for typical values
of E, K, h2 and h3.
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Figure 1 - (a)-Pore pressure dissipation for experiments of Sipidin (Cambrian clay, S = 98% and water content = 30%); (b)-Pore pressure
dissipation for experiments of Ter-Martirosyan and Tsytovich (Saratov clay of a disturbed structure, S = 98%, with loading step
q = 100 kPa, where curves correspond to the consecutive loading steps); (c)-Pore pressure dissipation for experiments of Kogan (Silty
loam of an undisturbed structure, S = 95%, water content = 30%, with loading step q = 100 kPa) (after Zaretsky, 1972).

2.1. Relationship between viscous resistance and strain
rate
According to Vyalov (1986), viscosity is a property
of fluids (or gases) which causes resistance to the movement of elementary particles relative to one another. Newton (1687) was the first scientist to investigate viscosity. He
observed that the resistance offered by a flowing liquid is
proportional to its shear velocity.
Newton’s law or rheological equation of state of a
Newtonian liquid, which relates the shear stress ti with the
shear strain rate &g i is given by:

Soils and Rocks, São Paulo, 41(1): 33-48, January-April, 2018.

t i = h × g& i

(7)

The constant h is the viscosity or dynamic viscosity
and its SI unit is Pa.s. The reciprocal of viscosity, F = 1/h,
is called fluidity.
Although the viscous phenomenon had been originally identified and defined for liquids, it is known to occur,
with varying intensities, in virtually all solids found in Nature.
Thus, it may be written:
s ij = h s × e& ij (for i ¹ j)

(8)

s ij = h n × e& ij (for i = j)

(9)
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rate &e and the stress s. This viscous behaviour is known as
non-linear or non-Newtonian.
The rheological equation of state of a non-linear viscous solid may be presented as:
s = f (&)
e or e& = f( s)

Figure 2 - Rheological model representing a one-dimensional
consolidation test on viscous soil with compressible water in the
voids.

(10)

Ostwald (1926), a pioneer in the study of anomalous
viscous media, concluded that those media which have
structure present a behaviour pattern distinct from those
that are perfectly viscous (Newtonian). The explanation is
that the structure changes with strain and, consequently, so
does the viscosity. This variable viscosity is also known as
structural viscosity.
Consolidation tests, either of one-dimensional or hydrostatic compression, have shown that the behaviour of
clayey soils under compression is non-Newtonian. According to Alexandre (2000), the relationship between the effective viscous stress s’v and the rate of void ratio variation e&
may be presented as Ostwald’s power function, as follows:
1

e n
s¢v = -a(&)

(11)

where n > 1, a = stress increment constant.
Santa Maria (2002) proposes adjusting the solution to
fitted hyperbolas of two and three parameters, in addition to
the power function. Although Santa Maria (2002) observes
that the power function leads to better correlations, it is important to note that this was based only on the values of the
correlation coeficients of the fitting. A qualitative assesment
of the fitting with the three proposed functions indicates that
the fitted two-parameter hyperbola presents results which
best resemble the behaviour experimentally observed.
Comparing Fig. 4 with the behaviour observed by
Santa Maria (2002), Taylor (1942) and Thomasi (2000), it
may be stated that the viscous component of the resistance,

Figure 3 - Progress of pore pressure with time obtained from a
rheological model (Maxwell and Kelvin in parallel) of a one-dimensional consolidation test on viscous soil with compressible
water in the voids.

where hc is the coefficient of viscosity for shear and hn is the
coefficient of viscosity for compression or tension, often
called Trouton factor.
Many real solids have a viscous behaviour different
from Newton’s law. This distinct behaviour, known as
anomalous viscosity, is manifested as a variation in the coefficient of viscosity as a function of the magnitude and direction of loading.
The dependency of parameter h on loading is equivalent to the non-linear relationship between the strain

36

Figure 4 - Relationship between viscous resistance and strain
rate. A = Newtonian viscous liquid; B = plastic viscous material;
C1 and C2 = quasi-plastic viscous material; D = saturated clay under one-dimensional consolidation test.
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either on one-dimensional or hydrostatic compression,
does not display characteristics of either a purely viscous
fluid (line A), or of a purely plastic one (line B), where the
flow does not occur until a certain value of stress is reached.
Likewise, it also does not present the behaviour of quasiplastic materials (lines C1 and C2), but complies adequately with the behaviour described by the fitted twoparameter hyperbola, represented by line D.
Figures 5 to 8 regarding one-dimensional consolidation tests (Taylor, 1942; Santa Maria, 2002) and Fig. 9 regarding a hydrostatic consolidation test (Thomasi, 2000),
show how the viscous component of the effective stress
varies with the absolute value of the void ratio rate and the
strain rate.
These figures also show the fitted two-parameter hyperbolas, adjusted visually to the experimental points. The
equation for the hyperbolas is as follows:
s¢v =

&e
e&
or s¢v =
&e
1
e&
1
+
+
a e be
a e be

(12)

Parameters ae and ae represent the angular coefficient
of the tangent at the origin while be and be represent the ordinate of the horizontal asymptote.
Figures 6 to 8 concern one-dimensional consolidation
tests. It is worth drawing attention to the fact that the results
presented were obtained for mean values of e& and s’v.
As may be observed, the fitted two-parameter hyperbola represents reasonably well the viscous resistance variation with strain rate &e, volumetric strain rate &e v , and void
ratio rate e&. Figures 5 to 9 clearly indicate a trend for the viscous resistance to reach a maximum value when the strain
rate increases. This evidence has an important implication.

Figure 6 - Viscous resistance vs. void ratio rate – fitted twoparameter hyperbola compared with actual points obtained from
one-dimensional consolidation test K0-13 / 4th loading step (Santa
Maria, 2002).

Figure 7 - Viscous resistance vs. void ratio rate – fitted twoparameter hyperbola compared with actual points obtained from
one-dimensional consolidation test K0-13 / 5th loading step (Santa
Maria, 2002).

Figure 5 - Viscous component of the effective stress vs. void ratio
rate – actual data from one-dimensional consolidation on a Boston
Blue Clay sample (Taylor, 1942, after Alexandre, 2000) and fitted
two-parameter hyperbolas.
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Experimental results from consolidation tests have shown
that there is an infinite set of void ratio vs. effective stress
curves defining the behaviour of a clayey soil, one for each
void ratio rate e& (Bjerrum, 1967; Martins & Lacerda, 1985).
Naturally, this set of curves features a limit to the left, characterized by the curve e vs. s’ for e& = 0. In this curve, the resistance to strain is exclusively frictional in origin as the
viscous component is not mobilized (&e = 0). The new evidence indicates the existence of a limit to the right also,
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Figure 10 - Schematic representation of the two boundaries of the
region where the pattern of behaviour is possible.
Figure 8 - Normalized viscous resistance vs. void ratio rate – fitted two-parameter hyperbola compared with actual points obtained from one-dimensional consolidation test K0-13 / all loading
steps (Santa Maria, 2002).

¶e
¶
¶2
= -C k
( e - a v × s¢v ) + C v
( e - a v × s¢v ) (13)
¶t
¶t
¶z 2
where e = void ratio, function of t and z, C k =

e
,
K×av

k × (1 + e)
, e = average void ratio, K = bulk modulus of
gw ×av
elasticity of water, av = coefficient of compressibility,
gw = unit weight of water and k = coefficient of permeability.
The following hypotheses are admitted:
• soil is homogeneous;
• soil particles are incompressible;
• vertical soil drainage and strain;
• Darcy’s law is valid;
• small strains;
• water is considered as an elastic compressible fluid;
• the bulk modulus of elasticity of water is constant for the
existing pressure range;
• Ck and Cv are constant for existing stress range and with
time;
¶e
• the viscous resistance s’v is a function of e and ;
¶t
• the total applied stress is constant with time.

Cv =

Figure 9 - Viscous component of the effective stress vs. volumetric strain rate during a hydrostatic consolidation test – actual data
(Thomasi 2000) and fitted two-parameter hyperbola.

corresponding to e& ³ e& lim (Fig. 10). This means that after
mobilizing all the available resistance (frictional and viscous), any subsequent load increment would result in an
incresase in pore pressure, so that the condition of equilibrium is satisfied.
2.2. General equation
The general equation for one-dimensional viscous
consolidation considering the compressibility of water may
be written as (Appendix A):
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2.2.1. Numerical solution and experimental results
Admitting that the viscous resistance s’v was defined
by the fitted two-parameter hyperbola, expressed by Eq. 14
and illustrated in Fig. 11, Eq. 13 is numerically integrated
using the software MAPLE 2017.
s¢v =

e&
1
e&
+
a e be

(14)
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Figure 11 - Definition of limit viscous resistance (be) and initial
coefficient of viscosity (ae) for one-dimensional consolidation
tests.

The solution requires two boundary conditions in z
and two initial conditions in t:
(1) z = 0, "t - solution of equation:
de
e -e
dt
; e(t = 0) = e 0
= s- 0
av
1 æ 1 de ö
- çç ´ ÷÷
a e è be dt ø
-

(2) z = 2h, "t - solution of equation:

and one to measure the vertical displacement of the top cap,
and a pore pressure transducer at the base.
The results presented in this paper refer to the incremental test K0-13. Figure 13 shows the variation of the pore
pressure from the beginning of the test up to 2000 min, at
th
th
the last two loading steps (4 and 5 steps), alongside the
values obtained from the integration of Eq. 13, performed
using MAPLE 2017. The data and parameters regarding
these two steps, obtained by Santa Maria (2002), are presented in Table 1. As mentioned before, k, av, ae and be represent mean values for each step.
It may be seen that from minute 0.6 onwards the theoretical curve is very representative of the behaviour obtained experimentally. Nevertheless, before this moment,
there is a significant discrepancy owing to the initial conditions of the theoretical solution where, for time t = 0+, the
vertical strains and, consequently, the pore pressures are
th
null. On the 5 step of the test, for instance, the first pore
pressure measurement occurs at 0.001 min, with a value of
28.5 kPa. Thus, it is thought that the best explanation for
this high value of pore pressure at such a small fraction of
time may be the inertial effect resultant from the load increment applied with weights on the yoke at the centre of the
top cap of the oedometric cell. Naturally, this loading was
performed with the utmost care to minimize the effects
which are inherently associated with the manual loading
process.
2.3. Equation for linear relationship between s’v and

de
e -e
dt
; e(t = 0) = e 0
= s- 0
av
1 æ 1 de ö
-ç ´ ÷
a e çè be dt ÷ø

When the functional relationship between s’v and

s¢v = -h ×
s
ae
æ s
1 - çç
è be

¶e
¶t

is linear, it may be written as:

(3) e( "z, t = 0) = e 0
¶e
(4) ( "z, t = 0) = ¶t

¶e
¶t

¶e
¶t

For this condition, Eq. 13 becomes (Appendix A):
ö
÷
÷
ø

C k1

where s represents the total stress applied.
Eq. 15 is obtained by equilibrium and allows the evaluation of the pore pressure.
De
e&
u = s+
1
e&
av
a e be

(15)

Santa Maria (2002) performed one-dimensional consolidation tests with remolded clay samples from the Sarapuí river using a K0 cell designed by COPPE-UFRJ,
illustrated in Fig. 12. The instrumentation comprises three
load cells (one for each of the two lateral windows, to study
the K0 coefficient, and a third at the base, to determine the
friction on the walls), three LVDT’s, one for each window
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¶e
¶2 e
¶2 e
¶3 e
+ C kt 2 - C v
C
=0
vt
¶t
¶t
¶z 2
¶z 2 ¶t
th

(16)

th

Table 1 - Data and parameters regarding the 4 and 5 loading
steps.
th

th

Parameter

4 step

k (m.min-1)

6.20 ´ 10

K (kPa)

8.25 ´ 10

3

9.00 ´ 10

av (kPa )

-1

3.32 ´ 10

-3

1.79 ´ 10

h (mm)

33.1

29.5

s (kPa)

69.8

167.5

e0

2.11

1.80

38000

70000

73.7

173

ae (kPa.min)
be (kPa)

5 step
-9

4.20 ´ 10

-9

3

-3
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Figure 12 - Detail of the K0 cell with the LVDTs holder.

where h = coefficient of viscosity
C k1 =

e + Ka v
Ka v

C kt =

he
K

Cv =

k(1 + e)
gw ×av

C vt =

k(1 + e)h
gw

Eq. 16 is a third-order linear partial differential equation with t and z as independent variables.
To derive this equation, the following assumptions
were considered:
• soil is homogeneous;

40

•
•
•
•
•
•

soil particles are incompressible;
vertical soil drainage and strain;
Darcy’s law is valid;
small strains;
water is considered as an elastic compressible fluid;
the bulk modulus of elasticity of water is constant for the
existing pressure range;
• Ck1, Ckt, Cv and Cvt are constant for the existing stress
ranges and with time;
• the total applied stress is constant with time.
2.3.1. Analytical solution and experimental results
The solution to the equation requires two boundary
conditions in z and two initial conditions in t, as shown below:
(1) z = 0, "t - solution for equation:
-h

e -e
de
= s- 0
; e(t = 0) = e 0
dt
av
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(2) z = 2h, "t - solution of equation:
-h

where

e -e
de
= s- 0
; e(t = 0) = e 0
dt
av

Am = C k21 × h 4 + 2C k 1 × C vt × M 2 × h 2 -4C kt × C v × M 2 × h 2 + C vt2 × M 4

(3) e( "z, t = 0) = e 0
(4)

Bm 1 = C k 1 × h 2 + C vt × M 2 - Am

¶e
s
( "z, t = 0) = ¶t
h

Bm 2 = C k 1 × h 2 + C vt × M 2 + Am

where s is the total applied stress.
Considering that the solution for the differential equation presented in conditions (1) and (2) is
t
æ
e = e 0 - a v sç1 - e ha v
ç
è

ö
÷,
÷
ø

the integration of Eq. 16 for the above conditions leads to
the following solution (Appendix B):
1 B m 1 ×t
ì
n é
( B - C c ) - 2 C kt ×h 2
ï
e = e0 - s × av í1 - å ê m 2
e
ïî m = 0 êë M Am
1 B m 2 ×t
ü
( Bm 1 - C c ) - 2 C kt ×h 2 ù
M × zöï
ú × sin æç
e
÷ý
M Am
è h øï
úû
þ

1 Bm 1C vt
ì é
2
ïï n ê ( Bm 2 - C c ) × (C kt h - 2 C ) - 12 B m 1 ×2t
v
e C kt ×h u = sí å ê
2
M
A
C
h
m
=
0
ê
m
kt
ï
ïî êë

Cc =

2C kt × C v × h 2
C vt

It can be easily shown that Eq. 17 becomes Taylor’s
solution (1942) when K ® ¥.
Figures 14 and 15 present the results of a comparative
analysis between the solution proposed in this study and
that presented by Taylor for the same parameter values corresponding to the 5th step of test K0-13 (Table 1)

(17)

(18)

1 Bm 2C vt
ü
ù
( Bm 1 - C c ) × (C kt h ) - 1 B m 2 ×t ú
2 Cv
2 C kt × h 2
æ M × z ö ïï
e
ú × sin ç
÷ý
M Am C kt h2
è h øï
ú
úû
ïþ
2

Figure 14 - Comparison of void ratio values determined by Eq. 17
for several values of K and by Taylor’s solution (1942).

Figure 13 - Comparison between pore pressures predicted from
Eq. 13 and obtained experimentally (Santa Maria, 2002).
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Figure 15 - Comparison of pore pressure values determined by
Eq. 18 for several values of K and by Taylor’s solution (1942).
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It becomes clear that, as the bulk modulus of elasticity
of water increases, the curves get closer to the curve corresponding to Taylor’s solution (1942), as expected.
With the aim of comparing and verifying the consistency between analytical and numerical results, Fig. 16
presents the curves obtained by means of Eq. 17 and
through numerical integration of Eq. 16 using MAPLE
th
2017, for the parameter values corresponding to the 5 step
of test K0-13 (Table 1).
As a perfect match was obtained, to distinguish the
numerical result from the analytical the former was multiplied by a factor of 0.999.
Figure 17 presents the progress of pore pressure with
time for the same parameters presented in Table 1, where
the coefficients of viscosity, h, are considered equal to the
angular coefficient of the tangent, ae, of the two-parameter
hyperbola at the origin. As expected, the match between the

Figure 16 - Comparison between numerical and analytical solutions of Eq. 16, suggesting a perfect match (an offset was introduced in the curves, otherwise only one line would be seen).

Figure 17 - Comparison between pore pressures predicted from
Eq. 18 and obtained experimentally (Santa Maria, 2002).
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theoretical and experimental curves is not as good as the
one obtained by the general equation with function s’v represented by a fitted two-parameter hyperbola.
To fully envision the importance of the coefficient of
viscosity in the behaviour of a soil during one-dimensional
consolidation, the curves for void ratio vs. time and pore
pressure vs. time are plotted for various values of h, as well
as the curve for the Terzaghi & Frölich’s solution (1936),
which does not contemplate this effect (Figs. 18 and 19).
The values of the remaining parameters are those presented
in Table 1. It is worth noting that, for numerical convenience, in this case hour has been adopted as a unit of time.

Figure 18 - Void ratio vs. time comparison between values determined by Eq. 17 for various values of h and by Terzaghi &
Frölich’s solution (1936).

Figure 19 - Pore pressure vs. time comparison between values determined by Eq. 18 for various values of h and by Terzaghi &
Frölich’s solution (1936).
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It becomes evident that as h increases, the values of the
maximum pore pressure decreases, with the peaks displacing to the right. Additionally, as expected, the more the h
value decreases, the more the pore pressure curves approach in aspect to that of Terzaghi & Frölich’s solution
(1936). With respect to the void ratio, it is observed that the
lower the value of h, the more the curve moves away from
that of Terzaghi & Frölich’s solution (1936) in the initial
branch. In the final branch of the curve, exactly the opposite
occurs.
As a final analysis, the condition of applying a loading while the drain is closed is considered to predict the
progress of pore pressure growth. In this case, except for
the coefficient of permeability, all test parameters refer to
th
the 5 step in Table 1. To simulate the effect of closed
drainage, a coefficient of permeability of 1 ´ 10-50 m.min-1 is
considered.
Figure 20 shows that, as expected, the higher the stiffness of water, the faster the pore pressure reaches its maximum and the closer it gets to the applied load (167.5 kPa).
The difference between the maximum pore pressure value
and the applied load represents the effective stress resisted
by the soil, since it is submitted to the same volumetric
strain as the water.

3. Conclusions
The study that resulted in this paper allows to highlight the following main conclusions:
(i) For the soils investigated by Taylor (1942) and Santa
Maria (2002) in one-dimensional consolidation tests
and by Thomasi (2000) in hydrostatic consolidation
tests, the relationship between the mean values of the
viscous component of the effective stress and the
strain (or void ratio) rate is characterized by a curve
which may be satisfactorily represented by a twoparameter hyperbola going through the origin and featuring a horizontal asymptote.

Figure 20 - Pore pressure growth with time in an undrained soil
sample with viscous behaviour considering several values of K.

Soils and Rocks, São Paulo, 41(1): 33-48, January-April, 2018.

(ii) For these soils, the shape of the curve viscous resistance
vs. strain (or void ratio) rate suggests the existence of a
limit value, represented theoretically by the ordinate
of the fitted two-parameter hyperbola’s horizontal asymptote.
(iii) For one-dimensional consolidation of a soil with viscous behaviour and compressible water in the voids,
both the general Eq. 13, where the viscous resistance
vs. void ratio rate is represented by a two-parameter
hyperbola (Eq. 14), and and Eq. 16, where the soil behaviour is considered Newtonian, can predict the pore
pressure variation with time.
(iv) As expected, the general Eq. 13 with the viscous resistance defined by Eq. 14 presents better results than Eq.
16, where viscous behaviour is linear (Newtonian).
(v) The analytical solution obtained assuming Newtonian
behaviour for the soil was succesfully verified (a) by
the fact that it becomes Taylor’s solution (1942) when
K ® ¥ and (b) by the perfect match between their results and those obtained by numerical integration of
Eq. 16 using the software MAPLE 2017.
(vi) Although the assumptions for both of the solutions presented lead to a condition of null pore pressure at the
t = 0+ instant, the initial values measured are approximately 20% of the total applied stress and may be accounted for as a result of dynamic effects inherently
associated to the application of the load increment at
the beginning of each step.
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List of Symbols
ae, ae = first parameter of the two-parameter hyperbola
av = coefficient of compressibility of the soil
be, be = second parameter of the two-parameter hyperbola
e = void ratio
e0 = initial void ratio
e = average void ratio
e& = void ratio rate
Ck, Cv = coefficients of the general equation - Eq. 13
Ck1, Ckt, Cv and Cvt = coefficients of the equation for Newtonian behaviour - Eq. 16
h = half sample thickness
K = bulk modulus of elasticity of water
K0 = coefficient of lateral stress at rest
k = coefficient of permeability of the soil
n = porosity of the soil
pa = atmospheric pressure
S = degree of sample saturation
t = time coordinate
u = pore pressure
v = apparent seepage speed
ve = average value of the true seepage speed
v& = apparent velocity of grains related to the gross-section
area of the soil
z = position coordinate
h = coefficient of viscosity
f = fluidity
e = linear strain
&e = linear strain rate
&g = shear strain rate
gw = unit weight of water
s = normal stress
s’f = frictional component of the effective stress
s’v = viscous component of the effective stress
t = shear stress
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Appendix A - General consolidation equation
and its particular form for Newtonian
behaviour
Considering:
(i) viscous resistance s¢v = f ( e, ¶¶et ) and s¢v = -h ¶¶et ,
(ii) compressibility of water
1. If the drainage velocity v increases with z, the quantity of
pore water leaving a volume dxdydz over an interval of
time dt, neglecting the infinitesimal contribution, is

h=
thus

ve = -

v e - v& e = -

v - ev& = -

¶n
dxdydz dt
¶t

1 ¶u
dt ndxdydz
K ¶t

¶v æ n ¶u ¶v ö ¶e
¶ æ k ¶u ö
÷
= - çç
- eç - ÷ - v&
¶z è K ¶t ¶z ø ¶z
¶z è g w ¶z ÷ø
or
¶v
e2
¶u
¶e
¶ æ k ¶u ö
÷
(1 + e) +
- v&
= - çç
¶z
¶z
¶z è g w ¶z ÷ø
(1 + e) K ¶t

where:
Du
ev

Admitting v& ¶¶ez @ 0 the following can be written
¶v
e2
¶u ¶ æ k ¶u ö
÷
(1 + e) = - ç
¶z
(1 + e) K ¶t ¶z çè g w ¶z ÷ø

3.2. Equation
(A.1)

Considering Eq. A.1
e2
¶u ¶ æ k ¶u ö
æ n ¶u ¶n ö
÷
- ç
- ÷(1 + e) = çK
t
t
+
e
K
¶
¶
(
1
)
¶t ¶z çè g w ¶z ÷ø
ø
è

or
¶n ¶v
n ¶u
+
=¶t ¶z
K ¶t

or

4. Continuity equation for the solid phase (incompressible)

Having in mind that
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-

¶ æ k ¶u ö
n ¶u ¶n
÷
- (1 + e) = - çç
¶z è g w ¶z ÷ø
K ¶t ¶t

-

¶n
n ¶u ¶ æ k ¶u ö
÷
(1 + e) =
- ç
¶t
K ¶t ¶z çè g w ¶z ÷ø

(A.2)
or

where v& is the apparent velocity related to the gross crosssectional area of the soil.
5. Derivation of the equation
Adding Eqs. A.1 and A.2
¶v ¶v&
n ¶u
+
=¶z ¶z
K ¶t

(A.4)

Considering Eq. A.3, one obtains

3.1. Volumetric variation of water for time interval dt

¶v& ¶(1 - n)
+
=0
¶z
¶t

k ¶u
g w ¶z

¶v
¶v&
¶e
¶ æ k ¶u ö
÷
- e - v&
= - çç
¶z
¶z
¶z
¶z è g w ¶z ÷ø

element volumetric variation – volume of water leaving the element = volumetric variation of water contained
in the element

¶n ¶v n ¶u
=
¶t ¶z K ¶t

v
v&
k ¶u
k ¶u
or =n 1 -n
g w n ¶z
g w n ¶z

Differentiating Eq. A.4 with respect to z

where n is the porosity of the soil.
3. Continuity equation for the liquid phase

-

ki ö
æ
ç v = ki and v e = ÷
nø
è

Since e = 1 -n n , then

2. Volume variation for the same time interval dt is

K=

k ¶u
g w n ¶z

The particle-liquid relative velocity must then be considered

¶v
dz dxdydt
¶z

-

u
¶h
1 ¶u
v
and i = - \ i = and v e =
gw
¶z
g w ¶z
n

(A.5)

Since n = 1 +e e and, therefore,
¶n
1
¶e
=
2
¶t (1 + e) ¶t

(A.3)
then
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1 ¶e
e
¶u ¶ æ k ¶u ö
÷
=+ ç
(1 + e) ¶t
(1 + e) K ¶t ¶z çè g w ¶z ÷ø

(A.6)

The Expanded Principle of Effective Stress (EPES)
(Martins, 1992) may be written as

Now, assuming by simplification that e = e (mean
value of e), then

s = s¢f + s¢v + u
1
424
3
s¢

or

¶e
¶
¶2
= -C k
( e - a v s¢v ) + C v
( e - a v s¢v )
¶t
¶t
¶z 2

¶u ¶s ¶s¢f ¶s¢v
u = s - s¢f - s¢v and
=
¶z ¶z
¶z
¶z
Admitting k = constant and, by equilibrium,

¶s
¶z

=0

¶e
e ¶u k(1 + e) ¶ 2 u
=+
¶t
K ¶t
g w ¶z 2

2
2
¶e
e ¶u k(1 + e) æç ¶ s¢f ¶ s¢v
=+
¶t
K ¶t
g w çè ¶z 2
¶z 2

¶z

(A.7)

1 ¶e
a v ¶z

¶z 2

=-

(1 + C k )

¶e
¶2 e
¶2 e
¶3 e
+ C k a v h 2 -C v
-C v a v h 2 = 0
2
¶t
¶t
¶z
¶z ¶t

Denoting
e + Ka v
ì
ï C k 1 = (1 + C k ) = Ka
v
ï
ï
he
í C kt = C k a v h =
K
ï
k(1 + e)h
ï
ï C vt = C v a v h = g
w
î

and
¶ 2 s¢f

For the particular case where the soil behaviour is
Newtonian s¢v = -h( ¶¶et ), Eq. A.8 assumes the following aspect

It can be further developed in the following way

ö
÷
÷
ø

Applying the chain rule
=-

1 ¶2 e
a v ¶z 2

Leading finally to

Substituting the equations above in Eq. A.7, one obtains

C k1
2
¶e
e ¶u k(1 + e) æç 1 ¶ 2 e ¶ s¢v
=+
¶t
K ¶t
g w çè a v ¶z 2
¶z 2

ö
÷
÷
ø

The boundary conditions are

¶u ¶s ¶s¢f ¶s¢v
=
¶t ¶t
¶t
¶t

(1) ( z = 0, "t) - equation solution: -h

Thus
¶e
e æ 1 ¶e ¶s¢v ö k(1 + e) æç 1 ¶ 2 e ¶ 2 s¢v
÷+
= - çç
¶t
K è a v ¶t
¶t ÷ø
g w çè a v ¶z 2
¶z 2

ö
÷
÷
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e æ ¶e
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=÷+
ç -av
2
ç
¶t
Ka v è ¶t
¶t ø g w a v è ¶z
¶z 2
2

e -e
de
;
= s- 0
dt
av

e(t = 0) = e 0
(2)
equation
solution:
( z = 2h, "t)
e0 - e
de
; e(t = 0) = e 0
-h = s dt
av
(3) e( "z, t = 0) = e 0
¶e
s
(4) ( "z, t = 0) = ¶t
h
where the solution of the differential equation indicated in
conditions (1) and (2) is

¶u 1 ¶e ¶s¢v
=
¶t a v ¶t
¶t

2

(A.9)

Appendix B - Analytical solution of the
one-dimensional consolidation Eq. A.9

Admitting
s = constant with time, then
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¶e
¶2 e
¶2 e
¶3 e
+ C kt 2 - C v
- C vt 2 = 0
2
¶t
¶t
¶z
¶z ¶t

Differentiating the EPES with respect to t

Defining

(A.8)
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(B.1)

Taking into account that this equation is linear, its solution may be written as
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e = e f + f ( z, t)

(B.2)

where e f = e 0 - a v sæç1 - e ha v ö÷, which represents the void
è
ø
ratios at boundaries z = 0 and z = 2h.
Differentiating Eq. B.1 twice with respect to t, it comes to

C k1

t

de f

=-

dt

s
e
h

-

¶f
¶2 f
¶2 f
¶3 f
+ C kt 2 - C v
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è
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which, by simplification, can be written as

t
ha v

t

C k1

¶f
¶2 f
¶2 f
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+ C kt 2 - C v
C
=
e
vt
¶t
¶t
¶z 2
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(B.3)

t

d 2 ef

=

dt 2

s
e ha v
2
h av

Differentiating Eq. B.2 twice with respect to t, twice
with respect to z and once with respect to t and twice with
respect to z, it becomes
t
¶f
¶e de f ¶f
s =
+
= - e ha v +
¶t
dt
¶t
h
¶t
t
2
¶2 f
¶2 e d ef ¶2 f
s
ha v
e
=
+
=
+
¶t 2
dt 2
¶t 2 h 2 a v
¶t 2

The boundary conditions for f(z,t) are
¶f
(1) f ( 0, t) + ha v
( 0, t) = 0
¶t
¶f
(2) f ( 2h, t) + ha v
( 2h, t) = 0
¶t
(3) f ( z, 0) = 0
¶f
(4) ( z, 0) = 0 (because h ¶¶et ( z, 0) = -s)
¶t
According to Taylor (1942), the aspect of Eq. B.3 and
the boundary conditions above suggest that the solution
may be written as

¶2 e ¶2 f
=
¶z 2 ¶z 2

¥
é( 2m + 1) p z ù
f = å Fm (t) sinê
2
h úû
ë
m =0

¶3 f
¶3 e
=
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Substituting the above equations in Eq. A.9, it leads

(B.4)

Considering M = (2m +1)p/2, substituting Eq. B.4 in
¥
Eq. B.3 and having in mind that å m = 0 M2 sin( Mz
= 1 for
h )
0 < z < 2h, the following equation is obtained

to:
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and, by simplification, it can be written as
¥

åC
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the following equation is obtained
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d 2 Fm (t)
dt 2

t

+

dFm (t)
+ Pm Fm (t) = Qm e ha v
dt

whose solution is
Fm (t) = C 1 e
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ö
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where
ì Am = C k21 h 4 + 2C k 1 C vt M 2 h 2 - 4C kt C v M 2 h 2 + C vt2 M 4
ïï
2
2
í Bm 1 = C k 1 h + C vt M - Am
ï
2
2
ïî Bm 2 = C k 1 h + C vt M + Am
Differentiating Eq. B.5 once, it becomes
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Having in mind that, for
f ( z, 0) = 0 Þ Fm ( 0) = 0
dF
¶f
( z, 0) = 0 Þ m ( 0) = 0
¶t
dt
the following system that determines the integration constants is obtained
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whose solution provides the following results
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Admitting:
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Eq. B.6 is then obtained
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Considering Eqs. B.2, B.4 and B.6, the final result is obtained
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Interaction Factor Between Piles: Limits on Using the
Conventional Elastic Approach in Pile Group Analysis
M.M. Sales, T.S. Curado
Abstract. Analyses of load settlement behavior for pile groups must consider the interaction of nearby piles. In small pile
groups, the key factor for evaluating load-settlement behavior is single-pile stiffness, but when analyzing large pile groups
and piled rafts, the importance of induced settlements due to neighboring piles increases. This paper reviews the most
commonly used approaches that consider the interaction between piles and notes some aspects that can result in important
differences in foundation settlement predictions. Topics including soil heterogeneity, the presence of other piles, and large
pile groups are presented using both the conventional approach and finite element method analysis, showing that for large
piled foundations, such aspects can result in considerable differences.
Keywords: pile group, piled raft, pile-to-pile interaction factor, settlement analysis.

1. Introduction

2. Existing Theories

Currently, most piled foundation designs are based
only on the load capacity of the pile group, and the main
challenge in a project is the definition of how many piles
would be necessary to support the applied load. Since the
emblematic paper of Burland et al. (1977), who primarily
noted the use of piles as settlement reducers, many authors
have reinforced this idea (Randolph, 1994; Mandolini &
Viggiani, 1997; Poulos 2001; and others). Randolph (2003)
stated that the trend towards design based on allowable deformations may be appropriate for both large and small pile
groups, such as those used to support bridge piers.
The load settlement behavior of a pile group results
from the individual characteristics and the piles arrangement. Each pile in a group, regardless of its similarity to the
neighboring piles, has its individual stiffness (relation between load and settlement of the pile) influenced by the
presence of other piles. Mandolini (2003) noted that in
large pile groups, in which different piles would be in different stages of mobilized loads, the nonlinear pile behavior
should be considered. Moreover, at some distance from a
loaded pile, the elastic displacements would prevail.
The additional settlement suffered by one pile near
another pile has been studied by many authors. Poulos
(1968) and Cooke et al. (1980), in a very similar way, labeled the relation between the induced settlement to a
nearby pile and the self-settlement of a loaded pile the “interaction factor”.
The focus of the present paper is to evaluate how the
interaction factor a can be calculated, the similarities of the
available theories, and how they affect the final prediction
of piled foundations.

Poulos (1968) considered soil to be an elastic continuum and developed a solution based on a boundary element
method to evaluate the two-pile interaction factor, as defined in Eq. 1. Some of the charts presented in that paper allowed a “manual prediction”, in which the final interaction
factor a would be estimated by Eq. 2. This method was well
detailed by Poulos & Davis (1980).
a ji =

w ji
wi

(1)

where aji is the interaction factor between loaded pile “i”
and its neighboring pile “j”; wji is the induced settlement on
the pile “j” due to the loaded pile “i”; and wi is the settlement of pile “i” due to its own load.
a = a F .Nh .Nb .Nv

(2)

where a is the final two-pile interaction factor; aF is the interaction factor for a semi-infinite soil using “0.5” for Poisson’s ratio (the presented curves are for specific values of
Kp and relative spacing - S/D); Nh is the correction for the finite soil layer; Nb is the correction for the presence of a
stiffer soil layer below the pile tip; Nn is the correction for
other Poisson’s ratios; Kp is the pile stiffness
(P/w = load/top settlement); S is the center-to-center distance between piles; and D is the pile diameter.
Poulos (1989) highlighted that a decreases with increasing pile-to-pile distance, or as the distribution of the
Young’s modulus of the soil becomes less uniform with
depth. Considering K to be the relative stiffness of a pile
(= Ep/Es = pile Young’s modulus/soil Young’s modulus),
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for floating piles, the interaction factor a increases with increasing relative stiffness; in contrast, a decreases with increasing relative stiffness for end-bearing piles.
Randolph & Wroth (1979) presented a simpler approach based on Winkler approximation. The resulting analytical solutions consider that shear stresses around the pile
would decay inversely with radius, leading to a logarithmic
decay in vertical displacements, all limited to a maximum
radius of influence (rm). The interaction between two piles
is calculated separately in terms of shaft and base induced
displacements. Eqs. 3 and 4 present the final shaft and base
settlements of two similar rigid neighboring piles. Adding
the effects of shaft and base displacements, the overall
load-settlement ratio could be expressed as Eq. 5. Thus, the
interaction factor a can be obtained from Eq. 6.
é æ rm
êlnçç
êë è r0

ö
ær
÷ + lnç m
÷
è S
ø
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t 0 r0
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÷
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S
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ø
z + lnç m ÷ 0
è S ø

æ G l r0 w t
ç
ç P
t
è

ö
æG r w
÷ = (1 + a)ç l 0 t
÷
ç P
t
ø2
è

ö
÷
÷
ø1

(3)

(4)

(5)

(6)

where ws , wb and wt are the shaft, base and total settlements,
respectively; w1 and w2 are the settlements of Piles 1 and 2,
respectively; t0 is the shear stress at the pile shaft; Gl/2 and Gl
are the values of the shear modulus at the pile mid-depth
and pile base, respectively; r0 is the pile radius; rm is the limiting radius of influence of the pile; S is the center-to-center
distance between piles; Pb and Pt are the base and total loads
acting on the pile, respectively; n is the Poisson’s ratio of
the soil; c is a constant (= 2/p); L is the pile length; r is the
degree of homogeneity (= Gl/2/Gl); and z is calculated as
ln(rm/r0).
El Sharnouby & Novak (1990) presented a method
based on boundary element analysis. The authors noted that
the longer the pile, the larger the number of discretized
points at the pile-soil interface should be. They suggested at
least 30 points for shorter piles (relative length L/D < 50)
and 50 points for longer piles (L/D > 50). El Sharnouby &
Novak (1990) recalled that the charts presented by Poulos
& Davis (1980) featured only 10 points at the pile-soil interface, so discrepancies could arise when applying the
method for longer piles. Another interesting point of the
same paper is that the influence of intermediary piles was
mentioned for the first time. Figure 1 shows one particular
example (K = 1000, L/D = 50, n = 0.5) for 3-in-line piles
with the tips resting on a much stiffer layer. The curves in
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Fig. 1 represent the effect of the presence of Pile 2 or the
lack thereof between Piles 1 and 3. When Pile 2 is considered, Pile 3 suffers a lower influence from Pile 1, resulting
in a lower interaction factor. The authors also explored an
example for a 5-in-line pile group, and presented results in a
dimensionless format. In this situation, a21 is the interaction
factor on Pile 2 due to the load on Pile 1 but considers the
presence of all five piles and so on for a31 , a41 , and a51 .
Southcott & Small (1996) presented some analyses
based on the finite layer method that can solve threedimensional (3D) problems but in a much easier way (computational effort). The authors mentioned that for a floating
pile, the interaction factor of many two-pile theories are in
reasonable agreement but that for non-uniform soils, the
differences can be relevant. The paper explained the method and revisited some examples from previous theories.
Mylonakis & Gazetas (1998) developed a general analytical formulation based on the Winkler model of soil reaction to study the two-pile interaction problem, especially
for piles embedded in multilayered soils. In addition to the
induced displacements on neighboring piles, the authors
presented an approach to consider the generated stresses
along the shaft on nearby piles. The paper shows that a
loaded pile will induce a soil displacement field around itself. However, if there is another pile inside this freedisplacement field, the axial stiffness of that pile tends to
reduce the settlement of any other neighboring piles. To incorporate this physical behavior an attenuation function
was suggested for the original free-displacement field, as in
the following equation.
a = y( S). z(hl, W)

(7)
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Figure 1 - Interaction factor for two piles with the presence or lack
of another pile between them. K = 1000, L/D = 50 (El Sharnouby
& Novak, 1990).

Soils and Rocks, São Paulo, 41(1): 49-60, January-April, 2018.

Interaction Factor Between Piles: Limits on Using the Conventional Elastic Approach in Pile Group Analysis

z(hl, W) =

2hl + sinh(2hl) + W 2 [sinh(2hl) - 2hl] + 2W[cosh(2hl) -1]

(9)

2 sinh(2hl) + 2W 2 sinh(2hl) + 4W cosh(2hl)

where a is the final interaction factor; y(S) is the free displacement field (as presented by Randolph & Wroth,
1979); z(hl,W) is the attenuation factor due to the selfstiffness of the neighboring pile; h is the layer thickness
crossed by the pile (in a homogeneous soil, h = L); l is the
æ dG S ö
÷); W is the
Winkler load transfer parameter ( = ç
ç E p Ap ÷
è
ø
Kb
dimensionless pile base stiffness ( =
); d is the relaE p Ap l
tion between spring stiffness and soil shear modulus in the
Winkler model proposed by Randolph & Wroth (1978); Gs
is the soil shear modulus; Ep is the pile Young’s modulus; Ap
is the pile cross-sectional area; and Kb is the pile load/settlement relation at the pile base.
Mylonakis & Gazetas (1998) reported that the attenuation process occurs mainly along the pile shaft and the parcel due to the pile base interaction could be disregarded.
Therefore, the total value of z(hl,W) could be presented as
shown in Fig. 2.
Cao & Chen (2008) presented an interesting analytical method for calculating the interaction factor between
two identical piles subjected to vertical loads. The solution
starts from the point at which the continuum medium (original loaded piles) is decomposed into two parts (Fig. 3): an

“extended soil” mass and “two fictitious piles”. The former
is the soil, which is considered a three-dimensional elastic
material (Es and n) loaded with the difference of stresses,
defined as the total applied stress minus the stresses on the
piles (s = (P0-P*)/pile area), at the positions where the piles
should be. The “two fictitious piles” consist of one-dimen*
sional material for which the Young’s modulus (E ) would
be the difference between the pile material Young’s modulus (Ep) and soil Young’s modulus (Es). The pile should be
discretized in parts to solve the equations and the authors
claimed that four or more segments would be sufficient.
Plotted data with the interaction factors are presented for
different values of relative spacing (S/D), the relation of the
base soil and shaft soil Young’s modulus (Eb/Es) and different relative lengths (L/D).
In all presented methods, once the interactions between two piles are estimated, the total settlement of any
pile situated in a pile group can be calculated as the sum of
every two-by-two induced settlements, as expressed in the
following equation.
n

n

i

i

w j = å w ji = å a ji w i

(10)

where wj and wi are the settlements of piles j and i, respectively; wji is the induced settlement in pile j due to the
loaded pile i; and aji is the interaction factor between piles i
and j.
The presented analysis of the aforementioned methods indicate that the original and most commonly used
method presented by Poulos (1968) had an important role
in stating a mathematical and logical way to predict the settlement of pile groups and that the simple two-pile interaction factor would be more effective for homogeneous soil
and small pile groups, but divergences could emerge in
other contexts. The following items will attempt to focus on
the last points.

3. Comparing the Different Theories

Figure 2 - Attenuation factor z(hl,W), after Mylonakis & Gazetas
(1998).
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To discuss the similarities of the presented theories,
an analysis was performed using the finite element method
(FEM) to establish a benchmark for what should be the
“reference value”. Despite the importance of nonlinear
analysis for pile settlement predictions, the interaction factors between two piles using a simple elastic approach are
widely accepted (Mandolini, 2003). The soils used in all of
the following examples were considered a continuous elastic medium, and the piled foundations were subjected to
“project loads” (serviceability limit state - SLS).
The chosen program for FEM Analyses was DIANA
(TNO, 2012), which has already been described in Hemada
et al. (2014), Tradigo et al. (2015), and many other papers.
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Figure 3 - Cao & Chen’s (2008) hypothesis of foundation decomposition in: (a) original problem; (b) fictitious piles; (c) extended soil.

A typical mesh used in the following examples is presented
in Fig. 4. Lateral and vertical boundary limits of 3L and 5L
(L is the pile length), starting from the superficial center
load point, were considered. Three different solid isoparametric elements (4faces/10nodes, 5faces/15nodes or
6faces/20nodes) were applied to better represent different
geometries, always with a quadratic interpolation.

Figures 5 and 6 present comparisons of a two-pile interaction factor predicted from the different described theories. The exemple piles had relative lengths (L/D) of 25 and
50 with a relative stiffness (K) of 1000. For the methods of
El Sharnouby & Novak (1990), Mylonakis & Gazetas
(1998), Cao & Chen (2008), the presented values were
taken from the original papers on each theory. Poulos &

Figure 4 - Example of FEM analysis. (a) general view, (b) zoom close to the pile, (c) zoom of the more refined mesh near the pile.
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The presented results are in general agreement with
many other analyses presented by Curado (2015) and demonstrate that the solution of El Sharnouby & Novak (1990)
tends to produce higher values of a. The results of Randolph & Wroth’s (1979) theory present marginally higher
values for longer piles (L/D = 100). It must be noted that in
these examples, homogeneous soil was assumed.

4. Stiffness of the Neighboring Piles

Figure 5 - Two-pile interaction factor predictions from different
theories. Piles with L/D = 25 and K = 1000.

Figure 6 - Two-pile interaction factor predictions from different
theories. Piles with L/D = 50 and K = 1000.

Davis (1980) interaction values were calculated using the
DEFPIG software application (Poulos, 1980), which is the
original program used to prepare the book charts, but with
more than 20 elements to discretize the pile. The values for
Randolph & Wroth’s (1979) method were obtained by using Eq. 3 through 6. In a general view, all results are in reasonable agreement.

Almost all theories define the interaction factor a21
based on the induced settlement on Pile 2 due to the loading
on Pile 1, generally considering similar piles. In other
words, the induced settlement is calculated using only the
material properties of Pile 1 and the soil characteristics
where this pile is embedded. The real stiffness of Pile 2 is
not considered. Figure 7 presents the results of FEM analysis for two hypothetical limits of Pile 2 stiffness. The
Young’s modulus for the Pile 2 material was varied from a
very low value (same as the soil) up to the same value of
Pile 1 modulus (similar concrete piles). The Pile 2 settlement is not the same if its stiffness changes. The longer the
piles are, the larger the difference in induced settlement is.
Figure 8 highlights that for end-bearing piles, the differences would be even larger. In these examples, Eb represents the Young’s modulus of a stiffer soil layer below the
pile tip. Based on these figures, it is possible to note that the
interaction problem depends on the behavior of both piles.
Poulos & Davis (1980) and Wong & Poulos (2005) have
studied the interaction-factor problem for dissimilar piles
and presented simplified approaches in attempts to incorporate correction factors into the original value of a for
similar piles.

5. Interference of Other Piles
Some examples are presented to evaluate the effect of
the presence or lack of other piles between the two analyzed
piles. Figures 9 and 10 compare the interaction factor

Figure 7 - Interaction factors behavior under different pile materials for the affected pile (Pile 2). Piles embedded in a homogeneous
soil.
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action factor; i.e., only these two piles exist. The El
Sharnouby & Novak (1990) curve was obtained from the
problem of the 5-in-line pile group, where Piles 1 and 2 are
the two leftmost piles, separated by a distance of x, but
now with the presence of three piles at the right-hand side
of Pile 2. Four different values of x were considered
(S/D = 2.5, 3, 4 and 5) along with different relations for the
base and shaft soil Young’s modulus (Eb/Es = 1, 10, 100
and 1000).

Figure 8 - Interaction factors behavior under different pile materials for the affected pile (Pile 2). Piles resting on a stiffer layer
with Young’s modulus Eb.

among piles 1-2 and 1-4, respectively. Figure 9 presents
the factor a21, which represents the interaction of two
neighboring piles, with a separation of S = x, a relative
length (L/D) of 25 and a relative stiffness (K) of 1000. For
Poulos & Davis’s (1980) method, this is the two-pile inter-

Figure 10 presents a similar analysis for a41. For Poulos & Davis’s (1980) theory, the piles were a distance of 3x
apart, but only the two piles existed. For El Sharnouby &
Novak (1990), a41 is the interaction between the first and
fourth piles in a group of five piles. For this figure, the interaction factors were calculated for center-to-center spacings
of 7.5, 9, 12 and 15 diameters. In both figures, Poulos &
Davis’s (1980) theory achieved better predictions for homogeneous soils (Eb/Es = 1), whereas for end-bearing piles,
the interaction factors from ElSharnouby & Novak (1990)
were similar to the FEM analysis.

Figure 9 - Interaction factor a21 for two piles in groups of two and five piles (L/D-25, K = 1000).
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Figure 10 - Interaction factor a41 for two piles in groups of two and five piles (L/D-25, K = 1000).

Mylonakis & Gazetas (1998) mentioned that intermediate piles would provoke a reduction in the induced settlement to a neighboring pile, this direct correlation was not
confirmed by the results, as could be inferred from the presented data in Fig. 10 for the homogeneous soil case.
Values of a41 (with two other piles between the loaded and
the analyzed piles) from El Sharnouby & Novak (1990)
were higher than the factors predicted by Poulos & Davis’s
(1980) theory. To further examine this result, four different
pile groups were studied using FEM. Figure 11 presents the
results for groups with 2, 3, 5, 9 and 25 piles. The only
loaded pile is represented with an arrow, and all other piles
were unloaded. No cap was considered in these cases, and
the interaction factor was calculated for the pile represented
by a hatched area (target pile). These examples are not
found in practice, but this is the manner to exclude all other
factors that affect the pile settlement prediction. Therefore,
in all groups with three or more piles, there was always one
pile between the loaded and the studied piles. A relative
stiffness (K) of 1000 and different spacings were consid-
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ered in this analysis. Figures 11a and 11b show the results
for piles with relative lengths of 25 and 50, respectively.
Some remarks can be drawn from Fig. 11:
• By comparing the groups with 3 and 5 piles, we can observe that not only did the pile placed between the studied piles result in lower values of a, but the other piles in
the same line still contributed to reduce the settlement in
the target pile;
• Other nearby piles also contributed to reduce the interaction factor between the two studied piles, as seen for the
9- and 25-pile groups.
With all of these comments, we can see that the interaction factor is not simply a two-pile problem. The presence of other nearby piles can interfere in the total pile
stiffness. Thus, the nearby piles would hamper the soil
movement around the pile that is receiving the influence of
the loaded pile.

6. Pile Position in the Foundation
Returning to Fig. 11, one point stands out. Comparing
the groups with 5 and 9 piles, the 9-pile group has a lower
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Figure 12 - Comparing the interaction factor a4 inside a 25-pile
group with different loaded pile positions. (a) L/D = 25,
(b) L/D = 50.

Figure 11 - Interaction factor for two piles with another intermediate pile in groups of 3, 5, 9 and 25 piles. (a) piles with L/D = 25,
(b) piles with L/D = 50.

interaction factor for all spacings and both pile lengths, except when S/D = 4 (distance from loaded and studied piles,
recalling that another pile was between them). For some
reason, the trends were reversed at this point. To explore
this fact, a 25-pile group was analyzed with a finite element
software program DIANA (TNO, 2012), and Fig. 12 presents the interaction factor between 2 piles. Two different
relative pile lengths were explored: L/D = 25 (Fig. 12a) and
L/D = 50 (Fig. 12b), changing the spacings between piles
(S/D). In this group, only one pile was loaded, and the settlement was evaluated in other pile (filled circle). In Case
A, the loaded pile was in the center, and the studied pile
(target pile) was the leftmost lateral one. Conversely, in
Case B, the loaded pile was in the lateral position, and the
central pile was receiving settlement influence. As shown
in Fig. 12, for all situations, Case A resulted in the higher
settlement of the neighboring pile because the settlement
receiving pile was in the lateral position; thus, the less confined situation allowed this pile to experience a higher
movement. In contrast, when the target pile (filled circle)
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was in the center (Case B), the most confined position, the
induced settlement was lower.
This example shows that a two-pile interaction is not
a reciprocal problem. Despite all similitudes between piles,
the interaction factors were different (a21 ¹ a12), showing
that pile position and group geometry do matter.
For the reason mentioned previously, the studied pile
in the 9-pile group (Fig. 11 with S/D = 4) was “less confined” than the corresponding 5-pile group, so the influenced pile had a higher settlement. When the pile spacing
increased, the confinement started to change, and the interaction factor gradually decreased.

7. Large Pile Groups and Piled Rafts
All previous comparisons presented differences that
could be classified as “not so relevant”. This is partially true
for groups with only a few piles. For a large piled foundation (pile groups or piled rafts), as used in an increasing
number of tall building foundations, the cumulative differences due to lower interaction factors can result in a considerable difference in the final elastic settlement prediction.
Figure 13 compares the predictions for three different
pile groups with different approaches: one calculated as a
full three-dimensional (3D) pile group problem (rFEM) and
the other using a theoretical method based on the superposi-
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Figure 13 - Influence of different concepts for interaction factors in a homogeneous soil for groups with different numbers of piles.

tion of interaction factors (rTheory). In the theoretical case, the
individual two-pile interaction was also pre-calculated with
the same software (as in Fig. 5). Square pile groups with
9(3´3), 25(5´5) and 49(7´7) piles are presented, and the reduction factor is defined here as the relation between the
settlement difference (true 3D FEM analysis minus the
conventional superposition of interaction factors) and the
considered more realistic approach (3D FEM analysis). In
this example, the soil was considered as a homogeneous
profile with K = 1000 and L/D = 25, all piles had the same
load, and the spacing of three diameters between the piles
(center-to-center) was considered for all of these groups.
The figure shows an increasing difference becoming more
than 15% for the largest group. The reduction ratio is nonlinear because the number of interactions increases with increasing pile number, which results in lower interaction
factors for even more distant piles. For heterogeneous soils,
the differences can be even larger.
To exemplify this situation, the problem proposed by
TC-18 in 1998 (Matsumoto et al., 1998) of a 16-pile group
resting in a heterogeneous profile is presented here. The
elastic soil modulus distribution was considered to be similar to Frankfurt clay, as suggested by Amman (1975) and
explored in Sales et al. (2010). Some authors were invited

to present predictions of the settlement and distribution of
pile loads. Figure 14 presents the soil, piles and raft data,
and a total load of 80MN was uniformly spread over the
raft. Table1 compares some returned predictions and a new
3D FEM analysis using the software application DIANA
(TNO, 2012). We clearly have two different sets of predictions: the first group (Horikoshi & Randolph, 1998; Matsumoto, 1998 and Sales, 2000) contains the predictions
based on hybrid methods using the two-pile interaction
concept (not considering the other piles when calculating
the pile interactions), and the second group uses 3D FEM
software. Inside each group of predictions, the results are
very similar; however, the difference between the average
values for the predicted settlements (42 mm and 28.7 mm,
respectively) is greater than 30%. The procedure of considering all sets of piles in a 3D analysis resulted in a lower
foundation settlement than using the conventional superposing two-pile process. The presented example indicates
that for a heterogeneous soil, the difference in pile group
settlement predictions can still be higher than the values
shown in Fig. 13. Considering the remarks of Fig. 13 and
Table1, it should be pointed out that for large pile groups
(more than 9 piles) and piled rafts, especially for a heterogeneous soil, a more rigorous analysis on settlement predictions would be necessary.

Figure 14 - 16-pile group in a heterogeneous soil proposed by TC-18.
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Table 1 - Settlement Predictions for the 16-piled raft of TC-18.
Author
Horikoshi and Randolph(1998)

Software

Interaction Method

Maximum Settlement (mm)

*

Two-piles

41-43

*

HyPR (HM )

Matsumoto (1998)

KURP (HM )

Two-piles

42

Sales (2000)

GARP (HM*)

Two-piles

42

NA (FEM)

Full Interaction

29

ALLFINE (FEM)

Full Interaction

27

DIANA (FEM)

Full Interaction

30

Yamashita (1998)
Sales (2000)
This Paper
*

HM = Hybrid Method, FEM = Finite Element Method, NA = name not available.
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List of Symbols
Ap: pile cross-sectional area
c: a constant
D: pile diameter
E*: “fictitious pile” Young’s modulus
Eb: Young’s modulus of a stiffer soil layer below the pile tip
Ep: pile Young’s modulus
Er: raft Young’s modulus
Es: soil Young’s modulus
FEM: Finite Element Method
Gl/2, Gl: values of the shear modulus at the pile mid-depth
and pile base, respectively
Gs: soil shear modulus
h: layer thickness crossed by the pile
K: relative stiffness of a pile
Kb: pile load/settlement relation at the pile base
Kp: pile stiffness
L: pile length
n: number of piles
Nb: correction for the presence of a stiffer soil layer below
the pile tip
Nh: correction for the finite soil layer
Nn: correction for other Poisson’s ratios
P: load
*
P : applied load on the “fictitious piles”
P0: total applied load on the original piles
Pb, Pt: base and total loads acting on the pile, respectively
Pult: ultimate load
r0: pile radius
rm: limiting radius of influence of the pile
S: center-to-center distance between piles
w: top settlement
w1, w2: settlements of Piles 1 and 2, respectively
wb: base settlement
wji: induced settlement on the pile “j” due to the loaded pile
“i”
wj: settlement of pile “j” due to its own load
ws: shaft settlement
wt: total settlement
x: center-to-center distance between piles, in 5-in-line pile
group
a: two-pile interaction factor
a21, a31 , a41 , a51: interaction factor on pile number “n” due
to the load on Pile 1 but considers the presence of all five
piles
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aF: interaction factor for a semi-infinite soil using “0.5” for
Poisson’s ratio
aji: interaction factor between loaded pile “i” and its neighboring pile “j”
d: relation between spring stiffness and soil shear modulus
in the Winkler model
l: Winkler load transfer parameter
r: degree of homogeneity
rFEM: predictions for pile groups calculated as a full
three-dimensional (3D) pile group problem
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rTheory: predictions for pile groups using a theoretical method
based on the superposition of interaction factors
s: soil stress load
t0: shear stress at the pile shaft
n: Poisson’s ratio of the soil
np: Poisson’s ratio of the pile
nr: Poisson’s ratio of the raft
W: dimensionless pile base stiffness
y(S): free displacement field
z: calculated as ln(rm/r0)
z(hl,W): attenuation factor due to the self-stiffness of the
neighboring pile
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Geotechnical Aspects of Weak Sandstone from Recife/Brazil
O.M. Oliveira, R. Bim, G.B. Nunes, R.A.R. Higashi
Abstract. Diagenetic processes acting on the sandy sediments of the marine plains from the city of Recife/Brazil formed
different types of sandstones. Two blocks of the sandstone formed in the Pleistocene epoch were collected to perform
characterization tests and determine their mechanical properties. This sandstone is present in a depth between 0.3 and 4.5 m
and with a thickness between 0.5 and 4.5 m. The average values obtained for their specific dry weight and porosity are
respectively equal 16.5 kN/m3 and 30%. In the unconfined compressive strength tests were obtained mean values of
resistance and deformability module respectively, equal to 2 MPa and 162 MPa, classifying this sandstone as weak rock.
An isotropic behavior was observed when performing direct shear tests in the direction parallel and perpendicular to the
level of the terrain. The sandstone block collected at a greater depth presented higher resistance parameters in these tests
with cohesion of 393 kPa and a friction angle of 55.6°. A case study is presented where the geological and geotechnical
characteristics of these sandstones were explored as support for a building foundation, and a good performance was
observed.
Keywords: marine plain, weak rock, weak sandstone.

1. Introduction
The two marine transgressions occurring within the
Pleistocene and Holocene Epoch of the Quaternary Period,
formed in the Metropolitan Region of the city of Recife/Brazil, a marine terrace with distinct geological characteristics. The sandy deposits of these terraces were submitted to diagenetic processes that allowed the formation of
sandstones with different cementing agents.
It is of fundamental importance to understand the role
of marine transgressions in the formation of these marine
terraces, due to the great amount of sediments brought to
the continent and its peculiar form of deposition. The advancement of the sea by the receding coastline (transgression) occurs due to fluctuations of its relative level, as a
result of complex interactions between the surface of the
ocean and the continent. Deglaciations and changes in the
volume of ocean basins due to plate tectonics and the local
level changes of the continent are factors of change in these
relative positions (Suguio et al., 1985). Marine transgression breaks the dynamic balance of coastal regions due to
its high energy in the wave front, causing sediment erosion,
deposition in deeper regions and lower transport energy.
During the process of marine regression, the erosive process is reversed. The wave front erodes the sediments deposited during the transgressive process with transport and
deposition of the same to the post-beach. In the regressive
phase, the formation of beach ridges occurs -which together
form the plain of marine sediments.

The transformations imposed by natural elements,
such as marine transgressions, rivers, mangroves and man,
resulted in the formation of several geological units in the
metropolitan region of the city of Recife, with very different geotechnical properties. The units deposited in the Quaternary Period are Pleistocene, Undifferentiated and Holocene marine terraces, alluvial and mangrove deposits.
The sandstones studied here are present in the marine
terrace formed in the penultimate transgression occurring
120.000 years ago, display an altimetric level varying between 7 and 11 m, and a small slope on the coastline. The
sediments deposited during the regression of the sea are
formed by quartz grains with dimensions ranging from fine
to coarse sand, incoherent in surface and of white color.
With increasing depth, these sediments are consolidated by
a cementing agent that gives it a brown coloration. These
weak sandstones are present in practically all the extension
of this marine terrace in the form of a slab, located near the
surface that has been little explored as a foundation support
in the construction of buildings. This type of sandstone is a
common occurrence in the coastal plains of the coastal region of Brazil. The lack of knowledge of its geological and
geotechnical properties leads engineers to design deep
foundations for the buildings, which are common practice
in the metropolitan area of the city of Recife. When used for
surface foundation purposes in buildings, its deformability
and strength parameters are framed within conservative
models (Gusmão Filho, 1998). This article has as main ob-
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jective to demonstrate that these weak sandstones could be
adequate as a support for shallow foundations.
During the characterization studies of these sandstones, their physical properties were obtained, in addition
to their coefficient of permeability and aspects related to
texture and structure. Its resistance parameters were determined in direct shear tests and uniaxial compression tests.
For the determination of its area of occurrence, depth and
thickness, the database of drilling of the geotechnical chart
of the city of Recife was used.

2. Materials and Methods
2.1. Determination of the occurrence area of sandstones
The Geotechnical Chart of the Metropolitan Region
of Recife was prepared in 1990 based on geotechnical drilling data, among other types of results. From this database,
the drillings of the coastal region were selected, where two
marine plains are inserted and were constructed by process
of variations of the relative sea level occurring in the Holocene and Pleistocene epochs. The results of the analyses of

41 drillings indicated that the weak sandstones are present
only in the marine plain formed during the Pleistocene Epoch, denominated in the geotechnical chart as Quaternary
Pleistocene Unit (QP). These sandstones were identified in
22 drillings. The other 19 drillings, where the presence of
the sandstone was not found, were concentrated in the Holocene Marine Terrace (QH) and in the Pleistocene Marine
Terrace, whose sediments of marine origin were reworked
by the river action being denominated as Quaternary Undifferentiated Unit (QU). The region of study with identification of the drilling sites is shown in Fig. 1. The drillings
where the presence of the sandstone was identified are presented in this figure by circles. Beside these circles, the
depth of the surface of this sandstone followed by its thickness are indicated in parentheses. The points indicated by
triangle correspond to drillings where these sandstones
were not found. The weak sandstones present in the QP unit
are found in depths ranging from 0.3 to 4.5 m, with a thickness between 0.5 and 4.5 m.
Two geological profiles were determined using the
survey data. The A-A’ profile, shown in Fig. 2, is substan-

Figure 1 - Location of the drillings in the geotechnical chart of the city of Recife/Brazil.
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Figure 2 - Geological profile A-A’.

tially parallel to the coastline. This profile was plotted with
the use of boreholes B4, B10, B15, B17 and B21. The profile B-B’ represents a different direction being shown in
Fig. 3. In this figure, a reduction in the thickness of the
sandstone can be observed as it approaches the boundary of
its marine terrace in the borehole B20. Figures 2 and 3 demonstrate that these sandstones are present in the shape of a
stone slab. This spatial arrangement and proximity to the
ground surface are what gives these sandstones great potential as support material for buildings having shallow foundations.
2.2. Sampling procedures
The removal of weak sandstone samples for performing laboratory tests involves some difficulties. When found
during engineering projects, they are often avoided due to
lack of knowledge of their geotechnical behavior (Dobereiner, 1984). The extraction of samples with rotary probe presents great difficulty due to the mechanical stresses
transmitted and the circulation of water that causes the
disaggregation of this weak rock (Kanji, 2014). The solution for the removal of blocks presents another difficulty,
related to the difficulties of finding a place without buildings, given that it is a densely populated region, where this
sandstone is not so deep and is above the level of the water
table. The equipment generally used for the removal of soil
blocks is not appropriate for working on weak rocks. The
results presented here were obtained from 2 cubic blocks,
with 0.3 m side, removed from the same excavation. In order to verify possible variations of physical and mechanical
properties, the blocks were removed from different depths.
Block 1 represents the depth of 0.3 to 0.6 m and block 2 rep-

Figure 3 - Geological profile B-B’.
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resents the depth of 0.7 to 1.0 m. Figure 4 shows the place
of the executed excavation for removal of weak sandstone
blocks. The lack of local experience, as these are the first
blocks removed from this rock formation, leads to improvisation in the use of available equipment such as hoe, shovel,
pick, mallet, slitter and saw. Initially, a cube block with a
0.4 m edge was molded with the aim to avoid any disturbance caused by the impact of the tool (Fig. 4a). The finishing work, with a reduction of the length of the edge of the
block to 0.3 m, was executed with the use of mallet and
slicer (Fig. 4b). The process of removing only 1 block required a time of 5 h, and the labor of 3 workers. The 2
blocks were removed from the upper sandstone region, and
they were representative of the settlement place of the
buildings surface foundations.
The profile presented in Fig. 5, obtained from two
boreholes executed at the removal site of blocks 1 and 2, indicates that the soil is composed of a small layer of fine and
medium sand, of around 0.2 m, with presence of organic
matter, passing to unconsolidated white sand with an average thickness of 0.5 m, followed by a transition to the
brown sandstone, which presents a thickness ranging from
1.5 to 2 m. The level of the water table, located at a depth of
1.8 m, presents the same coloration of the sandstone and
characteristic smell of organic matter. The Nspt values, indicated in Fig. 5, correspond to the number of blows given
for the nailing of the last 0.3 m of the standard sampler. The
blows are given by a standard hammer with 65 kg with a
free fall height of 0.75 m (ABNT, 2001). The region of
Fig. 5, defined as sandstone, shows Nspt higher than 40
which characterizes it, according to ABNT (2001), as a
very compact sediment. The layer of clayey sand, located
just below the sandstone, is classified as a compact to soft
sediment. The values of the Nspt only begin to increase
from the depth of 14 m where the sediments are from compact to very compact.
The execution of works where there is a need to excavate these sandstones are also problematic. In another place, belonging to the same marine terrace, located 3 km from
the location where the 2 blocks were removed, great difficulty was found in the excavation of a drainage channel.
The lack of research and local knowledge have led to serious implementation difficulties, resulting in excavation
machines breaking down due to excessive efforts.
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Figure 4 - Place of the executed excavation for removal of weak sandstone blocks.

2.3. Geotechnical characterization
For the determination of the physical indices, 10
specimens of each block were molded with cylindrical
shape on a manual lathe. The volume was obtained with a
pachymeter using for this the average of 4 determinations
of height and diameter. The determination of the natural
moisture contents (ABNT, 2016a), porosity and the density
of the solid particles (ABNT, 2016b) allowed the definition
of the physical properties that are presented in Table 1. The
values of these parameters are indicated by their range and
the average value placed in parentheses.
The physical properties of blocks 1 and 2 are practically the same, being indicative of their homogeneity. In relation to block 1, it can be observed that the sandstone sample from block 2 shows a darker brown tonality. During
work visits to superficial foundations executed on this
sandstone, it can be observed that the sandstones present
two shades of brown. The workers involved in the excavation project claim that the region of the sandstone that has a
darker shade of brown is more difficult to excavate. To verify this aspect tests were carried out to determine the organic material content using the method of burning

(ABNT, 1996). In these tests it was verified that the darker
sandstones present organic material content of 3.9% and in
the sandstones with a lighter tonality this value is 3.5%.
This is probably one of the factors that justifies the greater
resistance to excavation presented by the darker sandstone.
The presence of organic material is associated with humus
which is composed of fulvic acids, humina and humic acid,
considered as one of the cementing agents of these sandstones (Assis, 1990). In order to obtain the samples for
grain size analysis, the sandstones were moistened since in
these conditions they are more easily disaggregated. Due to
the weak cementation of the sandstones, their disaggregation occurs with translation of the grains, possibly resulting in the breaking of more intemperate grains. However, it
is assumed that this breakage occurs in a limited way without altering the results. Dobereiner (1984) found that grain
breakage occurs in sandstones with resistance greater than
20 MPa, thus extrapolating the limit of weak rocks. The
grain size analyses (ABNT, 2016c), presented in Fig. 6,
were determined for the sand layer located above the sandstone, and for the sandstones of blocks 1 and 2. It can be observed that the three particle size analyses represent a poorly selected sediment with great predominance of the
sandy fraction. The percentages by weight of each type of
sediment, obtained from Fig. 6, are presented in Table 2.
There is a great similarity between the grain size analyses
Table 1 - Results of characterization tests of the sandstone blocks
1 and 2.

Figure 5 - Geological profile of the place where the soft sandstone
blocks were removed.

64

Block

Depth
(m)

gs
3
(kN/m )

gd
3
(kN/m )

want.
(%)

n
(%)

1

0.3-0.6

26.0

15.6-17.4
(16.4)

9.1-11.8
(9.8)

33-40
(37)

2

0.7-1.0

26.0

15.5-17.2
(16.6)

8.5-13.3
(10.4)

34-41.5
(37)

gs - density of the solid particles; gd - specific dry weight; wnat - natural moisture content; n - porosity.

Soils and Rocks, São Paulo, 41(1): 61-74, January-April, 2018.

Geotechnical Aspects of Weak Sandstone from Recife/Brazil

Figure 6 - Grain size distribution of sand and sandstone of blocks
1 and 2.

of the sand and the sandstone of block 1 which are closer to
the surface of the terrain. However, it is shown in Table 2
that there is a reduction in the amount of medium sand and
increase in the amount of fine sand and silt as the depth increases. In this way it is verified that in block 1 there is predominance of medium sand and in block 2 a predominance
of fine sand.

3. Results and Discussion
3.1. Aspects related to composition, texture and cementation
The aspects related to the composition and texture of
these sandstones and determination of the probable type of
cementation were investigated through scanning electron
microscopy images JEOL JSM-6390LV. Figure 7 shows
some of the images obtained with enlargements between 50
and 1000 times. These images demonstrate that the grains
of medium sand are wrapped in a matrix of fine sand. The
grains of medium sand are not in contact with each other
which implies a mechanical behavior commanded by fine
sand (Figs. 7a and 7b). The presence of bioclasts (shell and
algae) were not observed, indicating that these were probably dissolved by the action of humic acid present in solution
in the groundwater. The sandy sediments are poorly selected, presenting angular to sub-angular shape and have
low sphericity (Fig. 7c).

In the image with enlargement of 1000 times, shown
in Fig. 6, the presence of a thin film is observed, which surrounds the grains of medium and fine sand, that probably
corresponds to the cementing agent (Fig. 7d).
The analysis of X-rays emitted by the sample bombarded with a fine electron beam allows to quantify the
chemical elements present in its constitution. The chemical
elements present in the film covering the sand particles and
their percentage by weight obtained from two different
points of the sample are presented in Table 3. The large
amount of carbon shown in Table 3 is an indicator of the
presence of products derived from the decomposition of organic matter, such as humic acid. Energy dispersive spectroscopies (EDS) of these two points of analysis are
shown in Fig. 8.
The diagenetic processes that formed the sandstones
present in the Pleistocene Marine Terrace require more detailed investigations to identify its type of cementation. The
cementation of these sandstones has been cited by some
researchers as resulting from the precipitation of iron and
the presence of humic acid. The action of humic acid as a
cementing agent has been studied by several researchers
and its ability to form aggregations of soil particles has
been recognized (Baver, 1968; Tisdall & Oades, 1982). Research carried out by Andrade & Dominguez (2002), in the
soft sandstones of the Caravelas region, located in the state
of Bahia, concluded that iron oxide and humic acid are the
cementing agents. Manso et al. (2003) reached the same
conclusion when studying the sandstones of Ipojuca, located in the state of Pernambuco/Brazil. The sandstones investigated by these researchers are present on Pleistocene
Marine Terrace.
During the formation of the marine terrace of the city
of Recife, resulting from the oscillations of the middle sea
level, lagoons were formed that later became brackish
marshes, whose plant species contributed to the enrichment
of the soil in organic matter (Suguio et al., 1985).
The humic acids resulting from the decomposition of
organic matter, are very aggressive and capable of reducing
iron oxides making them more soluble and transporting
them in solution over long distances by lateral movement of
groundwater (Bigarella et al., 2007). The iron oxides back
to precipitate by oxidation reactions, where deposition
occurs on the water level oscillation region, providing a
brown coloration to the soil (Bigarella et al., 2007).
From the previously mentioned aspects it is very
probable that the Pleistocene sandstones studied here pres-

Table 2 - Granulometric fractions of sand and sandstone of blocks 1 and 2.
Material

Depth (m)

Clay (%)

Silt (%)

Fine sand (%)

0-0.3

2.4

4

30

52

11.6

Block1

0.3-0.6

1.2

8.2

29.4

42.7

18.5

Block2

0.7-1.0

4.3

12.2

53.5

18

12

Sand
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Figure 7 - Scanning electron microscopy images of the sandstone.

ent a cementation by iron oxide and by humic acid. However, the iron oxide plays a predominant role in the mechanical resistance of these sandstones. The iron source is
probably associated with the sediments of the Barreira
Group, represented by cliffs bordering the marine plain
where these sandstones are found. Mabesoone (1967) affirms that the Barreira Group is the main source of iron that
cemented the beach sediments of the coastal strip from the
city of Recife - located in the state of Pernambuco - to the
city of João Pessoa, -located in the state of Paraíba. Following this line of reasoning, these ferruginous solutions originated from the Barreira Group, migrated laterally in solution inside the sandy sediments of the Pleistocene Terrace,
Table 3 - Percentage by weight of the chemical elements present
in the cementation of the sandstone.
Point

C-K

N-K

O-K

Al-K

Si-K

Tc-L

1

32.53

30.87

15.51

5.56

8.98

6.55

2

48.25

-

13.06

3.63

35.06

-
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Figure 8 - Energy dispersive spectroscopy (EDS) of the film covering the sand particles.
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resulting in the oxidation of the iron in the oscillating region of the water table, forming a horizon of weak sandstone near the ground surface.
3.2. Direct shear and permeability test
A more detailed study conducted for the determination of resistance parameters and verification of a probable
anisotropic behavior of these values was carried out in direct shear tests, performed on specimens molded with surface parallel and perpendicular to the ground surface. For
these tests a common use equipment of the soil mechanics
laboratory was used. The specimen is inserted into a split
cell being ruptured in its medium horizontal plane. In order
to obtain the shear stress, a dynamometric ring was used installed in its lower half. The vertical displacements were
obtained with the use of an extensometer installed on the
top of the specimen. All tests were performed in saturated
conditions, with the specimens remaining submerged for
48 h prior to their start. The shear stage was performed at a
constant velocity of 2.5E-6 m/s.
The results of the variation of the shear strength and
the vertical displacement of the direct shear tests, performed in blocks 1 and 2, are shown respectively in Figs. 9and 10. In these figures it is observed that a reduction occurs in the value of the shear strength right after reaching its
maximum value. However, this reduction occurs more abruptly in sandstone samples from block 2 (Fig. 10), thus
presenting a more brittle behavior. In all tests the shear
strength tends to stabilize at a residual value after reaching
its maximum value. The measures of height variation of the
specimens during the shear stage indicate that all ruptured
with larger volume than the initial one. As the normal stress
of the test is increased, these volumetric variations become
smaller. In the tests performed in block 1 (Fig. 9) it was observed that there are no reductions in the vertical displacement of the specimens after reaching the maximum shear
strength. Vertical displacements tend to stabilize as the horizontal displacement value increases. A different behavior

was observed for the test specimens of block 2 (Fig. 10).
The vertical displacements increase until the rupture, followed by an abrupt reduction in value followed by an increase according as to which horizontal displacement increases. This again shows a more brittle behavior of the
sandstone of block 2. The increase in volume is related to
the rolling of one grain of sand on the other along the shear
plane. It can be observed during tests the sound of grain
breaking.
In Table 4 are the values of the peak and residual
shear strength of each of the tests presented in Figs. 9 and
10. These values are plotted in Fig. 11 depending on the
normal pressure applied during the test. It can be seen in
this figure that the results of the tests performed on each of
the blocks, in parallel and perpendicular condition to the
surface of the terrain, define the same rupture envelope.
This indicates an isotropic behavior regarding the shear
strength. In this way, only one rupture envelope was determined for each of the sandstone blocks and one shear envelope for the residual shear strength. These 3 rupture envelopes are plotted in Fig. 11. The strength parameters
associated with the envelopes and their correlation coefficients (R2) are shown in Table 5.
The rupture envelope obtained for the sandstone of
block 2 shows cohesion of 393.2 kPa and angle of friction
equal to 55.6°. These values are higher than the results
found for block 1, whose cohesion is 240 kPa and angle of
friction is 47.8°. The residual strength values of all the tests,
represented by unfilled symbols, defined a single rupture
envelope with an angle of friction equal to 41.7°.
It is seen in Table 5 that the shear strength parameters
of the sandstone of block 2 are larger and have a better correlation coefficient (R2 = 0.96). This is related to the fact
that the specimens from block 2 have been molded from a
region of the block which has a darker brown coloration.
During field work, it was observed that this region offers a
higher resistance to excavation and therefore is more resistant. The high values of the friction angle must be related to

Table 4 - Results of the direct shear tests performed on blocks 1 and 2 specimens.
Sample and shear direction
Block1 (Parallel)

Block1 (Perpendicular)

Block 2 (Parallel)

Block2 (Perpendicular)

Shear strength
(kPa)

Normal Pressure (kPa)
100

200

300

400

500

600

tpeak

-

478.5

659.5

-

796.5

903.5

tresidual

-

221.3

247.1

-

424.1

540.1

tpeak

-

385.5

592.4

-

676.8

951.2

tresidual

-

87.4

251.8

-

381.6

539.2

tpeak

601.3

712.3

-

1039.3

-

1247.6

tresidual

109.1

192.2

-

405.8

-

526.3

tpeak

447.6

681.2

-

954

-

-

tresidual

109.1

204.6

-

424.6

-

-

tpeak- peak shear strength; tresidual- residual shear strength.
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Figure 9 - Results of the direct shear tests performed on molded specimens of block 1 with a direction perpendicular and parallel to the
ground surface.

Figure 10 - Results of the direct shear tests performed on molded specimens of block 2 with a direction perpendicular and parallel to the
ground surface.
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Figure 11 - Results of the direct shear tests performed in the
flooded condition.

the interlocking between the sediment particles that compose the sandstone. The sandy sediments are the predominant granulometric fraction in the sandstones of blocks 1
and 2. The angular to sub-angular shape with low sphericity
of these sandy particles, identified in the scanning electron
microscopy, allow a good interlocking between them. Barton (1993) found, for a sand of the Grantham Formation
Table 5 - Strength parameters obtained from the direct shear tests.
2

c’ (kPa)

j’

R

1 (peak)

240.0

47.8°

0.89

2 (peak)

393.2

55.6°

0.96

0

41.7°

0.93

Block

1 and 2 (residual)
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(United Kingdom), a friction angle of 58.4°, provided by
the mesh between the grains. Direct shear tests perpendicular to the stratification planes, performed by Ferraz et al.
(1981) in the Bauru Group sandstones, belonging to the
Caiuá Formation, provided values similar to the values of
the sandstones of blocks 1 and 2. The tests performed on
specimens with natural moisture, showed a friction angle of
53° and cohesion of 560 kPa. Fernandes (1981), studying
the landslide in the Botucatu sandstone (Botucatu Formation), in the Serra da Esperança (PR), verified in direct
shear test, a cohesion of 490 kPa and friction angle of 64°.
In the case of studies performed by Fernandes (1981), the
high value of the friction angle is attributed to the low levels
of normal stresses used in the tests, which should decrease
to higher levels of stress. This same justification can also be
applied to the sandstones of blocks 1 and 2 as a second factor related to the high friction angle found. The maximum
normal stress applied in the direct shear tests performed in
the sandstones of blocks 1 and 2 was 600 kPa, which is a
low value, however, representative of the tensions transmitted by building foundations. The values of the friction
angle should decrease with the increase of the normal stress
due to non-linearity of the rupture envelopes.
To verify the hydraulic conductivity of these sandstones, permeability tests were performed using the
TRIFLEX 2 equipment manufactured by Soil Moisture.
Using two specimens of block 1, molded with a diameter
and height of 10 cm, tests were performed in the direction
parallel and perpendicular to the ground surface. For these
tests the specimens were saturated by backpressure. Inside
the test cell the specimen was wrapped in a rubber membrane and subjected to a confining pressure of 230 kPa. For
saturation was applied at its top a pressure of 220 kPa and at
its base a pressure of 200 kPa, remaining under this hydraulic gradient for a period of 48 h. Due to the limited number
of samples, this test could not be performed on the sandstone of block 2.
In the parallel and perpendicular direction, the permeability values were respectively 4.8E-6 and 5.6E-6 m/s.
These values are within the range of variation obtained by
Dobereiner and Freitas (1996) when testing soft sandstones
of Portugal, England, Brazil and Turkey. In their experiments they obtained values of permeability ranging from
1.8E-5 m/s to 8.9E-6 m/s. The results of direct shear tests
and permeability tests indicate that Pleistocene sandstones
exhibit isotropic behavior in relation to their mechanical
and hydraulic properties.
3.3. Unconfined compressive strength test
The equipment used in soil mechanics is inadequate
for the molding of specimens of this sandstone. The weak
sandstone was first sawed in a prismatic shape with a
square base. The refining, leaving the specimens of 4 cm in
diameter and 8 cm in height, was given by a scraping process using a molding lathe. The specimens from block 1
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were allowed to air dry. In this condition, the values of the
degree of saturation varied between 20.4 and 27.2%. In order to verify the influence of the moisture content on the resistance values, the molded specimens of block 2 were
submerged for a period of 3 days. In this procedure the samples were initially submerged in water up to 1/3 of their
height, remaining there for a period of two hours. After this
initial stage the water level was raised to 2/3 of its heights,
remaining in this condition for the same time interval. In
the final stage they remained submerged until completing a
period of 3 days. The purpose of this procedure is to saturate the sample by capillarity. After the period of 3 days, the
values of the degree of saturation varied between 60.7%
and 68.3%. These values were lower than expected. This
fact is probably associated with the presence of hydrophobic organic compounds (Mataix-Solera et al., 2007; Wallach et al., 2005; Dekker et al., 1998). The presence of
organic material in the sandstones of blocks 1 and 2 was
verified in the analysis of scanning electron microscopy
and method of burning.
The unconfined compressive strength tests were performed with a strain rate of 0.1 mm/min, adopting the recommendations established in standard D 2938-71 (ASTM).
For these tests a press was used in the laboratory of soil mechanics. To obtain the values of the normal stress applied at
the top of the specimen during the test a dynamometric ring
was used. To avoid loss of moisture, the specimens were
sealed in plastic film. Due to the difficulties to glue strain

gauges to the surface of the weak rocks (Almisned et al.,
2011; Chen & Hu, 2003), the axial strains were obtained by
using an extensometer placed on top of the compression
cell. The values of the physical indices of the specimens
and the results of the unconfined shear tests are presented in
Tables 6 and 7. The variations of the stress as a function of
the axial deformations are presented in Fig. 12.
Comparing Tables 6 and 7, it can be seen that the
mean values of the unconfined shear strength of the specimens of blocks 1 and 2 are similar. However, the mean
value of the modulus of deformability of the test specimens
of block 1 is 33% greater than the value found for the tests
of block 2. The values of the unconfined compressive
strength tests and the modulus of deformability are shown
in Figs. 13 and 14 as a function of the water moisture content. In Fig. 13 it is observed that the values of the unconfined compressive strength tests of block 1 have a greater
dispersion when compared to the values of block 2. This
same conclusion is also valid for the values of the tangent
deformability modules presented in Fig. 14. However, it is
observed that the results of block 2, presented in Figs. 13
and 14, vary within the range of the results of the tests performed in the sandstone of block 1. The greater dispersion
of the results of block 1 is probably related to the fact that it
is located in a transition region between the sandy sediments and the sandstone (Fig. 5).
In the results of direct shear tests, presented in Table 5, it was also observed a greater dispersion in the results

Table 6 - Results of the unconfined compressive strength tests of Block 1.
gd (kN/m )

w (%)

S (%)

n (%)

sc (MPa)

Etg (MPa)

1B1

17.10

4.08

20.40

34.20

2.06

157.00

2B1

16.70

3.76

17.60

35.90

2.69

265.80

3B1

17.40

4.21

22.30

32.90

1.93

263.40

4B1

16.50

5.31

24.20

36.30

2.58

190.60

5B1

16.80

5.76

27.20

35.50

1.44

74.30

Average value

16.90

4.62

22.34

34.96

2.10

190.22

Specimens

3

gd - specific dry weight; wnat - water moisture content; S - degree of saturation; n - porosity; sc - Unconfined compressive strength; Etg tangent deformability modulus.

Table 7 - Results of the unconfined compressive strength tests of Block 2.
gd (kN/m )

w (%)

S (%)

n (%)

sc (MPa)

Etg (MPa)

1B2

16.90

14.05

68.30

34.60

2.04

116.80

2B2

17.20

12.86

65.40

33.80

2.36

136.60

3B2

16.60

14.20

65.40

35.90

1.66

136.70

4B2

16.60

13.25

60.70

36.30

1.48

115.20

Average value

16.83

13.59

64.95

35.15

1.90

126.33

Specimens

3

gd - specific dry weight; wnat - water moisture content; S - degree of saturation; n - porosity; sc - Unconfined compressive strength; Etg tangent deformability modulus.
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obtained from block 1. However, in the unconfined compressive strength tests a new variable was introduced. The
specimens from block 1 were tested with a lower moisture
content than the specimens from block 2. This difference in
moisture content had a considerable influence on the results
of simple compression tests. Comparing the results of Tables 6 and 7, it can be observed that a reduction in the moisture content causes an increase in the value of the unconfined compressive strength and deformability modulus.
Dobereiner & Dyke (1986) also obtained the same type of
result when testing three types of sandstone with different
moisture contents.

Figure 12 - Stress-strain curve of the unconfined compressive
strength tests performed on the weak sandstone of blocks 1 and 2.

Armaghani et al. (2016) and Kim et al. (2017) present
several correlations between simple compression strength
and some sandstone properties, including the Schmidt hammer rebound number, point load test and wave velocity.
The mechanical and hydraulic properties of the weak
rocks determined in laboratory tests are important because
they represent values of the rock mass (Oliveira, 1993).
Due to the plasticity of the weak rocks, which do not allow
relevant fractures, it is almost always possible to consider
the deformability of the rock mass as approximately equal
to that obtained in laboratory tests (Rocha, 1975). Therefore, for the purpose of classification, the average values of
unconfined shear test results presented in Tables 6 and 7
will be considered as representative parameter of the sandstone rock mass.

Figure 13 - Relation between the unconfined compressive strength tests and water moisture content.

The values of the unconfined compressive strength,
presented in the Tables 6 e 7, varied between 1.5 and
2.7 MPa, with an average value of 2 MPa, and the values of
the modulus of deformability varied between 115 and
266 MPa, with an average value of 162 MPa. These ranges
of unconfined compressive strength values and deformability modulus are compatible with porous rocks, such as
sandstones that have heterogeneous mechanical behavior
evidenced by dispersion in the values of their mechanical
properties (Gama, 1994).
In Fig. 15, some proposals for the classification of
rocks that use the value of unconfined shear strength are
presented. Using the average value of 2 MPa as representative of the sandstones studied here, it is observed that this
rock is classified as a weak rock according to the proposal
of the Geological Society of London (1970) and as very
weak by the ISRM (1978) and Dobereiner (1984).

Figure 14 - Relation between the tangent deformability modulus
and water moisture content of the unconfined compressive strength tests.
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Figure 16 shows the relationship between the modulus of deformability and the resistance to simple compression, obtained by Dobereiner (1984), when investigating 11
different types of weak sandstones. Point 12 indicated in
this figure corresponds to the results obtained for the soft
sandstones of this research, represented by the uniaxial
compressive strength of 2 MPa and tangential deformability modulus of 162 MPa. It can be seen in Fig. 16 that
point 12 shows a good correlation with the results obtained
by Dobereiner (1984).
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4. Use of Sandstone as a Foundation Material
In the region located 300 m from the site of removal
of the two blocks of sandstones, a concrete building with 16
floors was built. The Fig. 17 photo illustrates the excavation for execution of the shallow foundation. It can be observed in this figure that the soil profile is formed by sandy
sediments followed by abrupt transition to weak sandstone.
The structural system of this building has reduced rigidity
due to the distances between the pillars.
The terrain is inserted in the Pleistocene marine terrace, being its geological profile presented in Fig. 18a. The
shallow foundations were designed to be built directly on
the sandstone (depth of 3.8 m), and the value of 100 MPa
was adopted for its tangential deformability modulus. The
pillars were instrumented and the displacement monitored
from the beginning of the construction, for 16 months. The
maximum settlement was of the order of 30 mm. The representative curves of the same settlement value (Fig. 18b) indicate that the building presented a small slope of 1/2250 to
the east. The parallelism of these curves indicates that the

Figure 15 - Proposals for classification of rocks as a function of
unconfined shear strength modified from Dobereiner & Freitas
(1986) (EW, extremely weak; VW, very weak; W, weak; MW,
moderately weak; MS, moderately strong; S, strong; VS, very
strong; ES, extremely strong).

weak sandstone worked as a rigid plate reducing the differential settlement. The performance of the shallow founda-

Figure 16 - Correlation between the tangential deformability
modulus and the unconfined shear strength obtained by Dobereiner, 1984.

Figure 17 - Excavation for the execution of a superficial foundation on the sandstone.

Figure 18 - (a) Geotechnical profile of the ground where a superficial foundation was executed on the sandstone. (b) Curves of the same
displacement (Gusmão Filho, 1998).
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tions built directly on these sandstones has been excellent,
allowing for more economical solutions (Gusmão Filho,
1998).

5. Conclusions
The sandy sediments of the Pleistocene Marine Terrace, located in the Metropolitan Region of the City of
Recife/Brazil, were submitted to diagenetic processes that
resulted in the formation of a layer of sandstone, cemented
by humic acid. Analyzing the boring database, used in the
elaboration of the Geotechnical Chart of the City of Recife,
it was found that these sandstones are located near the
ground surface forming a horizontal slab with thicknesses
ranging from 0.5 to 4.5 m, being present at a depth of 0.3 to
4.5 m. Based on the classifications proposed by ISRM
(1978) and by Dobereiner (1984), these sandstones are
classified as very weak rock with mean values of unconfined compressive strength and modulus of deformability,
respectively, equal to 2 MPa and 162 MPa. The results of
the hydraulic conductivity and direct shear tests conducted
in the direction parallel and perpendicular to the ground
surface indicate that these sandstones present as isotropic
material. This rock formation is present in a large part of the
coastal region of Brazil and its good performance, observed
in a case study, indicates that this material may be suitable
as support to shallow foundations of buildings.
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Maximum Envelope of Lateral Resistance through Dynamic
Increasing Energy Test in Piles
R.M. Valverde, F. Massad
Abstract. The traditional dynamic load test, based on the one-dimensional wave propagation theory consists in applying a
sequence of constant energy blows and making measurements using deformation and acceleration sensors installed on top
of the pile, as a function of time. The traditional method has evolved with the development of a numerical model that
simulates the Static Load Test (SLT) of a pile dynamically tested. Another evolution was the introduction of the Dynamic
Increasing Energy Test (DIET) created and proposed by Aoki (1997). The present study is an initiative to deepen the
increasing energy method focusing on the definition of the maximum lateral resistance envelope, allowing the recovery of
the mobilized resistance along the shaft, lost in blows prior to the maximum applied energy, especially in layers close to the
top of the pile. This procedure is called the Maximum Envelope of Lateral Resistance. Two case studies are presented, in
which static and dynamic tests were performed on the same pile. The application of the Maximum Envelope of Lateral
Resistance, also referred to as Maximum Envelope Method, led to a definition of higher load capacities through the
CAPWAP analysis, with simulated load-displacement curves with good correlations in comparison with the Static Load
Tests (SLT). When performed after several rest periods, the Maximum Envelope Method allows an assessment of the “set
up” development over time.
Keywords: dynamic load test, increasing energy, lateral resistance, load capacity, maximum envelope.

1. Introduction

2. Dynamic Load Test and CAPWAP

The PDA (“Pile Driving Analyzer”) signal of the
hammer blow associated to the highest pile capacity during
the dynamic load test is the one chosen to be analyzed by
CAPWAP (Case Pile Wave Analysis Program). This program provides a simulation of the Static Load Test (SLT)
and allows determining the mobilized shear and toe resistances as if the pile had received only that single blow since
the end of its installation, without considering changes in
soil properties caused by earlier blows of lower energies.
However, at each applied blow, the shear and toe resistances change due to effects on the soil, particularly on those
with high sensitivity. Therefore, to consider only the last
blow as the one in which the maximum capacity occurs is a
practice that generates simplified interpretations regarding
the pile load capacity and the lateral friction along the pile
shaft. The Maximum Envelope Method has the objective of
evaluating the whole Dynamic Increasing Energy Test
(DIET), considering the effects of the blows applied prior
to the one with the maximum mobilization of static resistance. This allows recovering as much information as possible about the load capacity in a Dynamic Increasing
Energy Test (DIET), including: a) a top load-settlement
curve simulated through the mathematical model of Coyle
and Reese (1966); and b) an assessment of the “set up” development over time in sensitive soils.

The dynamic load test consists in applying a sequence
of blows on the pile and measuring values of specific deformation and acceleration over time through force transducers and high sensitivity accelerometers. These instruments
are installed at a minimum distance from the top established by standard. After applying the blows, the recorded
data are sent to the PDA, which calculates the force and velocity curves of the recorded blows. The data acquired in
the field can later be analyzed by CAPWAP, a computer
program whose results include a simulated static analysis
of the load-set curve and the distribution of resistances
along the pile shaft and toe. The wave equation is solved using one variable as input (velocity or force) and computing
the other variable. The results are based on the quality of
the match between the curves of the calculated and the measured variables, called “Match Quality”. CAPWAP allows
calculating tensions and movements by dividing the pile
into segments of known properties (elastic modulus and
mass density). The propagations of the descending and ascending waves (“Wave down” and “Wave Up”) are recorded and their superposition is done according to the
wave equation, in which the ascending and descending
forces are summed and the velocities are equal to their differences divided by the impedance of the pile in each segment. The displacement and velocity of each pile segment
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are the basis for determining the soil resistance. The soil
model, introduced by Smith (1960), consists in an elastoplastic spring and a linear dashpot. The total static load capacity is the sum of the static resistances of the shaft and
pile toe segments.
Figure 1 illustrates the association between the basic
static resistance and the pile shaft displacement. In the loading phase, as a pile segment moves downward, the static resistance increases linearly over a quake distance qs up to the
maximum shaft resistance value Ru, and then it remains
constant until the maximum displacement upx on this element is reached. Next is the unloading phase, with a slope
defined by the “unloading quake” qu up to a negative ultimate resistance level Rnu, which is the minimum limit defined by the product of Ru and an unloading multiplier Un
(Rausche et al., 2010).
For the static pile toe resistance, there is a similar association except for the unloading phase, in which the toe
resistance is zero (Un value is 0). As the pile toe moves
downward, the resistance may eventually remain zero due
to some existing gap (“Resistance toe gap”), represented by
tg and then increases linearly over a quake distance qt
(“loading toe quake”) until it reaches the maximum toe resistance Rut, and remains constant up to a maximum displacement ut (Fig 2). For total toe resistance activation, the
pile toe displacement must be greater than the sum of the
quake qt and the toe gap tg.
This model even allows considering a soil mass embedding on the shaft or pile toe. In order to be able to match
certain signals, it was necessary to include an extension of
the soil model called “Radiation Damping”, necessary in
cases when displacements are small and the soil practically
moves with the pile. An example is a pile partially embedded on hard rock. As the pile exerts compression forces

Figure 2 - Toe static resistance-displacement - CAPWAP soil
model (Pile Dynamics 2006).

against the rock, a wave is generated in the rock and the soil
resistance appears to be a function of the velocity rather
than the displacement (Pile Dynamics, 2006).
The balance of forces and displacements at the top is
computed by ignoring the viscous effects of the soil
(Rausche et al., 1994). The results of the CAPWAP signal
matching process are primarily ultimate resistance values
and quakes (and therefore soil stiffness). Together with the
pile stiffness, CAPWAP produces a simulated static loadset curve. Such procedure yields important limitations that
should be considered:
(i) the simulated static load-set curve represents a load test
that was performed during a fraction of a second; for
that reason, the result cannot include displacements
caused by consolidation of soil layers below or around
the pile;
(ii) the calculated static load-set curve refers to the time of
the dynamic testing and may differ from the Static
Load Test (SLT) curve with longer waiting time; and
(iii) for concrete piles, the elastic modulus used in the calculation of the static load-settlement curve is the same
as that determined by the PDA. Static elastic moduli
are generally lower than the dynamic moduli and the
static analysis options allow for an input of pile modulus reduction factor, as stated in the CAPWAP manual
(Pile Dynamics, 2006).

3. Maximum Envelope Method

Figure 1 - Static shaft resistance-displacement - CAPWAP soil
model (Pile Dynamics 2006).
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The main objective of the Maximum Envelope
Method is to analyze all the blows applied during the Dynamic Increasing Energy Test (DIET). Rausche et al.
(1994) state that the distribution of ultimate shaft resistance
forces of all segments can be directly determined from the
record portion between the time of impact and the time of
the first wave return. This procedure is applied to all blows
of the DIET allowing to calculate the maximum envelope
of the shaft resistance distribution and, additionally, the
maximum toe resistance. These results, together with soil
profile, make it possible to estimate elasto-plastic load
transfer functions for each soil layer, also known as q-z and
t-z functions, as shown in Figs. 1 and 2. In this paper only
the loading phase will be considered.
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The authors applied the Coyle-Reese method to simulate the static load-set curve using these elasto-plastic load
transfer functions, in order to validate the results obtained
through the Maximum Envelope Method. The validation is
accomplished comparing the resulting curve with the Static
Load Test (SLT) curve. In the Coyle-Reese method the pile
is divided into segments with their respective load transfer
functions. Its application initiates from the last element of
the pile assuming that the pile toe has moved a small displacement yt downward. Through the pile toe load transfer
function, the toe resistance Qp is determined. Then, forces
and displacements of upper segments are calculated iteratively up to the top using the lateral load transfer functions
and considering the elastic shortening of the pile together
with the balance of acting forces, in order to obtain one
point of the load-settlement curve. This process is iteratively repeated, assuming different pile toe displacements
yt, to obtain several points of the load-set curve until the
maximum lateral friction (determined by the Maximum
Envelope Method) of all soil segments is reached.
The number of segments in the Coyle-Reese method
should be the same or greater than the number of soil layers
determined by local geotechnical tests, like the Standard
Penetration Test (SPT). Each blow applied during the Dynamic Increasing Energy Test (DIET) indicates different
values of lateral resistance and, therefore, different skin
friction fs and quake qs values. According to Fig. 3, the max-

imum skin friction value fmax of each soil layer is the average
of the greatest fs values calculated through the CAPWAP,
considering all applied blows during the DIET, in accordance with the Maximum Envelope Method, described
above.

4. First Case: Port Terminal - Santos, SP Brazil
4.1. Pile and subsoil profiles
The first case studied refers to a pile (EC1304) of a
terminal port at the Santos Coastal Plain (“Baixada Santista”), Brazil. It was a precast concrete pile, circular, with
an outer diameter of 80 cm, a wall thickness of 15 cm and a
nominal cross-sectional area of 3062.05 cm2. The pile had
a total length of 52.0 m, in which 43.4 m have penetrated in
the soil. These and other characteristics are shown on Table 1.
The pile was driven offshore, on May 29th, 2012, using a 160 kN Junttan HHK hydraulic hammer. During the
initial 20 m, the pile penetrated the soil with an approximately constant rate of 50 cm for every 20 blows applied
and, from this point on, with the same number of blows, the
penetration reduced to 20 cm until reaching the final depth
with 43.4 m of its length.
The soil profile was determined from several field
tests 6 m below sea water level. The subsoil is composed

Figure 3 - Relationship between soil profile, maximum envelope results and Coyle-Reese load transfer functions.
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Table 1 - EC1304 pile profile and PDA data.
Pile name

Diameter

Length

Outside (cm) Inside (cm)
EC1304

80.0

50.0

Wave speed

Dynamic modulus

Total (m)

Below sensors (m)

Embedded (m)

(m/s)

(GPa)

52.0

50.8

43.40

3700

34.2

initially by a 20 m thick very soft organic marine clay, locally known as SFL Clay (Fluvio Lagunar Sediment),
which is generally slightly overconsolidated (OCR~1.1 to
1.5), followed by a medium to compact clayey sand (SPT
ranging from 7 to 33 blows), about 8 m thick. These soils
overlie 4 m of an overconsolidated clay, with OCR greater
than 2.5 due to a great sea level lowering during the last glaciation, known locally as Transitional Clay (AT), with SPT
higher than 5. Finally, at depth greater than 32 m below seabed occur thin to thick layers of compact sand, with SPT of
the order of 10. More detailed information about the origin
and composition of these soils can be found in Massad
(2009).
4.2. Static Load Test (SLT)
The Static Load Test (SLT) was performed on August
7 and 8, 2012, about 70 days after pile installation, using a
set of pumps, hydraulic jack and pressure gauge supported
on a block of concrete and 4 reaction piles. Known as
Mixed Maintained Load, the test consisted of slow applications of load increments during the loading phase and quick
unload during the unloading phase, according to NBR
12131 (2006). The maximum load and displacement in the
Static Load Test (SLT) were 8407 kN and 34 mm, respectively, without indication of failure and the permanent set
was 6 mm, as shown in Fig. 4.

4.4. Maximum envelope of lateral resistance - EC1304
Figure 5 shows the lateral resistance in pile segments
distributed along depth given by the CAPWAP for each applied blow. It is possible to notice that in the first half of the
pile the maximum values of lateral friction are associated
with lower energy blows. In the lower half, such maximum
lateral resistances are reached with higher energy blows.
After each new applied blow, the soil undergoes
changes and loses part of the resistance recovered during
the “set up”. Figure 5 allows to compare the lateral resis(3)
tance of the last blow (120 cm) with the Maximum Envelope, highlighted in dashed line. The envelope of lateral
resistance of EC1304 pile allows some considerations regarding lateral resistance: (i) blows with hammer drops of
20 cm to 80 cm indicate greater static lateral resistances up
to approximately 24 m; (ii) the first 20 m show a gradual reduction of lateral resistance as the hammer drop heights increase, up to a minimum limit of lateral resistance; (iii) the
last blow (120(3) cm), represented with a full black line, is at
the minimum limit of the mobilized lateral resistance in the
upper segments, until approximately 22 m.
Using the dashed line of Fig. 5, i.e., the Maximum Envelope of Lateral Resistance, associated with the highest
mobilized toe resistance (blow 120(3) cm), the total pile capacity was estimated as 10085 kN. Figure 6 shows the
curves simulated by CAPWAP considering as the starting

4.3. Dynamic Increasing Energy Test (DIET) and
CAPWAP
Pile EC1304 was dynamically tested on June 6, 2012,
therefore about 8 days after its installation. Blows with the
following hammer drop heights were applied: 20; 40; 60;
80; 100; 120; 120; 120 and 120 cm. The last applied blow
corresponding to the highest mobilized resistance was used
for the first CAPWAP analysis. Table 2 provides some of
the numerical results obtained from the “best match quality” of CAPWAP analysis.
Figure 4 shows visually an excellent correlation between the curve simulated by the CAPWAP and the curve
obtained from Static Load Test (SLT).

Figure 4 - Simulated CAPWAP and Static Load Test curves blow 120 cm - EC1304.

Table 2 - CAPWAP analysis results - Pile EC1304.
Pile name

EC1304

78

Total capacity

Lateral resistance

Toe resistance

Shaft quake

Toe quake

(kN)

(kN)

(%)

(kN)

(%)

(mm)

(mm)

8044

6206

77

1838

23

2.31

3.32
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Figure 5 - Lateral resistance distribution - EC1304.

point of each applied blow the final point of the precedent
blow, like a cyclic monotonic test. The set of simulated
CAPWAP curves maintain a good visual correlation with
the Static Load Test (SLT). It is possible to notice that there
was no evidence of failure, as emphasized previously.
4.5. Coyle-Reese method using the last applied blow
(120(3) cm)
For the application of the Coyle-Reese method to the
(3)
last blow (120 cm) using CAPWAP results, the part of the
pile embedded in the soil was divided into 5 segments, the
same number of layers identified in the soil profile, as
shown in Table 3. In this table, the shaft quake qs was assumed constant indicating the full activation of lateral resistance throughout the pile length. Furthermore, the toe

Soils and Rocks, São Paulo, 41(1): 75-88, January-April, 2018.

quake was figured out as 3.3 mm with 1838 kN of toe resistance. The static elastic modulus of the pile was figured out
as 27.8 GPa, i.e., 86% of the dynamic modulus (see Table 1), according to Lydon and Balendran (1986) empirical
relation. The last column of Table 3 shows the “elastic” parameter B of each load transfer function. The pile length
above ground was 8.6 m.
The result of Coyle-Reese method is shown in Fig. 7.
The total capacity by the Coyle-Reese method was estimated at 8029 kN with 38 mm of displacement. The loadset curve was adjusted considering the elastic shortening of
the part of the pile above the sea bed in order to simulate the
same conditions of the Static Load Test (SLT), which
added 10 mm in the last point of the curve. The CoyleReese curve of Fig. 7 is close to the curves of the static load
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Figure 7 - Simulated load-set curves vs. Static Load Test EC1304.
Figure 6 - Simulated static curves from CAPWAP vs Static Load
Test - EC1304.

test and the simulated static curve from CAPWAP, at least
up to the 4000 kN load.
4.6. Coyle-Reese method using maximum envelope results
For this new Coyle-Reese application, the mean lateral friction of each soil layer was determined using the
dashed line of Fig. 5 and is shown in Table 4, together with
the values of the mean shaft quakes. The result is presented
in Fig. 8, which reveals excellent correlation between the
Coyle-Reese simulated curve using Maximum Envelope
results and the Static Load Test (SLT). In addition, the total
capacity from the Coyle-Reese curve was 9863 kN with
45 mm of displacement. This total capacity is close to

Figure 8 - Simulated load-set curve vs. Static Load Test - EC
1304.
(3)

Table 3 - Input data for the Coyle-Reese method - last applied blow (120 cm) - EC1304.
Soil Layer

DH (m)

fmax (kPa)

yn (mm)

1

SFL Clay

20

17.7

2.308

7.7

2

Clayey sand

4

60.0

2.308

26.0

3

Transitional clay

8

176.3

2.308

76.4

4

Medium sand

10

41.5

2.308

18.0

5

Compact sand

2

22.7

2.308

9.8

fmax (kPa)

yn (mm)

B = fmax/yn (kPa/mm)

No.

B = fmax/yn (kPa/mm)

Table 4 - Input data for the Coyle-Reese method - Maximum Envelope - EC1304.
Soil layer

DH (m)

1

SFL Clay

20

28.8

1.25

23.1

2

Clayey sand

4

116.4

1.7

68.5

3

Transitional clay

8

208.8

2.46

84.9

4

Medium sand

10

42.3

1.75

24.2

5

Compact sand

2

27.9

0.234

119.3

No.
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10085 kN, estimated in section 4.4, using the Maximum
Envelope of Lateral Resistance.
In order to show the difference of the unit skin friction
values of the SFL Clay layer between the CAPWAP of the
last blow and the Maximum Envelope method, Fig. 9 shows
the average load transfer function calculated with CAPWAP
results of all applied blows during the dynamic load test. The
peak of the curve, with unit skin friction of 28.8 kPa and displacement of 1.25 mm, corresponds to the values of fmax and
yn of Table 4. For displacements above roughly 2.3 mm, the
curve tends to a residual value indicating a condition close to
a remolded soil; this value was used in the Coyle-Reese
method for the last applied blow (120(3) cm).
4.7. Summary of static resistance results - EC1304
Table 5 summarizes the results obtained for the first
case, related to the static resistances. Notice that the toe re-

Figure 9 - Average load transfer function for the SFL Clay from
Max. Envelope Method.

Table 5 - Final results - EC1304.
Test/method

Static resistance (kN)
Shaft

Toe

Total

-

-

8407

Static Load Test (SLT)
(3)

6206

1838*

8044

Maximum envelope

8247

1838*

10085

(3)

6191

1838*

8029

8025

1838*

9863

CAPWAP - 120

Coyle-Reese - 120

Coyle-Reese - maximum envelope

sistance has the same value, determined by CAPWAP ap(3)
plied to the last blow (120 cm). The total static resistances
(3)
from this single blow (CAPWAP 120 ) and from the Static
Load Test (SLT) differ by no more than 8044/8407-1 @ 4%.
Moreover, compared with CAPWAP 120(3) cm, the Maximum Envelope Method allows estimating a lateral resistance increment of 8247 - 6206 = 2041 kN.

5. Second Case: Steel Tube Pile in Port Santos, SP - Brazil
5.1. Pile properties
The second case refers to a test pile for the construction of a pier in the Piaçaguera Chanel, close to Cubatão
City in the Santos Coastal Plain (“Baixada Santista”), Brazil. The tests were performed on a steel tube driven pile,
with external diameter of 91.4 cm and wall thickness equal
2
to 16 mm, resulting in a section steel area of 451.4 cm . The
pile (PC01) was submitted to Static Load Test (SLT) and to
Dynamic Increasing Energy Tests (DIET) and its characteristics are detailed in Table 6.
The pile was installed on February 11, 2015, using a
90 kN Junttan HHK hydraulic hammer. Dynamic load tests
were performed after the end of driving (EOD) and after
several rest periods: 3 h, 6 h, 24 h, 48 h and 216 h (9 days).
The objective was to analyze the “set up” effect of the soil
and to estimate the long term lateral resistance, applying the
Maximum Envelope Method. The Static Load Test was
performed three months after the DIETs, using the Slow
Maintained Load procedure in accordance to NBR 12131
(ABNT 2006).
The subsoil profile is composed initially by a 6 m fill
layer of clayey sand m (SPT~1 to 10), followed by (i) a soft
layer of the SFL Clay (18 m thick and SPT~2 to 4), and (ii)
6 m of fine to coarse sand, with gravel, SPT ranging from
15 to 30. Below about 30 m there is a layer of fine to coarse
clayey sand, 8 m thick (SPT~12 to 30), overlying gneiss.
The SFL Clay layer may be subdivided in two sublayers,
half with SPT @ 2 and half with SPT @ 4.
5.2. Dynamic Increasing Energy Tests (DIET) and
CAPWAP - 216 h
Dynamic Increasing Energy Tests (DIETs) were performed at the end of driving and in all “set up” periods.
Blows with the following hammer drop heights were applied: 20; 40; 60; 80; 100 and 120 cm. The results of the
CAPWAP analysis of the last blow after the 216 h “set up”
time are shown in Table 7 and in Fig. 10.

Table 6 - PC01 pile profile and PDA data.
Pile name

PC01

Diameter

Length

Outside (cm) Inside (cm)

Total (m) Below sensors (m) Embedded (m)

91.4

88.2

40.1
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36.14

33.30

Wave speed
(m/s)

Dynamic modulus
(GPa)

5123

210.9
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This test was performed on 02/20/2015, three months
before the Static Load Test (SLT), which justifies the difference between the maximum displacements shown in
Fig. 10: 28 mm in the Static Load Test (SLT) against
35 mm in the dynamic test.
5.3. Maximum envelope of lateral resistance - 216 h
The Maximum Envelope result for the 216 h “set up”
period is shown in dashed line in Fig. 11, together with the
distribution of lateral resistance in pile segments along
depth for various hammer drop heights. It can be noticed
the same behavior of the first case, i.e., as the applied energy increases, lower values of lateral static resistances are
gradually mobilized in segments of the pile close the top, in
contrast to higher values in segments close the pile toe.
Table 8 summarizes the static resistances and reveals
an increase of 5252/4647 - 1 @ 13% in the lateral resistance
estimated with the Maximum Envelope Method compared
to the single 120 cm CAPWAP analysis. Note that, main-

Figure 10 - Simulated CAPWAP and Static Load Test curves 216 h “set up” - PC01.

taining the same value for the pile toe, this amount drops to
10164/9559 - 1 @ 6% for the total static resistance.
Figure 12 allows comparing the Maximum Envelope
with the lateral resistance distributions obtained by the
CAPWAP on the last blow (120 cm) at the end of driving
and after 216 h rest period. At the end of the driving, a lateral resistance of 1381 kN was estimated by the CAPWAP.
Using the data shown in Table 8, it may be concluded that
the lateral resistance increased 4647/1381 - 1 @ 336% for
the last blow (120 cm) after the 216-h period (9 days) compared to 5252/1381 - 1 @ 380% related to the Maximum Envelope.
5.4. “Set up” evaluation using the Maximum Envelope
of Lateral Resistance - PC01
Dynamic load test results at all “set up” periods, presented in Table 9, indicate lateral and total resistance gains
over time. This is also evident with the Maximum Envelope
results.
The decreasing toe resistance values over time, observed in Table 9, indicate that the pile toe was not fully
mobilized due to the lateral resistances increase along the
pile shaft. Based on these results, Figs. 13 and 14 show
variations of the Q/Q0 ratio for the lateral resistance and for
the total capacity over time. In this relation, Q and Q0 are
lateral resistance (Fig. 13) or load capacity (Fig. 14) after a
certain period of rest and at the end of driving (EOD), respectively.
It is possible to notice that the lateral resistance increases significantly during the first 48 h and, after that, the
increments are smaller and practically linear. An important
factor to consider when evaluating the “set up” is the activation of all skin frictions during the dynamic test. Therefore, it is necessary to evaluate the shaft quake qs of the last
blow (120 cm) for each period of rest. If the result of the
CAPWAP shows that the shaft quake does not remain constant and that from a certain depth it decreases, it may be

Table 7 - CAPWAP Analysis results - PC01-120 cm blow and 216 h “set up” time.
Pile name

PC01

Total capacity

Lateral resistance

Toe resistance

Shaft quake

Toe quake

(kN)

(kN)

(%)

(kN)

(%)

(mm)

(mm)

9559

4647

48

4.912

52

5.73

1.75

Table 8 - Distribution of resistance along the pile - PC01-216 h “set up” time.
Static
resistances

20

40

60

80

100

120

Maximum
envelope

3063

3644

3867

3993

3938

4647

5252

Toe (kN)

753

2390

2528

4085

4530

4912

4912

Total (kN)

3816

6034

6395

8078

8468

9559

10164

Lateral (kN)

82

Hammer drop heights (cm)
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Figure 11 - Lateral resistance distribution - 216 h “set up” time- PC01.

concluded that the applied energy was not enough to activate all lateral resistance. The shaft quake remained constant only within the EOD and the 3 h rest period. On longer
periods, qs decreased on segments near the pile toe. Thus,
the results obtained for the evaluation of the “set up” can be
considered underestimated, mainly in the last segments of
the pile-soil system.
A more detailed and accurate evaluation of the skin
friction gain can be achieved specifically for the SFL Clay,
the predominant soil layer along the pile shaft. According

Soils and Rocks, São Paulo, 41(1): 75-88, January-April, 2018.

to the soil profile described, this layer lies between depths
of -4.0 m and -24.0 m. Another important observation is
that the shaft quake remained constant in all rest periods in
this depth interval, which indicates that there was maximum skin friction mobilization. Figs, 15 and 16 show the
f/f0 ratio over time only of the SFL Clay layer for both the
Maximum Envelope and the blow of 120 cm. The f and f0
values refer to unit skin friction after a certain period of rest
and at the end of driving (EOD), respectively.
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Figure 14 - Results of total “set up” - 120 cm and Maximum Envelope - PC01.

Figure 12 - Lateral resistance distribution -Max. Envelope, EOD
and 216 h - PC01.

Figure 13 - Results of lateral “set up” - 120 cm and Maximum Envelope - PC01.

Based on the results of the Maximum Envelope, it is
possible to determine the parameter “A” of Bullock et al.
(2005), which depends on the soil type, through the linear
regression coefficients obtained in Fig. 15. This analysis
shows that for the whole shaft the parameter “A” is equals
to 0.98 and, for the SFL Clay layer alone, 1.6. This difference is due to the fact that the “A” parameter for the entire
shaft includes “set up” of deep sandy layers, which have
lower “set up” factors. With the same procedure and using
only the 120 cm hammer drop blows, the parameters “A”
are smaller compared to those obtained by the Maximum
Envelope, as shown in Fig. 16. Among other publications,
Bilfinger (2010) obtained the parameter “A” equal to 0.61
for skin friction in the Santos Coastal Plain (“Baixada
Santista”) through dynamic Load Tests.
As an example of total lateral resistance “set up”,
Figs. 15 and 16 show that the f/f0 ratio equals 2 in a rest period of 20 h considering only the blow of 120 cm, whereas
through the Maximum Envelope method this same value
would be reached in approximately 10 h.

Table 9 - Summary of the results- PC01.
No.

120 cm

Maximum envelope

Resistance
Lateral (kN)

Toe (kN)

Total (kN)

EOD

1381

5717

7098

3h

3149

5533

6h

3321

5553

24 h

4159

48 h
216 h
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Quake on
shaft (mm)

Resistance

Quake on
shaft (mm)

Lateral (kN)

Toe (kN)

Total (kN)

5.62

1381

5717

7098

5.62

8682

1.29

3860

5533

9393

3.25

8874

4.03

3908

5553

9461

3.47

5009

9168

3.32

4718

5009

9727

2.66

4265

4939

9204

3.76

4877

4939

9816

3.38

4647

4912

9559

4.22

5252

4912

1016

2.99
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Figure 15 - Parameter A - “Set up” lateral factor - Maximum Envelope - PC01.

The toe quake is equal to 1.76 mm, the mobilized toe
resistance is 4912 kN and the elastic modulus of the pile
material is equal to 207 GPa. Note, in advance, that the
Static Load Test (SLT) was carried out with a pile length of
36.14 m (see Table 6). Regarding Fig. 17 (a), the pile length
was taken as 36.14 + 2.84 @ 39 m, in which 2.84 m is the
distance between the PDA sensors and the soil surface. This
length was used to calculate the pile elastic shortening on
the Coyle-Reese method whose result shows an excellent
correlation with the simulated CAPWAP curve, both associated to the last blow (120 cm) and a “set up” period of
216 h. The comparison between the Coyle-Reese curve
with the Static Load Test (SLT) can be made through
Fig. 17 (b). In this case, the pile length was taken equal to
36.14 m (see Table 6) and the small variation between both
curves occurs mainly due to the “set up” period in which
each test was performed, with a difference of 90 days.
5.6. Coyle-Reese method using the Maximum Envelope
of Lateral Resistance - 216 h
The data of the load transfer functions given by the
Maximum Envelope are shown in Table 11 and the resulting curve of the Coyle-Reese method is shown in Fig. 18.

Figure 16 - Parameter A - “Set up” lateral - 120 cm - PC01.

5.5. Coyle-Reese method using the last blow (120 cm) 216 h
The pile was divided into 8 segments, a number
higher than the subsoil layers, described above. The unit
skin friction values fs along the SFL Clay layer varied along
depth, in agreement with SPT increasing from 2 to 4.
Therefore, this layer was divided into two parts of 10 m
each, as shown in Table 10.

Figure 18 shows remarkable correlation between the
curves simulated by Coyle-Reese method and provided by
the Static Load Test (SLT). The total capacity, estimated at
10164 kN by the Coyle-Reese method is indicated by the
vertical dashed line. This is exactly the same value calculated by the Maximum Envelope for the 216-h rest period.
As the “set up” time increases, the toe mobilized
resistances decrease. Therefore, the simulated curve by
CAPWAP (120 cm and 216 h) incorporated the lowest mobilization of toe resistance, indicated as 4912 kN in Table 8.
In the context of the Maximum Envelope Method, stated
above, a new simulated curve by the Coyle-Reese method
was done and shown in Fig. 19 considering the highest mobilization of toe resistance of 5717 kN (Table 8) with a
quake of 3.1 mm, both values calculated at the end of driving (EOD). The excellent correlation is maintained and,

Table 10 - Input data for the Coyle-Reese Method - 120 cm - PC01.
Soil layer

DH (m)

fmax (kPa)

yn (mm)

B = fmax/yn (kPa/mm)

1

Sand earthwork

1.3

23.5

5.73

4.1

2

Clayey sand

2

26.4

5.73

4.6

3

Organic Clay (SFL)

10

18.3

5.73

3.2

4

Organic Clay (SFL)

10

37.3

5.73

6.5

5

Clayey sand (SFL)

4

52.6

5.10

10.3

6

Coarse sand

2

85.5

3.90

21.9

7

Silty sand

2

147.0

3.00

49.0

8

Sandy silt

2

150.2

2.10

71.5

No.
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ble to obtain a simulation of the load-settlement curve of

Figure 18 - Simulated load set curves vs. Static Load Test - PC01.

the pile top that approaches very well the Static Load Test
(SLT) curve.

6. Conclusions

Figure 17 - Simulated load set curves vs. Static Load Test -PC01.

furthermore, the total capacity increased from 10164 kN to
10969 kN, as indicated by the vertical dashed line.
5.7. Summary of the results on static resistances - PC01
Table 12 summarizes the results obtained for the
second case, related to mobilized static resistances. Based
on these results, it is concluded that lateral resistance estimated by the Maximum Envelope associated with the
Coyle-Reese Method is higher than that given solely by
the CAPWAP of the last blow; the difference is 5252 4647 = 605 kN. Moreover, as shown above, it was possi-

The application of CAPWAP only to the last blow of
a dynamic increasing energy test underestimated the maximum mobilized capacity and the resistance distribution
along the shaft, particularly in soils with high sensitivity, as
was shown in the two studied cases. Initial blows can
change the properties of the soil. This behavior is clearly
seen in the curve of the lateral skin friction vs. displacement
of the SFL Clay layer, shown in the first case study. The
Maximum Envelope of Lateral Resistance made it possible
to recover the lateral skin friction information lost in blows
prior to that with maximum applied energy.
Compared to the load-settlement curve obtained in
the Static Load Test (SLT), a set of simulated CAPWAP
static curves involving all blows in the first case, like a cyclic test, revealed an equal to or better correlation than the

Table 11 - Input data for the Coyle-Reese method - Maximum Envelope - PC01
Soil layer

DH (m)

fmax (kPa)

yn (mm)

B=fmax/yn (kPa/mm)

1

Sand earthwork

2

25.9

5.10

5.1

2

Clayey sand

2

27.3

5.10

5.3

3

Organic Clay (SFL)

10

29.5

2.68

11.0

4

Organic Clay (SFL)

10

42.2

4.65

9.1

5

Clayey sand (SFL)

4

53.4

4.36

12.3

6

Coarse sand

2

105.3

3.07

34.3

7

Silty sand

2

147.0

3.01

48.8

8

Sandy silt

2

150.2

2.09

71.9

No.
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Table 12 - Summary of the results - PC01.
Test / Method

Static Load Test (SLT)
CAPWAP - 120 cm - 216 h

Static resistance (kN)
Lateral

Toe

Total

-

-

9497

4647

4912

9559

Coyle-Reese -120 cm - 216 h

4684

4912

9596

Maximum envelope - 216 h

5252

4912

10164

Coyle-Reese - Maximum envelope - 216 h

5252

4912

10164

Maximum Envelope - EOD Toe Resistance

5252

5717

10969

Coyle-Reese - Maximum envelope - EOD Toe

5252

5717

10969
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List of symbols
A: Bullock’s constant, dependent on soil type
B: Coyle and Reese’s elastic slope
DIET: Dynamic Increasing Energy Test
fmax: Coyle and Reese’s maximum element skin friction
fs: CAPWAP’s element skin friction
Q: Capacity, dependent on time
Qp: Coyle and Reese’s toe resistance
qt: Toe quake
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qtu: Unloading toe quake
qu: Unloading quake
Rlt: Reload level
Rnu: Negative ultimate resistance level
Rst: Toe static resistance
Rut: Maximum pile toe element resistance
SLT: Static Load Test
tg: Resistance Toe Gap
Un: Unloading multiplier
upx: Maximum element displacement
ut: Maximum pile toe displacement
yn: Coyle and Reese’s element displacement
yt: Coyle and Reese’s pile toe displacement
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Importance of the Excavation Level on the Prediction of the
Settlement Pattern from Piled Raft Analyses
R.P. Cunha, H.G. Poulos
Abstract. This article analyses the effect of the excavation level on the settlement results from a standard analysis of a piled
raft system. For that, a published case history that involved a house located in Gothenburg, Sweden by Hansbo (1993) was
examined. This structure was founded over a soft, highly plastic marine clay of varying thickness, where the foundation
was designed by using the concept of “creep piling”, i.e., piles in a state of full load mobilization. The analyses were carried
out with the numerical tools DEFPIG and GARP, by considering a series of simplified assumptions for the load pattern, raft
and pile characteristics and subsoil profile. The soil, pile and load characteristics have been considered, with analyses that
allowed (or not) the effect of the excavation level. The exercise emphasizes the importance of such consideration for the
assessment of the settlement pattern underneath the raft. This contribution concludes that it is not possible to precisely
predict the behavior of piled rafts without a full understanding of its important input parameters, such as the excavation
depth. It should be of considerable interest for those who design / simulate piled foundations and need to predict their
performance in the presence of consolidating soft soils.
Keywords: foundation design, numerical analysis, piled raft, soft clay, soil excavation.

1. Introduction
In the past decade, several papers have been published with emphasis on what are now called as “piledrafts”, i.e., pile groups in which the raft connecting the pile
heads positively contributes to the overall foundation behavior (for example Ottaviani, 1975; Poulos, 1991; Hansbo, 1993; Burland, 1995; Ta & Small, 1996; Clancy &
Randolph, 1996; Mandolini & Viggiani, 1997; Poulos,
1998 and Cunha et al., 2001). The International Society for
Soil Mechanics and Foundation Engineering (ISSMFE)
also focused the activities of one of its Technical Committees (ITC-18) on the study of piled raft foundations. This
Committee gathered valuable information on case histories
and on methods of analysis, having produced comprehensive reports on these activities (O’Neill et al., 1996).
In regard to the design philosophy of piled rafts,
Randolph (1994) has defined the following approaches:
• The “conventional approach”, in which the foundation is
designed essentially as a pile group to carry the major
part of the load, while making some allowance for the
contribution of the raft. This is the conventional approach widely adopted in design;
• The “creep piling approach”, as proposed by Hansbo &
Källström (1983), in which the piles are designed to operate at a working load at which significant creep starts to
occur, typically 70-80% of the ultimate load capacity. In
this case, the pile cap or raft, contributes to the overall capacity;

• The “differential settlement approach”, in which the piles are located strategically in order to reduce the differential settlements, rather than to substantially reduce the
overall average settlement. The pile cap, or raft, also contributes to the overall capacity.
In general, the latter two approaches are more economical than the first one, but they can only be used under
certain conditions, where either local standard allows or
differential settlements are the key design factor. Other papers have expanded upon these ideas, such as those by
Cunha & Sales (1998) and Cunha et al. (2000a, b). Cunha
& Sales (1998) described and discussed a paper describing
and discussing field loading tests carried out in small scale
footings supported by a reduced number of piles. These
tests were performed at the University of Brasília research
site, and have confirmed that this design methodology has a
large potential (although with some restrictions) to be adopted with the collapsible porous clay of the Federal District of Brazil. Cunha et al. (2000b) analyzed a piled raft
case history in the city of Uppsala, Sweden, on a prediction
exercise very close to the one presented herein. They have
suggested an “optimized” parametric procedure for the preliminary design of both piled rafts and standard deep foundations. This optimization has proved that it is possible to
obtain a considerable cost saving in the final design, without detriment to the original factor of safety of the foundation. The suggested procedure has been tested against
another case history in Sweden (Cunha et al., 2000a), al-
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2. Material and Methods: Adopted Case
History

These buildings, defined as “House 1” and “House 2”, were
located just 20 m apart. House 1 was designed in full accordance with the Swedish Building Code, meaning that the
total load of the building was assumed to be carried by the
piles. These piles were designed with a safety factor of 3
against a short-term (undrained) failure. House 2, on the
other hand, was designed with the “creep piling” approach,
as proposed by Hansbo & Källström (1983). In this approach, the piles are loaded to values close to, or equal to
their creep load. They have the main purpose of reducing
the settlement of the overall foundation structure, since the
load of the building is partially counterbalanced by the contact pressure at the soil / raft interface (Hansbo, 1993).
House 2 was chosen to be analyzed herein. This house
was designed to be an apartment house with 4 stories. It had
a plan area of approximately 1000 m2 with total dimensions
of 75 vs. 12 m, as schematically presented in Fig. 1. It was
constructed with four levels and a basement, leading to a total design load of 61.5 MN. The whole building was castin-situ, with basement walls uniformly spread over the base
area. It was also designed to rest on a piled raft with a 0.4 m
thick raft foundation, directly resting on top of the local marine clay, i.e., no clear mention by Hansbo (1993) is made
regarding the fact that the foundation raft was buried or not
in the site although a “basement” unit has been mentioned.
Nevertheless, there are some indications in this original reference that the 4 story apartment houses 1 and 2 were very
similar and both had a “basement”, as clearly described in
the text. Besides, this reference, that indicates the ground
beams for House 1, depicts what appears to be a basement
space below the ground level. Hence, supported by indirect
evidence, it is very probable that the foundation raft was indeed buried in the site, at least to one story level (~ 2.5 to
3 m) – and this is what it was assumed here.
In this piled raft foundation, 104 piles were used.
They consisted of 0.3 m in diameter and 18 m long spliced
timber “underpiles” with 8 m long 0.3 m diameter circular
concrete piles on top. The total length of the composite
piles was 26 m, being driven in place and uniformly spread
over the building. They were placed mainly beneath the
basement walls, as depicted by the filled circles of Fig. 1. It
also shows the instrumentation that was placed prior to the
casting of the raft. Pile load cells, contact pressure cells,

Sweden is the biggest country in the Scandinavian re2
gion, covering an area of 450,000km . The dominant characteristics of the landscape can be attributed to glacial
activity, with the rocky south-west coast along the Baltic
Sea, and the Stockholm archipelago on the south-east coast,
which is most notable for their fjords (as stated in the
Lonely Planet web-page). Gothenburg is the Sweden’s second city, being situated on the country’s west coast in between Copenhagen and Oslo.
In the early 80’s, two quite similar houses, one founded on conventional friction piles and the other on a “creep-piled” raft foundation were constructed in this city.

Figure 1 - House 2 – Gothenburg (modified after Van Impe,
1999).

lowing the perception of the influence (in design) of one of
the relevant variables that affect the behavior of the foundation system, i.e., the number of piles underneath the raft.
This latter paper established the basis of the presented numerical results, although the critical discussion and analyses have been considerably extended herein with information not available at that time. Therefore, the present
exercise conveys a critical discussion on previous analyses
by Cunha et al. (2000a), expanding their scope.
Thus this note explores the design of piled rafts, outlining the influence of the consideration (or not) of the excavation level on the proper assessment of the settlement of
the piled raft system, including the excavation process in a
very simplified manner. This technique is not new, and has
already been adopted before by some authors as Sales et al.
(2010) or Ibañez et al. (2014), among others. Sales et al.
(2010) allowed for the influence of the variation of the
stress level on the piled raft behavior in a rather complex
manner, introducing the excavation sequence (stepwise)
process on the numerical analyses in what has been called
as a “compensated” piled raft analysis. On the other hand,
Ibañez et al. (2014) considered the effect of the excavation
with a more simplified procedure (like the one to be adopted here), simply by correcting the effective original
stresses of the ground to the relief stress/reloading caused
by both the extracted soil during excavation and the concrete raft molding. Both cases are simplified, and do not
lead to perfect simulations of the real phenomena, but they
can considerably improve the settlement pattern predicted
by the numerical simulations. Of course, they cannot be
precise given several other external aspects that are difficult (if not impossible) to input within the analyses, such as
the stiffening and load distribution effects caused by the
subsoil-superstructure interaction, the real rheological behavior of the soil upon unloading and reloading stages, the
concrete placement and curing of the raft, the sequential
(floor by floor) loading stages of the building, geotechnical
variability of the subsoil and variable foundation geometries, concrete creep effects, and temperature effects among
several others.
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bellows-hose (benchmark) settlement gauges, pore pressure gauges, and leveling stations were installed – as indicated in Fig. 1.
It should be pointed out that this case history was proposed by Van Impe (1999) to be one of the examples of an
international exercise on the predicted behavior of piled
rafts, via numerical programs. During this event, the instrumentation data was not made available to the participants,
in order to characterize a “Class A” predictive exercise, although it was already known at that time that the settlement
results of this case history had been previously published
by Hansbo (1993). Indeed, as will be further detailed, some
effort to truly perform a “Class A” prediction was made by
the authors of the present contribution, by analyzing this
case history solely on the basis of the data provided for the
prediction exercise, together with the geotechnical characteristics of the site. Hence, “Class A” analyses are also presented and discussed in the present exercise, allowing it to
highlight the importance of some of the parameters used for

the numerical simulation of piled rafts, in particular the excavation level.

3. Geotechnical Characteristics of the Subsoil
The subsoil at the test site consisted of soft, highly
plastic marine clay of varying thickness. The clay was relatively homogeneous and contained two layers of silty clay,
one at about 12 m and one just below 30 m, as graphically
depicted in Fig. 2. This clay layer extended down to a depth
of 55 m beneath the two houses, and was underlain by rock.
The undrained shear strength (Su) was fairly constant
along the profile, down to 10 m depth, with a mean value of
about 20 kPa. It then increased linearly with depth, at an approximate rate of 2 kPa/m down to around 40 m depth. The
sensitivity was quite constant, being slightly less than 20.
The natural water content varied from 60 to 80%, and the
liquid limit was usually somewhat higher. The plasticity index was typically about 50%, and the bulk density or total
3
unit weight was around 16.5 kN/m . The clay was slightly

Figure 2 - Main geotechnical parameters of the subsoil (modified after Van Impe, 1999).
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overconsolidated, given the fact that standard and CRS
oedometer laboratory tests yielded preconsolidation pressures just above the values of vertical effective stress in the
soil layer.

4. Numerical Tools and Assumptions for
Analysis
The program GARP (Geotechnical Analysis of Raft
with Piles, Poulos & Small, 1998) was adopted to evaluate
the behavior of the rectangular piled raft foundation at
Gothenburg that was subjected to a distributed vertical
loading. It is based on a simplified form of a hybrid program in which the raft is represented as a linear elastic plate
(via finite elements) and the soil can be modeled either as
an elastic layered continuum or as a “Winkler” spring medium. The piles are represented by elastic-plastic springs
that can interact with each other and with the raft. Limiting
values of contact pressure (beneath the raft) and pile capacity can also be specified. By analyzing the raft using the finite element technique, rather than via finite differences, it
is possible to numerically simulate irregular shaped rafts,
which can also be subjected to uniform or concentrated
loads.
As mentioned above, GARP also considers “interaction factors” between the springs that represent the piles.
Such factors are computed via the use of another wellestablished software program DEFPIG (Deformation Analysis of Pile Groups, Poulos, 1990). This latter program determines the deformations and load distribution within a
group of piles subjected to general loading. It was specifically written for piles designed using the “standard approach”, by considering a group of identical elastic piles
having axial and lateral stiffness that are constant with
depth. It also allows for the eventual slippage between the
piles and the surrounding soil. The stress distributions are
computed from the theory of elasticity, more specifically
from Mindlin’s solutions for an isotropic, homogeneous,
linear elastic medium. It can also consider, although in a
simplified manner, the soil non-homogeneity along the
length of the pile (i.e., variation of the soil modulus with
depth).
Both programs were used by adopting several simplified assumptions regarding the pile, raft and soil characteristics. These assumptions were necessary due to the simplified way in which these analyses were done, and also due to
the lack of detailed information on this particular case history, as previously mentioned.
The following assumptions were made:
• Soil Profile: 55 m of soft to medium clay (average
Su » 30 kPa varying from 20 to 60), overlying a rock surface. GARP took into consideration the soil parameters
(Young’s Modulus and Poisson’s ratio) down to this
lower limit of depth, where an extremely rigid (rock) surface was adopted. A constant drained Young’s Modulus
of 8200 kPa (lower limit) and 15000 kPa (upper limit) re-
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spectively were considered in the parametric analyses
with the clay profile, together with a variable drained
modulus (E’s) increasing from 6600 to 11800 kPa). These values are applicable to driven piles in clay, and were
estimated by adopting the correlation between shear
strength and modulus expressed in Poulos and Davis
(1980). A drained Young’s Modulus of 5000 MPa was
adopted for the rock surface. All DEFPIG and GARP
analyses considered an average clay Poisson’s ratio of
0.4. The water level was initially assumed to be at the
ground surface, being lowered to an average level of
1.5 m below ground surface to take into consideration
excavation effects (to be described below). This was
based on possible range of values adopted during excavation and dewatering at this site – the real values are unknown to the authors;
• Pile Characteristics and Location: The elastic modulus
of the pile was considered as constant during GARP
analyses, being obtained via DEFPIG analysis with the
assumed soil profile and Young’s moduli, and with the
given pile characteristics. The 104 composite floating
piles were considered to be vertical (and uniform) with a
constant diameter of 0.3 m, and length of 26 m. They
were also considered to be mainly of timber, with an assumed Young’s Modulus of 18000 MPa and Poisson’s
ratio of 0.2. In all GARP analyses the piles were assumed
to apply a uniform pressure to square elements of similar
area (to the pile section) in the raft;
• Raft Characteristics and Location: The Young’s Modulus of the raft was assumed to be 25000 MPa, its Poisson’s ratio to be 0.2, and its thickness to be 0.4 m. The
base of the raft was assumed to be at the top level of the
piles, with full contact with the underlying soil. An approximate dimension of 75 x 12 m (area » 1000 m2) was
adopted in the analyses, with uniform pressures of 61.5,
35 and 30 kPa (parametric analyses) evenly distributed
around the top surface of the raft – again, to be explained
soon;
• Bearing Capacity of Pile and Raft: The long term bearing
capacity of the piles was estimated and used, since the final, total settlement was desired. The point bearing capacity was calculated via a traditional effective stress
approach. A drained friction angle of 25° was assumed
for the clay. The shaft resistance was calculated via the
“Beta” method for drained soils, using the same angle of
25° and assuming a coefficient of lateral pressure K0 of
0.8 (OCR > 1). These are typical values found in the literature for marine clays (assuming that variations can possibly happen). The total depth of the piles was taken into
consideration for the calculation of the vertical stress
levels, assuming a bulk unit weight of 16.5 kN/m3 for the
soil layer. The group efficiency was estimated via the
Poulos & Davis (1980) equation, which considers the
sum of the ultimate capacities of individual piles and the
ultimate load capacity of the “block” containing piles
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and soil. An efficiency very close to 1.0 was calculated,
and a unit value was therefore assumed. A drained bearing capacity was also calculated for the raft, adopting the
Terzaghi (1943) equation again using a friction angle of
25° for the clay;
Interaction Factors: These were obtained via the DEFPIG analysis, and used within GARP for pile/pile and
pile/raft settlement interactions – given the lack of pile
load tests on the site (none was found or apparently published). These interactions were limited to a horizontal
spacing equal to the total length of the pile, i.e. 26 m and
were assumed to be zero for greater spacings. The
raft/raft and raft/pile interactions were obtained via the
Boussinesq elastic equations, assuming an elastic continuum model and making approximate allowance for soil
layering (E’s variable);
Pile and Raft Discretization: A non-symmetrical mesh
with 940 nodes and 855 elements was assumed for the
raft in the GARP analyses, as depicted in Fig. 3. The
piles were introduced in the nodes (crossings) of this
same figure, following the real disposition depicted in
Fig. 1. In the DEFPIG analysis each pile was divided into
52 elements, each 0.5 m in length;
Initial Numerical Analysis: A drained Young’s Modulus
of 8200 kPa and 15000 kPa was adopted for the clay. A
calculated raft pressure of 61.5 kPa was adopted for the
long term settlement analysis – Cases 1 and 4. These
cases were followed by another analysis with a variable
Young Modulus, keeping the same raft pressure –
Case 6;
Parametric Analysis: Six cases were analyzed according
to Table 1. The soil Young’s Modulus was considered as
constant with depth (8200 and 15000 kPa – cases 1 to 5)
with depth or variable (see table – case 6). The pressure
on top of the raft was considered as 61.5 kPa uniformly
distributed, in accordance to the published total load of
the house (61.5 MN) and raft area of around 997 m2 in accordance to cases 1, 4 and 6. The final net effective pressures of 30 and 35 kPa, adopted in cases 2, 3 and 5, were
calculated by considering the excavation process;

Figure 3 - Discretization of the finite element mesh of the foundation (raft and piles).
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Table 1 - Parametric analyses adopted in this manuscript.
E’s (kPa)

DP raft (kPa)

Raft position

1

8200

61.5

Surface

2

8200

35

Buried

Case

3

8200

30

Buried

4

15000

61.5

Surface

5

15000

30

Buried

6

Variable*

61.5

Surface

*E’s varying from 6600 kPa (top) to 11800 kPa (bottom of layer).

• Excavation sequence: By analyzing the accessed information of the original Hansbo (1993) paper, it appears
that the raft was not cast on the deposit’s surface, but
rather buried on the subsoil. It was then estimated to have
been constructed within an excavation of 2.5 m with the
final water table at 1.5 m below ground surface. A simplified approach (hand calculation) was carried out to
evaluate the net final effective pressure at raft level (as
stated before, around 30 to 35 kPa). This approach
adopted the same qualitative soil behavior as numerically found by Hsi & Small (1992) when simulating a
1-D excavation in a poro-elastic material. It was considered that the raft load was applied immediately after the
soil excavation, i.e., before any pore pressure change
from negative to positive values – which is obviously another simplified assumption.

5. Results and Discussions
5.1. Overall results
The results of the numerical analyses were compared
in terms of the extreme (maximum and minimum) values of
settlement and moment (in both x and y directions). The
load sharing between the piles and the raft was also computed and compared. These results are presented in Table 2,
while Figs. 4 to 6 depict the contours of vertical settlement
respectively obtained for Cases 1, 4 and 2. The discussion
on the results comes in an itemized manner after that.
The contour legend represents the limits (in meters)
for the obtained settlement results. For instance, in Fig. 6
the black (central) region represents the area of the raft with
derived settlements between 4.5 and 5 x 10-2 m, i.e., 4.5 to
5 cm.
The comparison in terms of absolute extreme values
is useful to indicate general behavioral tendencies from the
different input parameters adopted with this particular piled
raft foundation.
Hence, some general observations can be drawn from
the results of Table 2 and from Figs. 4 to 6:
• By increasing the Young’s Modulus of the soil, while
keeping all other variables constant, there is a tendency
for both (max./min.) settlements and moments to de-
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Table 2 - Settlement, moment and load sharing results from all the analyses.
Case

Settlement (cm)

Moments (kNm)

max

min

Mx (max)

1

8.3

3.0

128

2

4.7

1.7

73

3

4.1

1.5

62

4

5.3

1.9

5

2.6

0.9

6

7.4

2.6

Mx (min)

My (max)

My (min)

-237

208

-113

75

25

-133

117

-63

75

25

-114

100

-54

75

25

100

-197

163

-107

66

34

49

-96

80

-52

66

34

129

-243

202

-118

77

23

Figure 4 - Contours of vertical settlement (m) – CASE 1 – surface
raft.

Figure 5 - Contours of vertical settlement (m) – CASE 4 – surface
raft.

crease, as expected. There is also a slight tendency for
the load carried by the raft to increase, reducing the load
carried by the piles;
• For a variable E’s rather than a constant E’s, there is a
tendency for the settlement values to be intermediate between those obtained with a constant E’s. Nevertheless,
similar results for moments and load division were obtained for both Cases 1 and 6;
• By decreasing the distributed pressure on top of the raft,
while keeping all other variables constant, there is a tendency for both (max./min.) settlements and moments to
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Load share (%)
Piles

Raft

Figure 6 - Contours of vertical settlement (m) – CASE 2 – buried
raft.

decrease, again as expected. However, there was no variation in the load sharing between raft and piles;
• It is also noticed that similar contours of total settlement
were obtained in Figs. 4 to 6 for each of the cases analyzed, although the magnitude of the settlements varied
from one case to another. This indicates that all cases
tended to develop similar patterns of settlement, albeit
distinct values of input E’s, raft position (buried or not)
and raft pressure. Indeed, given the homogeneity of the
subsoil, and linearity of loads and responses (structure
and soil’s modulus), such similarities were already anticipated.
In summary, the analyses demonstrated the important
influence of the assumed drained Young’s Modulus of the
clay, and the distributed load, on the predicted values of settlement and moment. The Young’s Modulus has also some
influence on the total load sharing between raft and piles,
but to a lesser extent than the influence on the settlement.
5.2. “Class A” analyses and the assessment of the excavation
It was mentioned before that, despite the fact that this
particular case history has already been published elsewhere (and the final total settlements are supposedly known), some effort has been made to characterize the numerical analyses as truly “Class A” predictions. That means, to
check the predictions against the (unknown during analy-
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sis) measured values. Hence, Cases 1, 4 and 6 (initial numerical analysis with the raft at surface) were analyzed
solely on the basis of the information provided by Van
Impe (1999) in the international exercise, without referring
to the Hansbo (1993) or Hansbo & Källström (1983)
papers.
The predicted settlements, presented in Table 2, varied from about 5 to 8 cm (maximum) and about 2 to 3 cm
(minimum). In fact, as noted before, these settlements were
strongly related to the assumed drained modulus of the
clay, and the other assumptions in terms of raft pressure and
position adopted for the input parameters. By comparing
the predicted results with those from Hansbo (1993), depicted in Fig. 7, it was noticed that they are somewhat different from the measured “real” published settlements,
which ranged from 2.5 (min.) to 4.2 cm (max.). That means,
the experimental values were well below the predicted values at class A prediction from Table 2, indicating that either
the model did not accomplish the nuances of the rheological phenomena or the input elastic parameters were slightly
lower (“softer”) than those from the real subsoil (or something else, as the actual stiffening effect of the basement
beams on the overall displacement pattern).
In order to understand the possible reason for such
discrepancies, the authors carefully reviewed the Hansbo
(1993) paper. This extra exercise revealed that an excavation was probably carried out before the construction of
the piled raft (as suspected by aforementioned comments).
This excavation was not considered in the initial numerical analyses with Cases 1, 4 and 6, given the lack of detailed information about this particular case history.
Indeed, the excavation process prior to the raft placement
may have a large effect on the final settlement results,
since it considerably changes the original stress state (see
for instance Hsi & Small, 1992). According to Sales et al.
(2010), the stress relief and preloading process that takes
place during the excavation and casting of the foundation
raft must be taken into account to properly simulate the

Figure 7 - Measured settlement contours in House 2 (modified after Hansbo, 1993).
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loading pattern, and hence to accurately forecast the
settlements at working load.
In order to account for this effect, at least in a reasonable but simplified manner (as proposed by Ibáñez et al.,
2014), extra parametric analyses were made considering
the excavation. The new assumption resulted in the final net
effective pressures of 30 and 35 kPa below the raft, as
adopted for Cases 2, 3 and 5 in which the raft was considered to be buried. Of course, in these particular cases, it is
readily noticed that they consisted of “Class C” predictions
for this particular exercise (as the authors already knew the
“target” values), rather than “Class A” predictions as done
before.
The new effective pressures were estimated by simple
hand calculations where the effective vertical pressures below the raft were determined with the excavation effect on
the groundwater pressure. That means, immediately after
2.5 m (1D) excavation the positive water pressure (with water table at ground surface) became negative in accordance
to Hsi & Small (1992) advocated technique. Once the raft
load is applied, by casting of the foundation, the water pressure changes again to a positive value. At this stage, it was
assumed that two things took place simultaneously: The
lowering of the water table from ground surface to 1.5 m
below ground (dropped 1 m in height) and full dissipation
of the excess pore pressures (positive excess in the previous
step) to take into account long term effects. The final variation of net effective vertical pressures is simply the difference between initial and final values below the raft. Perhaps
this procedure can be better visualized with the values of
Table 3.
Within the context of the analyses carried out for
Cases 2, 3 and 5, a reduction in the maximum settlement as
high as 50% can be noticed in Table 2. It is also noticed that
a variation on the effective Young’s Modulus was also tried
out from cases 2, 3 to 5, in order to improve even more the
predictions (again, a typical “Class C” analysis since the
measured results were known in advance allowing the optimization of the numerical output). The important point to
note, however, relates to the fact that even by knowing beforehand the results, the present authors were unable to accurately and definitively predict the settlement pattern presented by Hansbo (1993), as depicted in Fig. 7. See, for
instance, the marked differences in the pattern of vertical
settlement from Figs. 6 to 7.
Although Fig. 6 presents settlement values close to
the right magnitude, they were predicted to vary in a concentric “dishing” manner within the raft, which differs from
the measured (real) pattern depicted in Fig. 7. This figure
portrays higher settlements at the left side of the house,
which could be due to some possible factors, as follows: uneven distribution of raft pressures (due to concentrated
loading from existing columns), a variable clay layer profile and/or the stiffening effect of the foundation beams (in
what is called as a “soil-superstructure effect”). Neither
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Table 3 - Variation of pore, effective and total vertical pressures underneath the raft.
Condition
Initial state before excavation
Immediately after 2.5 m excavation with GWT at surface
Application of raft load and molding
After curing. GWT at surface
GWT at 1.5 m below surface and full consolidation
DEffective Net Vertical Pressure =

Pore pressure
(kPa)

Eff. vertical
pressure (kPa)

Total (*) vertical
pressure (kPa)

25

16.25

41.25

-16.25 (**)

16.25

0.0

—

—

61.5

45.25

16.25

61.5

10

51.5

61.5

51.5 – 16.25 = » 35 kPa
3

*Considering a total unit weight of around 16.5 kN/m .
**Considering Hsi & Small (1992) approach.

conditions were considered herein, given the lack of detailed information on these parameters, as well as software
capabilities.
In summary, the main observation of the final series
of analyses is that the problem lacked a great deal of important information, even for a proper “Class C” prediction
(see previous comment related to cases 2, 3 and 5). Besides
of the shortcomings of these analyses, the present exercise
was valuable in showing possible deficiencies in standard
numerical design analyses, and the importance that the excavation effect, among others, has in fine tuning the settlement results. It has shown that the detailed knowledge of
some input variables is essential for the proper numerical
simulation of real engineering projects, and, besides all,
that some extra external influential variables (nowadays
considered as circumstantial aspects of the problem) should
be taken into account in future numerical predictions of
piled rafts.
Indeed, recently in Brazil (at its latest national geotechnical conference of 2016 – XVIII COBRAMSEG)
colleagues from the geotechnical and structural area have
agreed, in a special session of the event (soil-superstructure effects), that future analyses must deal somehow with
this aspect (as done in a simplified manner by Cunha &
Cambar, 2011), either in terms of the building structural
modelling or in terms of the foundation discretization. Unfortunately, the designer is still far from reaching an
agreement on how to do that in practice, and with what
tools (and parameters). As a final piece of information
given in this same conference, some “educated” accounts
given by colleagues on the budgetary aspects of the design
foresee an increase of 0.04% in the final price of the elaboration of the geotechnical design, i.e., this component of
the project would increase from around 0.20% of the total
budget of the building construction to around 0.24%. Is
the price increase worthy of the benefits of a better understanding of the whole superstructure – foundation system
(hence more accurate analyses)? The future will hopefully
provide answer.
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6. Conclusions
The results of the present exercise highlight the fact
that in practice it is extremely important to understand all
input parameters which are required in the design of both
piled rafts and standard (conventional) groups of piles. This
is so regardless of the “accuracy” and capabilities of the numerical program in question.
This contribution has shown that it is not possible to
precisely predict the behavior of piled rafts and group of
piles, in both “Class A and C” analyses, without a full understanding of the problem and knowledge of its important
input parameters, such as the raft geometry and load distribution (magnitude, pattern, variability with time), the excavation depth and sequence, the seasonal variability of the
water level, the soil profile (depth, variability, layering),
and, finally, without a comprehensive laboratory or in situ
testing program. It has also allowed a clear perception of
the possible influence of the lack of information of some of
the above variables in the final numerical assessment of a
published piled raft case history, particularly the excavation process (simulated in a simplified manner) and the
soil-superstructure stiffening influence (not taken into
account).
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Rainfall Effects on Pore Pressure Changes in a Coastal Slope
of the Serra do Mar in Santa Catarina
Discussion by:
K.V. Bicalho, C. Romanel
The writers appreciate the contributions the authors
of “Rainfall Effects on Pore Pressure Changes in a Coastal
Slope of the Serra do Mar in Santa Catarina” made to improving the quality of field observations involving climate/soil interaction, and would like to offer some
comments addressed to the authors.
The authors present a very interesting full-scale study
carried out in a densely instrumented highway slope in the
South of Brazil. The slope had a history of instability movements due to intense rainfall, with debris accumulation on
the highway and traffic interruption. Geotechnical instrumentation including vibrating wire piezometers, electrical
tensiometers, conventional slope inclinometers, and a rain
gauge was installed in the slope.
The authors investigated how rainfall causes changes
in the piezometric pore pressure and soil matric suction in
the monitored slope from May 2012 to March 2013. Laboratory tests classified the top soil as a silty sand. The analysis of the results showed that, during the field monitoring
period, there were no heavy rains (i.e., between 16 and 50
mm/h). Three monitoring periods were identified by the
frequency and intensity of rainfalls, and the authors concluded that “the soil pore pressure monitoring instruments
showed significant variations in the high frequency period
and low intensity rainfall, and little variation in low frequency period and high intensity rainfall”.
The writers would like to include additional comments on the influence of rainfall changes on the soil suction distribution observed in soil slopes. The authors mention that tensiometer measurements showed an increase in
the soil suction “during the period with less rain and a decrease as the rainfall occurs”. It is important to note that the
infiltration capacity varies not only with the soil type and
frequency and intensity of precipitation, but also with the
soil water content condition. If a soil is initially dry, the infiltration capacity is high (Fetter, 1994). In an experimental
embankment in the Northeast of France, rainfall events
caused significant effects on the soil suction distribution in

the initial period of water surplus after a long period of water deficit (Bicalho et al., 2015).
It should also be observed that slope instability is affected by a combination of various factors, including intensity and duration of rainfall, duration of previous rainfall,
soil initial conditions, soil permeability (or hydraulic conductivity), vegetation, slope geometry and geographical location. Among these factors, some are more significant
than others, and it is not straightforward to weight the effect
of any individual factor.
Numerical studies on the effect of soil permeability
on soil suction distribution (Pradel & Raad, 1993, and
Tsaparas et al., 2002) suggest that less permeable soil
slopes may fail after sufficient duration of rainfall, while
failure of slopes with comparatively high permeability may
take place for shorter-duration and greater-intensity rainfalls. The water hydraulic conductivity function and the
water storage function for an unsaturated soil are related to
the soil water retention (or characteristic) curve (SWRC), a
relationship between the amount of water in the soil and the
suction in the pore water. Toll et al. (2012) mention that the
water unsaturated hydraulic conductivity can drop by 4-5
orders of magnitude relative to the saturated permeability,
Ksat, as the soil desaturates. Taibi et al. (2009) present experimental results on two fine-grained soils showing that
the effective hydraulic conductivity has a small value
(» 0.05 Ksat) while the degree of saturation is relatively
high (» 80%). These results are consistent with the measured hydraulic conductivity values reported by Taibi
(1994) and Bicalho (1999) for fine-grained soils. As a result, knowledge of the SWRC is fundamental for application of unsaturated soil mechanics into geotechnical
problems.
These issues indicate that the rainfall events may not
be the only factors to explain the observed variations in soil
suction with time at specified depths in the soil slope. Additional measurements of spatial and temporal changes in soil
suction and corresponding water content (i.e., the field
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SWRC), as well as in-situ measurements of water hydraulic
conductivity functions at predefined locations within the
slope, should be continuously made in order to further understand the soil suction responses to natural climatic variations over long term periods.
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